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2022Abstract
Masonry towers are widespread in many European countries and 
in Italy as well, representing one of the most prominent par ts of 
our cultural and historical legacy. Recently, the seismic perfor-
mance assessment of these structures has become a central to-
pic in structural engineering because of their high seismic vulne-
rability. This is mainly due to their peculiar structural configuration 
and poor mechanical properties which generally characterizes the 
masonry texture. Hence, a huge effor t has already been made to 
assess the seismic response of these historical monuments from 
a structural point of view, generally neglecting the soil compliance 
effect in favour of a perfectly fixed-base condition. However, a 
fixed-base scheme is not always suitable to represent the actual 
in-situ conditions as the foundation deposits can be characterized 
by soft soils sequences that should not allow to use this approxi-
mation. Indeed, the occurrence of a tower resting on deformable 
deposits is not so remote and in addition it is often associated 
to relevant seismic hazard levels of the area. Never theless, a 
soil-structure interaction analysis is just occasionally considered 
because of the huge complexity of the problem, which is highly 
interdisciplinary and involves seismic, structural and geotechni-
cal engineering exper tise. In this context, this thesis has focused 
on investigating the soil-structure interaction influence on the sei-
smic performance of masonry towers. The mechanical response 
of the masonry material has been described through an advanced 
constitutive model which accounts for a plastic-damage beha-
viour. The research framework has mainly covered three aspects 
of the problem. First of all, the role of the soil deposit conditions 
has been studied through the investigation of the soil stratigraphic 
heterogeneity influence. Secondly, the impact of the soil dynamic 
behaviour has been examined following two different modelling 
approaches, i.e a linear visco-elastic and an equivalent-linear 
visco-elastic strategy. Finally, the relationship between the soil-
structure interaction effects and the tower structural slenderness 
has been analysed. The numerical simulations have been carried 
out through non-linear time-history analyses adopting a 3D model 
of the problem. The results of the study suggest that the soil-
structure interaction phenomena can clearly affect the seismic 
performance of ancient masonry towers, modifying the modal 
properties, the seismic demand and the possible collapse modes 
affecting the structure if compared to the fixed-base scheme.
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EXTENDED ABSTRACT (eng) 

 

Masonry towers are widespread in many European countries and in Italy as well, rep-

resenting one of the most prominent parts of our cultural and historical legacy. Re-

cently the seismic performance assessment of these structures has become a central 

topic in structural engineering because of their high seismic vulnerability. This is 

mainly due to their peculiar structural configuration and poor mechanical properties 

which generally characterizes the masonry texture. Hence, a huge effort has already 

been made to assess the seismic response of these historical monuments from a 

structural point of view, generally neglecting the soil compliance effect in favour of a 

perfectly fixed-base condition. However, a fixed-base scheme is not always suitable 

to represent the actual in-situ soil conditions as the foundation deposits can be char-

acterized by soft soils sequences that should not allow to use this approximation. In-

deed, the occurrence of a tower resting on deformable deposits is not so remote and 

in addition it is often associated to relevant seismic hazard levels of the area. Never-

theless, a soil-structure interaction analysis is just occasionally considered because 

of the huge complexity of the problem, which is highly interdisciplinary and involves 

seismic, structural and geotechnical engineering expertise. In this context, this thesis 

has focused on investigating the soil-structure interaction influence on the seismic 

performance of masonry towers. The mechanical response of the masonry material 

has been described through the use of an advanced constitutive model which ac-

counts for a plastic-damage behaviour and is able to catch the main features that 

characterize the dynamic response of a masonry structure. The research framework 

has mainly covered three aspects of the problem. First of all, the role of the soil de-
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posit conditions has been studied throughout the investigation of the soil stratigraphic 

heterogeneity influence. Secondly, the impact of the soil dynamic behaviour has been 

examined following two different modelling approaches, i.e a linear visco-elastic and 

an equivalent-linear visco-elastic strategy. Finally, the relationship between the soil-

structure interaction effects and the tower structural slenderness has been analysed. 

The numerical simulations have been carried out adopting a three-dimensional model 

of the problem and performing non-linear time-history analyses. The results of the 

study suggest that the soil-structure interaction phenomena can clearly affect the 

seismic performance of ancient masonry towers, modifying the modal properties, the 

seismic demand and the possible collapse modes affecting the structure if compared 

to the fixed-base scheme. 

 
key words 

Dynamic soil-structure interaction; masonry towers; seismic vulnerability; finite ele-

ment modelling; nonlinear response 
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EXTENDED ABSTRACT (ita) 

 

Le torri in muratura sono diffuse in molti paesi europei ed in particolare in Italia, rap-

presentando una porzione rilevante del nostro patrimonio storico-culturale. Recente-

mente gli studi di vulnerabilità sismica effettuati su queste strutture sono diventati un 

argomento centrale nell’ambito dell’ingegneria strutturale. Ciò è dovuto principalmente 

alla loro peculiare configurazione strutturale e alle proprietà meccaniche scadenti che 

generalmente ne caratterizzano la tessitura muraria. Per questi motivi è stato già pro-

fuso un grande sforzo atto a valutare la risposta sismica di antiche torri murarie da un 

punto di vista prettamente strutturale, trascurando però l'influenza della deformabilità 

del deposito fondale ed approssimando ad un incastro perfetto la condizione di vinco-

lo imposta alla base del modello. Tuttavia, uno schema a base fissa non sempre rap-

presenta in maniera realistica le effettive condizioni riscontrabili in-situ, dal momento 

che i depositi fondali possono essere caratterizzati da sequenze stratigrafiche di terre-

ni soffici che non consentono tale approssimazione. Peraltro, la possibilità di imbat-

tersi in una torre edificata su depositi più o meno deformabili non è così remota ed 

inoltre è spesso associata a rilevanti livelli di pericolosità sismica della zona. Ciono-

nostante, l'analisi di interazione terreno-struttura è solo occasionalmente effettuata a 

causa della grande complessità del problema che è altamente interdisciplinare e coin-

volge competenze di ingegneria sismica, strutturale e geotecnica. In questo contesto, 

il lavoro di tesi si è quindi focalizzato sugli effetti che i fenomeni di interazione terreno-

struttura determinano sulla risposta sismica di torri in muratura. Il comportamento 

meccanico della muratura è stato descritto mediante l’utilizzo di un modello costituti-

vo avanzato che prevede plasticità e danno ed è in grado di cogliere le caratteristiche 
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salienti della risposta dinamica di una struttura muraria. La ricerca ha riguardato prin-

cipalmente tre aspetti del problema di interazione. In primo luogo, è stato analizzato 

l’effetto indotto dalle diverse condizioni di sito definendo diversi profili stratigrafici ca-

ratterizzati da un differente grado di eterogeneità. In secondo luogo, l'influenza deter-

minata dalla modellazione del comportamento dinamico del terreno è stata esaminata 

utilizzando due diversi approcci: una modellazione visco-elastica lineare ed una visco-

elastica equivalente. Infine, è stata analizzata la relazione che intercorre tra gli effetti di 

interazione terreno-struttura e la snellezza strutturale delle torri. Le simulazioni nume-

riche sono state condotte adottando una modellazione tri-dimensionale del problema 

ed effettuando analisi di tipo time-history non-lineare. I risultati dello studio suggeri-

scono che i fenomeni di interazione dinamica terreno-struttura possono sicuramente 

influenzare la risposta sismica delle torri in muratura, modificandone le proprietà mo-

dali, la domanda sismica ed i possibili meccanismi di collasso rispetto ad una sche-

matizzazione a base fissa. 

 
key words 

Interazione dinamica terreno-struttura; torri in muratura; vulnerabilità sismica; model-

lazione agli elementi finiti; comportamento non-lineare. 
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CHAPTER 1: INTRODUCTION 

 

 

Masonry towers are very widespread in many European countries and represent one 

of the most prominent parts of our cultural and historical legacy. Just focusing on the 

Italian country, masonry towers are the actual symbol of some of the most popular 

Italian cities, like Pisa and Bologna. Indeed, the “Pisa Tower” or “Torre degli Asinelli” 

and “Torre della Garisenda” (Fig. 1.1a,b) receive every year thousands of people 

coming from all over the world. 

 

 

Fig. 1. 1 – a) The Pisa Tower and b) the Bologna Towers: Torre degli Asinelli and Torre della Garis-

enda. 
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The most emblematic town represented by its towers is San Gimignano, located be-

tween Siena and Florence in Italy, that it is also known as “the city of a hundred tow-

ers”, even if in the Middle Ages counted 72 and now only 14 of them still remain (Fig. 

1.2). 

 

 

Fig. 1. 2 – San Gimignano towers (Italy). 

 

These are only some of the most striking examples, but masonry towers are almost 

present in every Italian city centre, as stand-alone clock or bell towers or incorporated 

in churches or medieval castles. Their geometric characteristics change a lot from 

case to case, while the material used for the construction usually depends on the raw 

material availability in the specific area. 

Tab. 1.1 reports a summary of the major Italian towers, provided by de Silva et al. 

(2015a). The towers are collected according to some of their main features (height 

(H), base width (B), slenderness (H/B), material), together with the subsoil and seis-

mic hazard conditions. The towers are divided into three different slenderness clas-

ses: squat (H/B<3), slender (3<H/B<6) and very slender (H/B>6). Indeed, the 

heights are very variable and cover a wide range, from 8 m (Cala d’Arena, Saline, Ca-

po Falcone Towers) to even more than 100 m (Torazzo Bell Tower); the base widths 

are less variable and usually measure around 10 m. The masonry units are made of 

different types of bricks or stones depending on the site location. 
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Tab. 1. 1 – Summary of the of the main Italian tower collected according to their slenderness ratio, as 

reported in de Silva et al. (2015a). 
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The subsoil nature can be as well very heterogeneous and characterised by stiff de-

posits, as calcarenite and limestone, but also by soft soils like clay or alluvial sand 

lithological sequences. 

Finally, the peak ground acceleration (PGA) at the rigid outcropping rock, correspond-

ing to a return period of 475 years, is also reported. It appears that most of these 

towers fall in areas potentially subjected to earthquakes with PGA higher than 0.10 g 

and, hence, are exposed to relevant seismic hazard.  

Moreover, most of the times the static stress state induced by gravitational loads is 

often already close to the limit resistance of the masonry material. In addition, soil de-

formability might also cause problems related to rotation at the base or due to uncon-

trolled settlements during the construction and following stages that can lead to lean-

ing instability of the structure (Burland & Viggiani 1994; Lancellotta 2013).  

For all these reasons, ancient masonry towers present a high seismic vulnerability 

and exposure that, if combined also with the hazardous location, make these type of 

structure extremely sensitive to seismic risk, as demonstrated by recent earthquakes 

that have hit Central Italy (Figs. 1.3-1.4). 

 

 

Fig. 1. 3 – Collapse of the Finale Email Clock Tower (Italy) after the May 2012 Emilia Romagna earth-

quake sequence. 
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Fig. 1. 4 – Collapse of the Sant’Agostino Bell Tower of Amatrice (Italy) after the 2016-2017 Central Ita-

ly earthquake sequence. 

 

Thus, it is not surprising that the seismic performance assessment of masonry tow-

ers has recently become a central topic in structural engineering. A huge effort has al-

ready been done to study the problem from a structural point of view, investigating, 

for example, the influence given by their geometrical features together with the pres-

ence of irregularities, such as inclination or relevant openings, the masonry mechani-

cal behaviour role, the in-situ constraints related to the connection with other building 

complexes or also the role of the vertical seismic component.  

Nevertheless, the effect of the soil compliance is still just occasionally considered in 

favour of a perfectly fixed-base condition, despite it is well known that soil deformabil-

ity can cause significant deviations from a fixed-base dynamic behaviour. 

In this context, this thesis is aimed at investigating the effects of soil-structure inter-

action phenomena on the seismic performance of masonry towers, analysing the 

structural response both in the elastic and non-linear fields.  
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The whole study is performed exploiting the finite element (FE) code Abaqus (2014), 

a commercial software used in various civil engineering problems among which 

structural and geotechnical applications. 

The thesis is organized as follows: 

1)  At first, a literature review is conducted; an overview on the dynamic soil-

structure interaction is presented and then the main outcomes of masonry 

towers seismic vulnerability assessments are shown, separating the fixed-

base studies from the ones that consider soil deformability. 

2)  A brief introduction about the masonry mechanical behaviour is discussed, 

highlighting the main features of this material. Afterwards, the constitutive 

model herein adopted to simulate the masonry behaviour, i.e. the Concrete 

Damaged Plasticity (CDP) model (Lee & Fenves 1998; Lubliner et al. 1989), 

is described. The CDP model is a constitutive model available in the Abaqus 

material library and already used in numerous masonry applications. 

3)  Then, the selected case study taken from the literature is described and the 

dynamic fully coupled soil-tower analyses are discussed, starting from a pre-

liminary validation of the dynamic boundary conditions adopted for the soil 

medium, moving to the analyses carried out adopting linear elastic relation-

ships and finally describing the simulations accounting for the soil and struc-

tural non-linear response. 

4)  In the end, a parametric study conducted considering different tower slender-

ness is presented, highlighting the mutual relationship between the structure 

and the soil.  
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CHAPTER 2: STATE OF THE ART 

 

 

2.1 Introduction 

The thesis deals with the dynamic soil-structure interaction of masonry towers, an in-

terdisciplinary problem involving seismic, structural and geotechnical engineering ex-

pertise. Hence, the present chapter starts with an overview of the problem, highlight-

ing the main aspects that characterise the mutual interaction between a generic struc-

ture and the surrounding soil. Then, the core of the chapter is dedicated to the litera-

ture review related to the seismic vulnerability assessment of ancient masonry tow-

ers. 

 

2.2 Dynamic soil-structure interaction 

During an earthquake, the soil deformations induced by the propagation of seismic 

waves cause the motion of the foundation and consequently of the structure, where 

inertial forces arise. The distribution of these forces, in turn, produce a translational 

and rotational motion of the foundation itself, which differs from that of the soil de-

posit under free-field conditions. The foundation motion induces further deformations 

in the soil, generating other waves propagating from the foundation towards the soil 

bedrock, resulting in an energy dispersion at the soil-foundation interface. In response 

to the motion of the soil beneath the foundation, the structure undergoes further dy-

namic displacements, which once again generate inertial forces, and so on. 

This phenomenon, that represents the result of the mutual interaction between the 

structure itself, the supporting foundation and the surrounding soil, is commonly 
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known as dynamic soil-structure interaction (SSI) (Jennings & Bielak 1973; Veletsos 

& Meek 1974; Veletsos & Nair 1975; Wolf 1985; Gazetas & Mylonakis 1998; Kim & 

Stewart 2003). 

Two mechanisms rule the physics of the phenomenon: 

a)  the inertial interaction, linked to the generation of inertia forces due to the os-

cillations of the structure, which gives rise to not negligible changes in the 

characteristics of the stresses transferred to the base; consequently, the 

foundation motion is deviated from that of the ground in free-field conditions; 

b)  the kinematic interaction, due to the presence of the foundation, typically 

much stiffer than the surrounding soil; this causes the alteration of the foun-

dation motion from that of the ground in free-field conditions because of two 

different aspects: i) the so called “base slab averaging” that is the result of 

spatial variation in the free-field ground motion over the foundation footprint 

due to the wave inclination and incoherency during the propagation process 

(Veletsos & Prasad, 1988) and ii) the type of foundation and its depth. 

From an energetic point of view, the energy introduced in the system by the seismic 

event firstly affects the soil deposit and then reaches the foundation level, where part 

of the energy is reflected or refracted. At the same time, a portion of the energy is 

transmitted to the structure in elevation, generating its oscillation and possibly activat-

ing its structural damping. When the seismic waves reach the building roof, they are 

completely reflected and a new propagation starts downward. As the seismic waves 

come to the soil-foundation interface, they are partly reflected, continuing to get 

trapped in the structure, and partly refracted, returning in the soil deposit. Here, part of 

the vibration energy is dissipated by radiation and hysteretic damping depending on 

the deformation level induced by the earthquake. 

If the structure is founded on a rigid subsoil (for example calcarenite or limestone), 

the base structural displacements are inhibited; in this case, the system is character-

ised by a fixed-base scheme. When the subsoil is deformable, the base of the struc-

ture can undergo both translation and rotation, resulting in the so called flexible-base 

scheme.  
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It is obvious that if the same signal is applied to a fixed-base or a flexible-base struc-

ture, the structural response will be affected only by the structural damping in the first 

case, while in the second case the response is controlled also by the radiation damp-

ing and soil hysteretic damping, whose effects do not always mitigate the seismic re-

sponse (Mylonakis & Gazetas 2000). As a result, an accurate representation of the 

dynamic SSI phenomena can play a crucial role in the seismic response of the struc-

ture. 

 

2.2.1 Methods for the dynamic soil-structure interaction analysis 

The dynamic SSI is a very complex topic that requires a careful representation of the 

structural and soil response, in order to adequately catch the overall behaviour of the 

system. Generally, two different approaches are used to face the problem: 

a)  the direct method that consists in a fully coupled analysis of the whole soil-

structure system; 

b)  the substructure method, consisting in decoupling the problem to separately 

analyse the full system into its three constitutive parts (soil, foundation and 

structure in elevation). 

The most rigorous approach is the direct method, which enables to study the problem 

in a single calculation, considering at the same time the kinematic and inertial phe-

nomena. This procedure usually needs the support of a numerical calculation code 

(for example based on the finite element or discrete element method), capable of di-

rectly evaluating the response of the system by solving the equations of motion un-

derlying the problem:  

       * + = −  gM u K u M u       (2.1) 

where  M  and 
*  K represent the matrices of the masses and complex stiffnesses 

of the whole soil-structure system, while  gu  is the vector of the accelerations ap-

plied to the base of the geometric model (Fig. 2.1). 
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Fig. 2. 1 – Sketch of the direct approach. 

 

In this approach an adequate soil portion close to the structure is modelled until the 

artificial boundaries, since it is impossible to represent an infinite space (soil) with fi-

nite elements with a limited dimension. Hence, particular emphasis must be spent to 

the choice of the dimensions of the calculation grid and to the dynamic boundary 

conditions of the soil domain, in order to avoid any wave reflection in the region of in-

terest, which would represent a potential source of error in the analysis. One of the 

possible solutions to overcome this issue might be to place viscous dampers on the 

outer contours of the model to adsorb the incoming wave energy. 

The direct approach enables to study very complex problems with a high degree of 

accuracy, considering for example three-dimensional geometries, possible interaction 

with adjacent structures, non-linear soil behaviour adopting more or less advanced 

constitutive hypotheses depending on the needs or the variability of the physical-

mechanical properties of the soil at different depths (Casciati & Borja 2004; Torabi & 

Rayhani 2014; Amorosi et al. 2017; di Lernia et al. 2019). 



  11 

The major drawbacks of the method consist in the huge computational effort still re-

quired to perform the analysis and in the great amount of variables that can influence 

the model response, which imply a strong user expertise. 

For these reasons, a common strategy adopted is to downgrade and simplify the 

problem at its constitutive parts by using the substructure method. In this case, soil, 

foundation and structure are separately analysed and the kinematic and inertial inter-

action effects are investigated one by one and subsequently combined to provide the 

full system response. Therefore, the problem is solved by superimposing the effects, 

implicitly assuming the linearity of the behaviour of both soil and structure. 

A complete flowchart of the process is illustrated in Fig. 2.2 (Mylonakis et al. 2006) 

 

 

Fig. 2. 2 – Substructure approach flowchart (Mylonakis et al. 2006). 

 

Three different phases can be recognized: 
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a)  Evaluation of the seismic foundation motion usually known as foundation in-

put motion (FIM) ( ( )ka t in Fig. 2.2b), i.e. the motion of the foundation, setting 

the foundation mass to its actual value and the one of the superstructure 

equal to zero (in contrast with the direct approach depicted in Fig. 2.2a). The 

FIM motion is generally less intense than the one recorded under free-field 

conditions and it is dependent on the stiffness and geometry of the founda-

tion, since it is strictly related to the kinematic interaction. 

b)  Determination of the dynamic impedance functions, which are directly asso-

ciated with each degree of freedom of the foundation. They describe the inter-

action relationship between the foundation and the soil by considering the ge-

ometry and stiffness of the foundation, the stratigraphy of the soil deposit and 

the mechanical properties of the soil itself. 

c)  Dynamic analysis of the structure in elevation standing on a flexible support 

that simulates the SSI by means of springs and dashpots considering the FIM 

determined in the previous phase (Fig. 2.2c). 

Numerous authors have proposed analytical solutions for the separate evaluation of 

the effects of both kinematic interaction (Elsabee & Morray 1977; Day 1978; Kim & 

Stewart 2003) and inertial interaction (Veletsos & Verbic 1973; Veletsos & Meek 

1974; Wolf 1985; Mylonakis et al. 2006, Maravas et al. 2014). Anyway, despite the 

fact that the substructure method allows a quick evaluation of the SSI effects, it has 

some limitations related to the hypotheses on which it is based. It is directly linked to 

the superposition principle which relies on the elastic theory, thus allowing to adopt 

only linear elastic relationships; furthermore, it is not suitable. for three-dimensional 

problems applications. 

The present work focuses on the seismic assessment of ancient masonry towers in-

teracting with deformable soil deposits. The dynamic SSI effects on the towers have 

been investigated through the direct method performed adopting three-dimensional 

coupled analyses and simulating the nonlinear response of both masonry material 

and soil deposit with appropriate constitutive models. 
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2.2.2 Effects of the inertial interaction 

 

2.2.2.1 Inertial effects on SDOF structure 

The dynamic response of a single degree of freedom (SDOF) structure resting on an 

elastic and homogeneous half-space, excited by three types of signals (harmonic, 

impulsive and seismic), has been firstly studied by Veletsos & Meek (1974). In their 

formulations, Veletsos & Meek (1974) assumed that the foundation is infinitely rigid 

and weightless. 

The response of the soil-foundation-structure system is found to be influenced by the 

geometric characteristics of the foundation and the structure and by the physical-

mechanical properties of the soil. They also defined non-dimensional parameters 

through which it is possible to evaluate the effects of the inertial interaction: 

•  the relative soil-structure stiffness ratio defined as: 

0

 = SV
f h

        (2.2) 

•  the slenderness ratio defined as: 

=
hh
r

         (2.3) 

•  the relative structure to soil mass ratio defined as: 

2


=m
m
r h

        (2.4) 

where SV  is the shear wave velocity of the soil deposit, 0f  is the frequency of the 

superstructure under a fixed-base condition (FB), h  is the distance from the base of 

the centroid of the structure, r  is the equivalent radius of the foundation, m  is the 

mass of the superstructure and   is the soil density.  

For most of the conventional structures, the relative soil-structure stiffness ratio   is 

greater than 2, while the mass ratio  m  ranges in the interval 0.1-0.2 (di Lernia 

2014). 
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The inertial interaction effects mainly imply a reduction in the oscillation frequency of 

the soil-structure system compared to that of the FB structure and a variation of the 

damping factor that modifies the structural response in terms of peak amplitude.  

The motion amplitude of the structure is influenced by two opposite mechanisms re-

lated to the soil deformability. Indeed, its increase produces a build-up in the dissipa-

tive capacity of the whole system if compared to the FB one because of the radial 

damping action; on the other hand, the consequent greater rotation of the foundation 

determines an increase in the acceleration of the structure and hence an increase in 

the forces of inertia associated with it. 

Therefore, for squat structures, in which the rotational component of the motion is 

very small, an increase in the effective damping and a consequent reduction in the 

amplitude of the motion will be observed; conversely, for slender structures, dominat-

ed by the rotational vibration mode, the geometric damping rate will be small enough 

to induce an increase of the motion of the system (Veletsos & Meek 1974). 

Furthermore, the response of the system is strongly influenced by the relationship be-

tween the predominant frequency of the signal and the frequency of the system. In 

fact, when these are close to each other, the response of the structure may undergo 

to resonance phenomena. 

The dynamic response of a generic structure resting on a deformable deposit can be 

studied with reference to an equivalent oscillator, resting on a rigid support, charac-

terised by the modified dynamic properties, i.e. the oscillation frequency ef  and the 

damping ratio e : 

2
0

1

1


=

+ +

e

x

f
f k kh

k k

        (2.5) 

( )

( ) ( )

3 4 2

0 3 2
0 0 0

2
2



  

    
 

      

  − 
= + +     + +     

me x
e

x x x

f r
f ia h ia

 (2.6) 

where k  is the stiffness of the FB structure, =x x xk K  and   =k K  are the dy-

namic stiffnesses of the foundation-soil system in the two horizontal directions. The 
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dynamic impedance coefficients  j  can be evaluated with an iterative procedure on 

the equivalent frequency ef , according to the formulation proposed by Veletsos & 

Verbic (1973). 

In the expression (2.6), the first part represents the damping of the FB structure, pro-

portional to the cube of the ratio 0ef f , which denotes that the effective damping of 

the equivalent system is not just a sum of the two dissipative contributions (structural 

and radial), but it also depends on the reduction of the natural frequency ef . For 

structures with a slenderness ratio greater than 2, the contribution of the imaginary 

part can be neglected. Therefore, the damping of the equivalent system can be evalu-

ated as follows: 

( )
3 4 2

0 3 2 2 2
0

2
2





    
 

  

 −   
= + +    
    

me x
e

x

f r
f h

    (2.7) 

Basically, the problem of the inertial interaction consists in solving the equation of 

motion of a simple oscillator on a FB condition, characterized by the oscillation fre-

quency ef  and damping factor e , subjected to the horizontal motion ( )FIMu t : 

( ) ( ) ( ) ( )+ + = −e e FIMmu t c u t k u t mu t       (2.8) 

which turns into: 

2( ) 2 ( ) ( ) ( )  + + = −e e e FIMu t u t u t u t       (2.9) 

where: 

2= = e
e e

kf
m

          (2.10) 

and 

2


 = e e
e

e

c
k

         (2.11) 

The 0ef f and the e  variation as a function of the stiffness ratio   is shown in Fig. 

2.3 for three values of the slenderness ratio h  and assuming the mass ratio  m  

equal to 0.16 (di Lernia 2014). The frequency ratio 0ef f  decreases as the parame-
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ter   reduces, while the equivalent damping increases for structures with low slen-

derness ratio. This can easily be traced back to what was previously said: for squat 

structures, in which the translational mode is predominant, a greater dissipation of 

energy by radiation is observed, resulting in an increased overall damping; on the oth-

er hand, for slender structures a lower geometrical dissipation is involved, leading to a 

less damped response even if compared to the damping of the FB structure. 

The FB condition occurs for high values of  , any time that the structure rests on 

very stiff subsoil ( →SV ) or when the structure is really flexible ( 0 01 0= →f T ). 

Indeed, for   20 the soil-structure behaviour of the system becomes close to that 

of the FB structure ( 0 ef f 1 and 0 e ). 
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Fig. 2. 3 – Variation of the frequency ratio 0ef f , the radiation damping r  and the equivalent damp-

ing e  as a function of the relative soil-structure stiffness   for SDOF structure with rigid circular 

foundation on an elastic half-space, according to the solution of Veletsos & Meek (1974) ( =0.33, 

0 =2%, m =0.16), as reported in di Lernia (2014). 

 

Veletsos & Nair (1975) included the soil damping in the analytical formulation for the 

determination of the dynamic characteristics of the equivalent simple oscillator, 

through the dynamic impedance coefficients proposed by Veletsos & Verbic (1973). 

The contribution provided by the soil damping   appears to be almost negligible for 

squat structures, while it plays an important role in reducing the response of slender 

structures, as depicted in Fig. 2.4 showing the variation of   in the case of elastic 

half-space and visco-elastic half-space (di Lernia 2014); in addition, the more the 
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structure is rigid with respect to the subsoil deposit, the greater the SSI effects are 

significant. 

 

 

Fig. 2. 4 Radiation damping r  variation as a function of the relative soil-structure stiffness   for 

SDOF structure with rigid circular foundation on elastic and visco-elastic half-space (soil hysteresis 

behaviour according to Veletsos & Verbic (1973)) for two slenderness ratio h r  according to the so-

lution of Veletsos & Nair (1975) ( =0.33, m =0.16), as reported in di Lernia (2014). 

 

2.2.2.2 Inertial effects on masonry towers 

Based on the results of parametric analyses carried out on representative cases of 

Italian monumental towers, de Silva et al. (2014a) generated diagrams that allow for a 

preliminary evaluation of the period and damping variation of the flexible base tower 

compared to the FB one. The analyses were carried out for three masonry towers 

having height equal to 68, 29 and 9 m, which result in a squat, slender and very slen-

der case, respectively; moreover, four different homogenous soil deposits were con-

sidered having shear waves velocity SV  constant with depth and equal to 100, 200, 

400 and 800 m/s. 

The diagrams obtained are reported in Fig. 2.5 in terms of the ratio between the period 

of the SSI system and that of the FB system, 0/eT T , and damping factor e . 
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Fig. 2. 5 – Results of the parametric analyses as function of the relative soil-structure stiffness  , ex-

pressed in terms of 0/eT T  ratio (dashed lines) and equivalent damping factor e  (solid lines) for a) 

very slender (68 m), b) slender (29 m) and c) squat tower (9 m) (modified from de Silva et al. 2014a). 

 

For the three considered structural heights, the period of the deformable base system 

eT  always increases with respect to 0T  (dashed lines in Fig. 2.5); moreover, the in-

teraction in the first two cases, i.e. 68 m and 29 m, reduces the overall damping e  

with respect to the FB value, while it increases significantly for the smallest tower. 

The effects are more significant the smaller the foundation radius is, if compared to 

the height, and tend to decrease as   increases, which is indicative of the increase 

in soil stiffness. 

Fig. 2.6 shows the trends for eT  and damping e  as a function of the shear wave ve-

locity SV . It emerges that the towers are affected by SSI phenomena for different 

shear wave velocity thresholds: the very slender tower (Fig. 2.6a) moves away from 

the FB condition only for rather deformable soils ( SV <400m/s), the slender tower 

(Fig. 2.6b) for rather stiff soils ( SV <600m/s) and the squat tower (Fig. 2.6c) even for 

rigid soils ( SV 800m/s). These values represent common values of stiffness close 

to the top surface of shallow foundation soil deposits, proving that SSI can influence a 

wide range of real masonry towers. 
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Fig. 2. 6 – Equivalent period eT  and damping factor e  of the deformable base structure as a function 

of the shear wave velocity SV  for a) very slender (68 m), b) slender (29 m) and c) squat tower (9 m) 

(modified from de Silva et al. 2014a). 

 

In de Silva et al. (2014b), similar parametric analyses considering the fixed-base and 

small ( 0G ) and large ( degG ) deformations mobilized in the soil, show that the value of 

the slenderness ratio h r  where the damping trend changes is equal to 1.6 

( h =9m), representing the critical value for which the structure goes from slender to 

squat (Fig. 2.7). 

 

 

Fig. 2. 7 – Equivalent period eT  (solid line) and damping factor e  (dashed line) variation as a function 

of the slenderness of the tower as reported in de Silva et al. (2014b). 
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Sica et al. (2013) investigated the effect induced by different modelling of springs, 

simulating the compliance of the soil deposit, on the SSI system period as the stiff-

ness of the deposit varies (Fig. 2.8).  

 

 

Fig. 2. 8 - Variation of the 0/eT T  as a function of SV  considering different springs implementation as 

reported in Sica et al. (2013). 

 

Indeed, the translational spring seems to have a negligible effect on the equivalent pe-

riod of the structure even for low shear wave velocity ( SV =300m/s) due to the high 

deformability of the structure itself. On the contrary, a significant effect is observed 

when the rotational springs are considered, with an increase in the period between 

5% and about 70% depending on SV . 

 

2.3 The seismic response of masonry towers  

In this section an overview of the studies available in the literature on the seismic re-

sponse of ancient masonry towers is provided. After highlighting some of the main 

factors that control the seismic behaviour of the towers, the section presents two dis-

tinguished parts. In the first one, the works carried out considering the classical fixed-

base scheme are shown; the case studies that accounts for soil compliance are dis-

cussed in the second part. 
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2.3.1 Factors controlling the seismic behaviour of masonry towers 

Italy is world-wide known for its cultural heritage and historical monuments. Conse-

quently, the topic of their preservation and conservation is of paramount importance 

and is even more relevant considering the intrinsic vulnerability of these historic sites, 

often coupled to severe seismic hazard conditions.  

In this context, Italy is one of the few countries that is provided with its own guide-

lines for the vulnerability analysis and seismic risk mitigation of the historic built herit-

age, i.e. the DPCM released on the 9
th

 of February 2011 (DPCM 2011). The document 

contains also a section titled "Towers, bell towers and other structures with predomi-

nant vertical extension” (Section 5.4.4 of the document), which immediately gives 

some important indications about the main features characterising the dynamic re-

sponse of this type of structures. 

Indeed, it is stated that the seismic behaviour of masonry towers is dependent on 

some specific factors: 

•  the slenderness of the structure; 

•  the degree of connection of the walls; 

•  the possible presence of lower adjacent structures, capable of providing a 

horizontal constraint and limiting the effective structural tower slenderness; 

•  the presence at the top of slender architectural elements (spiers, merlons, 

etc.) or bell cells; 

•  any other geometrical irregularities given by inclination, relevant openings or 

vaults which generate additional thrusts; 

•  the presence of pre-existing damage, due for example to vibrations induced 

by bells or problems at the foundation level. 

Slenderness can vary in a wide range: in fact, there are very squat towers like Renais-

sance defence bastions or very slender clock and bell towers. 

The wall connection is a key requirement to ensure that the tower behaves like a 

monolithic body with a stiffness associated to the entire wall section, often formed by 

multi-leaf walls and internal heterogeneous infill, and not just to distinct walls. 
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Very frequent is the case of towers placed in contact with other structures of lower 

height, like the bell towers incorporated or placed next to churches or defence towers 

incorporated into the walls of medieval castles. The presence of horizontal restraints 

at different heights can deeply change the behaviour of the tower, limiting its effective 

slenderness and creating localized stiffen areas that can produce possible stress con-

centration. 

Another critical element is represented by the belfry area in bell towers. It is usually 

characterised by large openings that produce slender and lightly loaded pillars sub-

jected to shear failure and to out of plane collapse, due to the modest vertical load as-

sociated only with their own weight.  

Finally, it should be remembered that the masonry material characteristics and aging 

frequently constitute another major player for the capacity of the structure to with-

stand earthquake motions, due to the low resistance which is often close to the in-

duced gravitational stress state. 

All these aspects contribute to outline some of the key points controlling the seismic 

response of a masonry tower, as highlighted in the following sections. 

 

2.3.2 The seismic response of masonry towers: fixed-base conditions 

In the previous section, it was pointed out that there are several aspects taking part to 

the global dynamic behaviour of a tower, which could manifest a peculiar response 

depending on the specific analysed case, also resulting in different collapse mecha-

nisms. 

It is known that the probability of occurrence of one mechanism rather than another is 

basically dependent on the specific geometrical and mechanical properties of the in-

vestigated case study. In agreement with the experience gained with the failures ob-

served in the post-earthquake surveys or from advanced numerical simulations, ac-

cording to Sarhosis et al. (2018) a preliminary assumption can be made based on the 

most probable one. Among all the possible mechanisms, five types have been select-

ed by the authors (Fig. 2.9): 

1.  rocking with vertical splitting into two parts 
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2.  monolithic rocking 

3.  Heyman’s diagonal cracking and rocking (Heyman 1992) 

4.  a combination of Heyman’s mechanism with vertical splitting 

5.  base shear sliding. 

 

 

Fig. 2. 9 – Different mechanisms considered by Sarhosis et al (2018): Mechanism #1 - rocking with 

vertical splitting; Mechanism #2 - monolithic rocking; Mechanism #3 - Heyman’s diagonal cracking 

and rocking; Mechanism #4 - mixed Heyman’s mechanism with vertical splitting; Mechanism #5 - 

base shear sliding (modified from Sarhosis et al. 2018). 

 

A huge number of kinematic-simplified limit analyses on idealized tower were carried 

using a Monte Carlo approach and considering three different mechanical properties 

for masonry (Fig. 2.10): 

a)  Case 1 is characterized by a fairly good cohesion, an almost vanishing tensile 

strength, which well approximates the no tension material hypothesis done 

both by the Italian Guidelines D.P.C.M. (2011) and by Heyman (1992), and a 

reasonable friction angle, very close to that assumed by the Italian Code 

NTC2008. 

b)  Case 2 presents both low cohesion and tensile strength, with small friction 

angle which favours a sliding failure mechanism, at least for low slenderness. 

c)  Case 3 is finally characterized by very good cohesion, small but non-zero ten-

sile strength and reasonable friction angle. 
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Fig. 2. 10 – Collapse acceleration ag/g variation with the tower slenderness H/B obtained through Mon-

te Carlo simulations (5 mln points) - a) Case 1 b) Case 2 c) Case 3 (modified from Sarhosis et al. 

2018); the colours correspond to the 5 different mechanisms as reported in Fig. 2.9. 

 

As can be observed in Fig. 2.10, the Monte Carlo results cumulate on well-defined ar-

eas of influence with different colours (each one refers to the colour of the mecha-

nism defined by the legend in Fig. 2.9), clearly indicating that different failure mecha-

nisms are active for different ranges of slenderness. 

A first general interesting remark can be done about the blue colour rocking failure 

mechanism (#2) that is active only for large values of slenderness for each analysed 

scenario. 

Looking at Case 1, the failure mechanisms with highest occurrence are “Heyman-

type” collapses (#3), vertical splitting into two portions (#1) or a combination of 

them (#4). Such outcome appears fully in agreement with post-earthquake surveys 

(Fig. 2.11). 
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Fig. 2. 11 – a) Vertical splitting collapse for the “Clock Tower” located in Finale Emilia; b) “Heyman 

type” mechanism for the “San Felice sul Panaro Tower” located near Modena. 

 

Mechanism#4 constitutes the smooth passage between vertical splitting and inclined 

rocking, in the case of smaller slenderness, probably because of the pure shear fail-

ure of the upper left portion of the tower. Monolithic rocking at the base is possible 

(blue failure mechanism), but not probable and occurs only for very slender towers. 

For Case 2 all failure mechanisms are possible, with a strong reduction of the area 

where the inclined rocking (#3) is active, in favour of monolithic rocking (#2). Also, 

vertical splitting is possible with higher probability and associated to collapse acceler-

ations lower than those obtained with Mechanism #2. The relatively small friction an-

gle allows, in this case, a sliding failure (red mechanism #5) which obviously occurs 

for towers exhibiting small slenderness. Case 3 is intermediate and, indeed, four of 

the five possible mechanisms are active. Mechanism #2 increases its probability of 

occurrence, as shown by the extension of the blue scattered area.  

At least qualitatively, this last case seems the closest to the Italian code predictions 

as will be later discussed, with a larger range of slenderness where rocking failure is 

possible. 
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Despite these charts provide a versatile and effective way to evaluate collapse accel-

eration, this simplified approach may lead to unreliable prediction of the failure mode 

when geometric irregularities and vaults play an important role in the tower confor-

mation (Milani 2019).  

Indeed, the inclination, section area dimension, the presence of openings and any 

kind of geometrical and material irregularities generate modifications in the seismic 

response of masonry structures. Valente & Milani (2018) investigated this topic 

through a comprehensive study on eight real Italian towers by means of non-linear 

dynamic analyses (NLDA), establishing some general trends of the seismic behaviour 

of the towers as a function of their main typological features. 

A preliminary eigenfrequency analysis highlighted some important considerations: 

•  the largest participating mass ratios in the two orthogonal directions always 

correspond to the first two flexural modes, while the third mode is predomi-

nantly torsional except for towers which present large openings at the top; 

•  the values of the first two periods are very similar for the majority of the tow-

ers due to the nearly square cross section, except for towers affected by ir-

regular cross section or large openings at the bottom; 

•  the third mode period is much smaller than the first two modes. 

Moreover, looking at the typical code response spectra, some other comments can 

be made: 

•  for towers with low slenderness, the periods of the first two modes fall within 

the constant branch of the response spectrum, providing the maximum value 

of the spectral acceleration; 

•  for slender and tall towers, the local higher modes with significant participat-

ing mass ratio (in particular, bell towers show local modes involving mainly 

the upper part where large openings are present) correspond to the maximum 

value of the spectral acceleration. 

The results of the performed NLDA are reported in Fig. 2.12 and Fig. 2.13 as a func-

tion of the inclination and opening area percentage, respectively. 
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Looking at Fig. 2.12, it is evident that a marked inclination value (about 3°) is the 

most important parameter influencing the seismic performance of high towers (Tower 

VI and Tower III are about 50m high), since they exhibit the maximum normalized top 

displacement along both the x and y horizontal directions. On the other hand, its effect 

seems to be less important when the height and the slenderness of the tower signifi-

cantly decreases, as in the case of Tower I, which is only 21m high with a slender-

ness ratio smaller than 3 and a large thickness of the walls at the base. The im-

portance of the inclination factor is also confirmed by the comparative study by Fer-

rante et al. (2019), carried out on an inclined ideal vertical model. 

 

 

Fig. 2. 12– a) Values of the maximum normalized top displacement (top displacement/height) obtained 

by the non-linear dynamic analyses (PGA=0.1g) as a function of the inclination of the towers, as re-

ported in Valente & Milani (2018). 

 

The presence of openings, instead, increases the normalized top displacements and 

decreases the normalized base shear (Fig. 2.13), even if a clear trend may not be de-

duced from the diagrams, especially for the base shear. Nevertheless, the presence of 

openings plays a crucial role at the local level, representing a region where damage 

generally concentrates (base and upper part). 
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Fig. 2. 13– a) Values of the maximum normalized top displacement (top displacement/height) and of 

the normalized base shear (base shear/weight) derived from the non-linear dynamic analyses 

(PGA=0.2g) as a function of the openings area of the towers, as reported in Valente & Milani (2018). 

 

In addition to the horizontal components of the ground motion, the seismic perfor-

mance of masonry slender tall towers is very sensitive to the vertical component of 

the ground motion. Studies conducted by Casolo (1998, 2001) investigated signifi-

cant ground motion parameters for the evaluation of the seismic performance of slen-

der masonry towers. It was found that a strong vertical ground motion component 

can induce a marked increase in the response of the model. This effect depended 

markedly on the characteristics of the ground motions in combination with the tower 

height.  

The effect of the vertical acceleration component has been also investigated for other 

type of slender masonry structures, such as chimneys and minarets. Breccolotti & 

Materazzi (2016) stated that the collapse of masonry chimneys during earthquakes 
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can be generally ascribed to the loss of equilibrium produced by the overturning mo-

ments, not sufficiently balanced by the stabilizing vertical load provided by the chim-

ney’s self-weight, significantly reduced by the effect of the vertical ground motion. 

Similar results have been described for masonry minarets, as shown by Bayraktar et 

al. (2018) using linear and non-linear analysis. In their work, the authors pointed out 

that the vertical component has a significant effect on the structural vertical displace-

ment pattern rather than on the horizontal one, which clearly increase in magnitude in 

the case of non-linear behaviour (Figs. 2.14-2.15). 

 

 

Fig. 2. 14 – Variations of linear horizontal and vertical displacements along the minaret height, as re-

ported in Bayraktar et al. (2018). 

 

 

Fig. 2. 15 – Variations of non-linear horizontal and vertical displacements along the minaret height, as 

reported in Bayraktar et al. (2018). 
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As previously stated, another relevant aspect is played by the restraint action due to 

adjacent buildings. This eventuality has been studied by Bartoli et al. (2006, 2013), 

evaluating the seismic reliability of the “Torre Grossa” located in San Gimignano (Ita-

ly). The assessment was performed throughout a dynamic characterization of an 

elastic FE model, where the in situ dynamic tests allowed to estimate the restraint de-

gree offered by the neighbour building. In D’Ambrisi et al. (2012), the structural identi-

fication allowed the evaluation of the masonry Young modulus and the constraint ef-

fect given by the adjacent constructions to a historical masonry tower, while, in 

Pieraccini et al. (2014), the numerical model of the Mangia’s tower in Siena (Italy) 

was equipped by linear springs at the lower level to reproduce the effects of the 

neighbouring buildings. 

If the aforementioned works refer to dynamic identification in the elastic field, which is 

a strong limitation when studying the behaviour of masonry structures, in Bartoli et al. 

(2016, 2019) several FE pushover analyses were performed to evaluate the tower 

seismic performance comparing isolated and confined models, also considering dif-

ferent degrees of constraint. The results showed strong differences between isolated 

and confined schemes. The pushover curves in Fig. 2.16 depict a remarkable change 

in the displacement capacity and in the peak strength offered by the structure. The 

isolated tower (IT0) is characterized by a more ductile behaviour at the cost of a more 

limited ultimate resistance. Inversely, the confinement influence is really evident and 

shows a stiffening effect that leads to more consistent lateral strengths at the cost of 

a loss in ductility capacity as the restraint level increases (passing from CT1 to CT2 

model). 
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Fig. 2. 16 – Comparison between capacity curves in X direction for the isolated (IT0), confined (CT1) 

and more confined (CT2) models, as reported in Bartoli et al. (2016). 

 

Other interesting insights can be deduced form the damage pattern reported in Fig. 

2.17, highlighting different distribution contours for the analysed scenarios. With re-

spect to the corresponding isolated tower case (Fig. 2.17a), the confined models (Fig. 

2.17b,c) show that the damage is mainly concentrated along the perimeter of the 

tower, at the top of the fornices, with a damage distribution that is predominantly hor-

izontal and more intense ( D 1) in those elements in contact with the elastic blocks 

modelling the interaction with the surrounding buildings, especially when the highest 

restraint level is considered (CT2). 
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Fig. 2. 17 – Comparison between the damage patterns derived for a) the isolated (IT0), b) the confined 

(CT1) and c) the more confined (CT2) towers (modified from Bartoli et al. 2016). 

 

Similar findings are given by Castellazzi et al. (2018), where the tower of the “San Fe-

lice sul Panaro” fortress is analysed by means of both pushover and NLDA. It is 

demonstrated that the actual crack pattern of the structure, hit by the devastating 

seismic sequence occurred in May 2012 in the Northern part of the Emilia region (the 

so-called ‘‘Emilia earthquake’’), is generally more in agreement with the numerical 

output suggested by the non-isolated structure rather than the free-standing one. 

Another crucial aspect is that even the type of numerical analysis can lead to different 

failure modes predictions. In this context, discrete element methods (DEM) have re-

cently shown a good prediction capability (Clementi et al. 2020; Poiani et al. 2018) in 

reproducing the local damage pattern in comparison with finite element methods 

(FEM), generally showing a more widespread trend along the structure body.  

Furthermore, pushover analysis usually provides a flexural collapse mode (Acito et al., 

2014) and often a too conservative seismic vulnerability (Minghini et al., 2014) with 

respect to NLDA. The main causes at the base of such different behaviour are two-
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fold: firstly, an accelerogram is applied during the NLDA model and, secondly, the un-

loading phase is not active in a pushover static simulation (Milani, 2019).  

According to Shehu (2021), the most accurate approach for mimicking seismic loads 

in a pushover analysis is by gradually imposing incremental accelerations, thus elimi-

nating fixed patterns of loads, which constrain the damage distributions; moreover, if 

a force-based approach is implemented, the role of the material is less relevant when 

compared with other features of the structure. 

However, as discussed, it has been shown that masonry tower seismic assessment 

usually requires a deep degree of knowledge of the structure, that most of the time is 

possible only if an extensive (and expensive) survey campaign is executed. Moreover, 

the adoption of non-linear modelling needs a huge computational effort and a strong 

expertise that is not always easy to be sustained in professional practice.  

To overcome this drawback, a simplified approach, consisting in a qualitative analysis 

performed through simplified mechanical models, is proposed by the Italian Guide-

lines (IG) for built heritage (DPCM 2011), known as LV1. This is a method conceived 

for a territorial scale level assessment and it is aimed at providing a comparative rank-

ing risk of homogeneous typology of buildings, eventually postponing more advanced 

analyses to subsequent in-depth investigations. The whole procedure is based on a 

limited number of geometrical and mechanical parameters (or qualitative visual tests) 

and, in the case of a masonry tower, enables to schematize the structure as a cantile-

ver beam subjected to a system of static horizontal forces.  

According to the IG, the collapse can occur according to a combined compressive 

and bending stress mode (rocking-flexural mode), indiscriminately associated with all 

the towers regardless of their slenderness, typology of walls and construction tech-

nique. This is a very burdensome assumption, since it has been previously highlight-

ed that masonry towers reveal completely different collapse modes depending on 

many aspects. As a reference, the charts proposed by Sharhosis et al. (2018) report-

ed in Fig. 2.10 show that only the Case 3 seems to be the closest to the Italian code 

predictions, with a larger range of slenderness ratio where rocking failure is possible. 
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Anyway, the value of the method lies in its relatively simple application, providing a 

preliminary vulnerability assessment and not an absolute risk assessment or seismic 

safety evaluation. 

Paying attention to these issues, the method divides the structure in n sectors by hor-

izontal cuts. Each sector has uniform geometric, inertial and material properties. At 

the base section of each sector, the acting bending moment (seismic demand) and 

the resisting one (seismic capacity) are evaluated. The comparison of these two val-

ues allows to estimate the seismic safety of the structure. According to the Italian 

Code, the resisting bending moment uiM  in the i-th section is given by: 
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where 0 i  is the average compressive stress due to the gravity loads, df  is the de-

sign compressive strength of the masonry, iA , ib  and ia , are the area of the cross 

section and the dimensions of the parallel and perpendicular sides of the section 

(without openings) with respect to the analysed seismic direction.  

The acting bending moment is simply evaluated by assuming a linear distribution of 

horizontal loads along the height of the tower. The force iF  to be applied at the centre 

of mass of the i-th sector is given by: 
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where iW  denotes the weight of the sector, iz  is the height of its centre of mass with 

respect to the foundations and 1( )dS T  is the ordinate of the design response spec-

trum, function of the main period 1T  of the tower in the considered load direction. 

This value is calculated dividing the ordinate of the elastic response spectrum by the 

behaviour factor q ; the IG suggests a value equal to 3.6 in the case of regular struc-

tures in elevation or reduced to 2.8 in presence of sharp changes in stiffness along 

the height or of adjacent structures. The symbol W represents the whole structural 

weight, while g  denotes the gravity acceleration.  
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Once the value of the seismic force in each sector has been calculated, it is possible 

to evaluate the seismic resultant acting at the base section of the i-th sector: 
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The acting bending moment siM  is then: 
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where hiz  is the height of application of hiF  and 
*
iz  is the height of the i-th section 

with respect to the base of the tower. 

Moreover, the IG introduce two synthetic indexes that quantify the safety level of the 

structure. The first is the seismic safety index ,s SLVI , i.e. the ratio between the return 

period SLVT  of the earthquake which gets the tower to reach the ultimate limit state 

and the expected return period ,R SLVT =475 years of the design earthquake of the site: 
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The second index is the acceleration factor ,a SLVf . It is calculated as the ratio between 

the peak ground acceleration of the earthquake which gets the tower to the ultimate 

limit state SLVa  and the peak ground acceleration of the design earthquake ,g SLVa , 

both referred to a rigid soil of type A: 
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Several literature studies have consequently tried to investigate the effectiveness of 

this approach, carrying out advanced non-linear analysis aiming to determine the col-

lapse critical acceleration and comparing the results obtained with the guidelines 

(Casolo et al., 2013a; Acito et al. 2014; Valente & Milani 2016; Bartoli et al. 2017, 

2019). From all these studies it can be stated that generally the IG simplified approach 

provides reasonable synthetic predictions of the tower vulnerability.  

For example, a graph reporting the predicted collapse accelerations derived with IG 

and pushover analyses (NLSP), in a study carried out on 8 Italian towers having dif-

ferent geometric features, is shown in Fig. 2.18 (Valente & Milani, 2016). 

 

 

Fig. 2. 18 – Values of the collapse acceleration found by Italian Guidelines procedure (IGP) and non-

linear static procedure (NLSP) for the different analysed towers, as reported in Valente & Milani 

(2016). 

 

The accelerations obtained through pushover analyses are reasonably in agreement 

with those obtained by the simplified sectional approach, with a slight conservative 

tendency of the simplified approach.  

However, in general, the simplified approach is unable to give precise information on 

the active failure mechanisms and the areas undergoing severe damages due to its in-

trinsic limitations. Therefore, it seems that more advanced sophisticated analyses are 

necessary to correctly understand the seismic structural behaviour of the towers. 
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So far, the analysed case studies have highlighted the main aspects characterising 

the masonry towers seismic vulnerability under a fixed-base scheme. The following 

section will present some insights derived from the available works that have mod-

elled the presence of a soil deposit, highlighting the soil-structure interaction effects 

on the dynamic response of the towers. 

 

2.3.3 The seismic response of masonry towers: soil compliance conditions 

In the previous section it has been discussed how the dynamic behaviour of masonry 

towers is the result of several aspects characterising the structure, such as its geo-

metrical features, the material mechanical response and many others. Among these 

aspects, a relevant role can be played by the lithological sequence of the subsoil 

foundation on which the tower is founded, that can significantly change the overall 

tower response subjected to earthquakes, due to the occurrence of SSI phenomena 

with respect to a FB scheme (Section 2.2). 

Indeed, also the IG for built heritage (DPCM 2011) point out that a critical amplifica-

tion phenomenon can affect the upper part of the tower due to the mutual interaction 

occurring between the seismic signal, soil deposit, foundation and structure in eleva-

tion; this can lead to the severe damages observed after post-earthquake surveys, 

especially in the belfry area.  

For example, a soil amplification effect has been recognized for the “Sant’Agostino 

Bell Tower” located in Amatrice (Italy), hit by the long seismic shock sequence dated 

2016-2017 (Gazzini et al. 2018), and for the “Mirandola Bell Tower” located in Miran-

dola (Italy) (Fioravante et al. 2013) as reported in Fig. 2.19 and Fig. 2.20, respective-

ly. 
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Fig. 2. 19 – Damage of bell tower of the Mirandola cathedral (a) east view, (b) west view and (c) south 

view, as reported in Fioravante et al. (2013). 

 

 

Fig. 2. 20 – Collapse of the Sant’Agostino Bell Tower in Amatrice due to soil amplification effects. 
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Despite these evidences, the soil compliance is still just occasionally considered even 

if the occurrence of a tower standing on a deformable soil is not so remote (de Silva 

et al. 2015a). 

The reason why SSI is generally still neglected probably stands in the huge complexi-

ty of the model that such analysis requires. Nevertheless, the soil deformability can 

significantly modify the dynamic behaviour of a building (Section 2.2). Even if in 

some cases the SSI might be neglected, like for the “Torre Grossa Tower” in San 

Gimignano (Madiai et al. 2017), the dynamic identification has demonstrated that the 

hypothesis of a compliant base is often necessary in order to reproduce the tower vi-

bration modes and measured frequencies, such as for the “Ghirlandina Tower” in 

Modena (Cosentini et al. 2015), the “Pisa Tower” (Fiorentino et al. 2017), the “Car-

mine Bell Tower” in Napoli (de Silva et al. 2018), the “Giotto Bell Tower” in Florence 

(Lacanna et al. 2019) and the “Santa Sofia Bell Tower” in Benevento (De Angelis et 

al. 2022). As a matter of fact, the comparison between FB and SSI schemes has evi-

denced that the best match with the experimental data is caught by the latter ones, 

which are able to reproduce higher modes especially if full complete 3D models are 

adopted (De Angelis et al. 2022). 

Besides these linear dynamic identification examples, few studies have performed a 

comprehensive research work on the dynamic behaviour of the SSI system. In the fol-

lowing sections, the main findings derived from these available case studies are pre-

sented, with a special focus on the case of the “Carmine Bell Tower”. 

 

2.3.3.1 The Carmine Bell Tower case study 

The “Carmine Bell Tower” located in Napoli (Fig. 2.21) represents one of the few well-

documented case studies where the SSI effects on a masonry tower have been inves-

tigated.  
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Fig. 2. 21 – View of the Carmine monumental complex located in Naples. 

 

The tower is a highly slender structure built on deformable soils and, therefore, poten-

tially subjected to amplification and resonance phenomena, as it has been witnessed 

by the almost total collapse of the original structure caused by a strong earthquake. 

Indeed, the current 17
th

 century body of the bell tower stands on a previous 14
th

 cen-

tury structure, severely damaged by a violent earthquake occurred in 1456 with its 

epicentre in Sannio. A schematic view of the actual structure together with the soil 

stratigraphy profile is illustrated in Fig. 2.22. 
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Fig. 2. 22 – Front view and cross sections of the Carmine monumental complex with the layered soil 

lithological sequence and PV , SV  profiles below the bell tower (modified from de Silva et al. 2018a). 

 

From the basement up to 40 m, the cross section of the current structure is square 

and the walls are made of externally dressed yellow-tuff stone masonry, while the oc-
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tagonal cell and the dome are made of clay bricks. A brickwork octagonal cell raises 

from 40 to 56 m, covered on the top by a pyramidal spire.  

The footings resulted as an embedment and an enlargement of the E-W main walls, 

deepening 2 m below the ground level and widening out about 0.3 m in the centre and 

0.5 m in the corners.  

The lithological sequence, derived from a borehole executed very close to the external 

access to the bell tower, is characterised by man-made ground down to 10 m, fol-

lowed by alternation of Marine Sand and Pyroclastic Silt down to 31 m, overlying Yel-

low and Green Tuff. The water table was intercepted at a depth of 2 m, exactly at the 

foundation level of the tower.  

A Down-Hole test was also performed in the borehole to measure the compression 

( PV ) and shear ( SV ) wave velocity down to 56 m. The PV  profile increases slightly 

with the depth, keeping around the value of 1500 m/s, typical of saturated soils. The 

SV  profile increases with the depth in the man-made ground from 300 to 400 m/s, 

reducing to 300 m/s in the upper layer of Marine Sand. A significant seismic imped-

ance contrast was detected in the Tuff formation, where the values of SV  gradually 

increase from 650 m/s measured on the roof of the Yellow Tuff to 785 m/s relevant to 

the Green Tuff. More details on the field and laboratory tests are reported in de Silva et 

al. (2015a). 

The research focused on different aspects of the soil interaction with the structure, 

starting from a seismic ground response analysis (SRA) (de Silva et al. 2014b) per-

formed with an equivalent visco-elastic approach, adopting seven different input sig-

nals following the Italian Code NTC2008 indications. The results, reported in Fig. 

2.23, revealed that the average of the seven acceleration spectra on the surface de-

rived with the SRA procedure significantly exceeds the guidelines of the Italian Code. 

In particular, in the range of periods of ordinary structures, spectral accelerations 

would be underestimated up to about the 25%, while the deviation reduces as the de-

formability of the structure increases. Moreover, the natural period of the structure 

predicted by NTC2008 significantly underestimates the experimental one obtained 

from modal operational analysis test (OMA) (Ceroni et al. 2009); the mismatch clearly 



 44 

decreases considering the Rainieri & Fabbrocino (2012) expression specifically cali-

brated on masonry towers located in the South of Italy. 

 

 

Fig. 2. 23 – Comparison between the NTC2008 acceleration spectrum (class C) and the average spec-

trum resulting from the SRA analysis (modified from de Silva et al. 2014b). 

 

In addition, a series of full SSI numerical analyses of the tower were carried out, in 

order to investigate the structural behaviour dependency from the soil deformability. In 

de Silva et al. (2015b), the non-linear soil influence, described by an equivalent visco-

elastic approach, was studied using an input motion whose amplitude was progres-

sively scaled, respectively resulting in a weak, medium and strong intensity ground 

motion. The results were inspected along three verticals (Fig. 2.24) located under the 

foundation level and far enough from the structure to be representative of the free-field 

condition.  
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Fig. 2. 24 - a) Sketch of the three-dimensional SSI model and b) location of the inspected verticals 

(modified from de Silva et al. 2018a). 

 

In Fig. 2.25 the maximum shear strains and acceleration profiles are depicted for the 

three verticals and for three intensity levels. 

 

 

Fig. 2. 25 – Maximum shear strains and acceleration profiles along the soil deposit depth for a) weak, 

b) medium and c) strong seismic input motion intensity for the three verticals shown in Fig. 2.24b, as 

reported in de Silva et al. (2015b). 

 

As expected, the weak input does not induce any non-linear soil behaviour in the 

whole soil volume. When the intensity level rises, the non-linear soil response is acti-
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vated along the deposit depth. Under the tower, at the verticals A and B, a significant 

increase in ,max xz  occurs if compared with the free-field vertical L, an effect which is 

likely due to the interaction with the structure. This interaction extinguishes within a 

depth of 5 m below the foundation plane of the bell tower, which roughly coincides 

with the semi-width of the base. 

Moreover, the amplification functions (Fig. 2.26) highlight the soil excursion in the 

non-linear phase, evident from the damping increase and reduction of the resonance 

frequencies; additionally, the presence of the structure does not change the soil fre-

quencies, but affects the amplification peaks with the exception of the first one. 

 

 

Fig. 2. 26 – Amplification functions derived for the weak, medium and strong seismic input motion in-

tensity for the three verticals shown in Fig. 2.24b, as reported in de Silva et al. (2015b). 

 

Further studies were conducted to investigate the restraining action exerted by the 

church and the friary. In de Silva et al. (2018a), the experimental frequencies are bet-

ter simulated by the laterally restrained models. Furthermore, the restraining action 

seems not to affect the amplification amplitude of the first natural frequency, while 

some discrepancies are observed for the higher ones with respect to the free-

standing condition (Fig. 2.27).  
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Fig. 2. 27 - Amplification functions relative to the laterally free, f-T (a, b) and the laterally restrained, r-T 

(c, d) models, along x (a, c) and y (b, d) directions, for the three verticals shown in Fig. 2.24b, as re-

ported in de Silva et al. (2018a). 

 

In addition, since the presence of the soil generally influences the behaviour at higher 

frequencies, it is thought that resonant phenomena can occur between the fundamen-

tal frequency of the soil and the higher modes of slender structures, which are mostly 

affected by soil compliance. 

Moreover, the pushover analyses performed by de Silva et al. (2018b), accounting for 

the hysteretic behaviour for both structure and soil, have shown that the lateral re-

straint attenuates the effect of the SSI, since the first 19 m of the tower are practically 

incorporated in the church and hence fixed (Fig. 2.28). 
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Fig. 2. 28 - Capacity curves derived in restraint conditions for the fixed-base (FB_r) versus compliant 

base models (CB_r) in x (a) and y (b) directions, as reported in de Silva et al. (2018b). 

 

Conversely, in the laterally free models, the influence of the soil on the global deform-

ability of the system is more pronounced when the tower is loaded along the direction 

that activates the highest stiffness for the structure (Fig. 2.29). 

 

 

Fig. 2. 29 - Capacity curves derived in free standing conditions for the fixed-base (FB_f) versus com-

pliant base models (CB_f) in x (a) and y (b) directions, as reported in de Silva et al. (2018b). 

 

Finally, NLDA showed the plastic state distribution history induced by a seismic mo-

tion (Fig. 2.30) on the non-isolated model, considering the soil compliance. The col-

lapse seems to involve the upper part the structure starting immediately above the re-

straint, not involving the beneath area, and resulting in an extended plastic hinge. 

Thus, the effect of the confinement on the collapse mode seems strong even when 

SSI is taken into account, also providing a reliable interpretation of the historical dam-

ages since, according to the chronicles, the original bell tower was completely de-

stroyed by the historical event, except for the lowermost vaulted level. 
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Fig. 2. 30 - Non-linear dynamic analysis results of the Tower under the Potenza input motion for the 

compliant base restrained model: evolutions with time of the plastic states, as reported in de Silva et 

al. (2018b). 

 

2.3.3.2 Additional works dealing with masonry tower SSI 

Apart from the aforementioned “Carmine Bell Tower” case study, there are very few 

other comprehensive works dealing with masonry tower SSI modelling. 

Some of them refers to constructions located in the Middle East, for example typical 

religious structures such as minarets (Dogangun et al. 2007) or memorials, as in the 

case of the Gonbad-e Qabus tower in Iran, which is the world's tallest pure-brick tow-

er, analysed by Mortezai & Motaghi (2016). The authors mainly focused on exploring 

the role played by the seismic input motion characteristics, performing time-history 

analyses adopting different accelerograms. The results suggested that the destructive 

effect of the input frequency content is greater than its magnitude and strong motion 

duration, and in particular the highest displacements and stresses were recorded for 

low frequency content motions.  

Similar remarks are highlighted in Casolo & Uva (2013b) for an idealized masonry 

tower, where also the vertical component of the input acceleration was considered. 

Despite the vertical component may produce relevant effects on the structural re-

sponse and on the final damaged configuration, it cannot be established a-priori if the 

effect is significantly worse for the structure and, above all, which structural part and 
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local mechanisms will be involved. The final situation will depend on the frequency 

content of the accelerograms and must be specifically examined case by case. 

In Casolo et al. (2017) the damage pattern induced in the tower was also related to 

the modal shape change due to the soil deformability (Fig. 2.31). It was observed that 

the soil has little influence on the first modal shape (Fig. 2.31a), which is almost total-

ly unchanged with respect to the cantilever condition, while the second mode is deep-

ly modified changing the soil deformability (Fig. 2.31b). 

 

 

Fig. 2. 31 - Transverse displacement u  depurated from rigid body motions and normalized by the av-

erage of the absolute value mu  for a) the 1
st
 natural mode and for b) the 2

nd
 natural mode (modified 

from Casolo et al. 2017). 

 

This can have a direct impact on the damage pattern since the internal action distribu-

tion along the tower height might be significantly altered. Moreover, when the vertical 

component of the earthquake is considered, the soil compliance seems to mitigate 

the crack pattern development in the central part of the structure in comparison to the 

cantilever case (Fig. 2.32). This is justified by the authors pointing out that the pres-

ence of the structure causes a reduction of the high frequencies of the seismic signal 
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with respect to the free-field conditions, and this reduction is more marked as the soil 

is more deformable. 

 

 

Fig. 2. 32 - Tensile damage patterns comparison among the cantilever condition and the complaint 

base cases considering the three special components of the Mirandola ground motion, as reported in 

Casolo et al. (2017). 

 

Furthermore, de Silva (2022, 2020) evaluated the effects of soil-structure interaction 

on classes of idealized and real towers founded on different soil types. Through NLDA 

with increasing amplitude of the input motions, a probabilistic approach is defined to 

predict the mean annual rate of exceeding of different levels of the peak and residual 

bending displacement and foundation rotation demands. The result is the so-called 

‘demand hazard curve’, which summarizes, in a probabilistic framework, the modifi-

cation of the seismic hazard and fragility induced by soil compliance. 

The study reveals that the soil compliance enhances the structural demand of slender 

towers but does not affect significantly very slender towers. Indeed, the structural 
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slenderness is beneficial on the seismic actions because the higher structural de-

formability increases the fundamental vibration period and leads to a reduction of the 

spectral ordinates. Conversely, tall monumental towers are more significantly affected 

by tilts induced by the foundation rocking motion and more prone to instability. 
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CHAPTER 3: MASONRY MECHANICAL MODELLING 

 

 

3.1 Introduction to the masonry material 

Masonry is one of the oldest building materials used since the dawn of civilization. It 

is the Near East that offers us the first examples of dry stone, circular and partially 

buried masonry settlements, dating back to 9000-8000 BC, found in the area of the 

Lake Hulen in Israel. The construction technique, then, evolved and the material begun 

to be used also for monuments and places of worship, which have come down to our 

days like the ancient Egyptian Pyramids (about 2800-2000 BC) (Fig. 3.1). 

 

 

Fig. 3. 1 – Ancient Egyptian Pyramids. 

 

However, it is with Romans that the technique of masonry constructions reaches the 

next level, since masonry was no longer used just for residential buildings but also for 

real civil works: in fact, until 1200 AD, there was a massive production of arches, 

columns, temples, churches, bridges and aqueducts (Fig. 3.2). 
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Fig. 3. 2 – Ancient Roman aqueduct Les Ferreres, Tarragona (Spain). 

 

Anyway, in this context no real structural design was adopted and it was rather the 

empirical knowledge acquired over time that provided construction rules based on the 

different types of stone and on proportion criteria among the structural components, 

as described in the "De Architectura" by Vitruvio (25 BC). 

In the Middle Ages and Gothic period (1200-1600 AD), the stone became worked to 

perfection and modelled inside the cathedrals in the form of elegant ribs and vaults, 

demonstrating a remarkable understanding of the action of the forces throughout the 

structure (Fig. 3.3). 

 

 

Fig. 3. 3 – Milan Cathedral (Italy). 
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It was only since Renaissance that the theoretical explanation of the phenomena was 

also sought: Leonardo da Vinci, for example, was the first to affirm that the thrust fol-

lowed a path that remained inside the arch. Well after Leonardo, in 1586 Simon Stevi-

nus published the first statics book “De Beghinselen des Waterwichts” that will con-

stitute the work at the base of the graphical statics that will spread in the XIX century. 

Masonry, therefore, played the leading role in building materials until the late 1800, 

when the first industrial revolution and the availability of plentiful amount of steel used 

in the production of beams and columns started to replace it. Nevertheless, it is with 

the arrival of concrete, and the introduction of the rules for the structural design with 

this new material, that during the 1900 masonry was gradually abandoned.  

Despite its long history, it is just in recent decades that the interest in masonry struc-

tures has significantly increased for the problems associated with the restoration and 

conservation of the enormous stock of existing buildings and structures spread all 

over the world. A particular incentive has also been given by the series of seismic 

events that hit the countries of the Mediterranean area, causing the collapse of nu-

merous monuments and buildings and, at the same time, requiring safety assessment 

and structural consolidation interventions for the damaged ones. 

However, catastrophic events are not the only cause of the ruin of masonry struc-

tures, but also the accumulation of damage over time due to various factors, such as 

traffic vibrations, wind, thermal loads and ground movements, can induce the degra-

dation of the strength of the material. 

Everything becomes even more complicated when studying historical constructions, 

full of uncertainties related to their evolution over time (modifications made to the 

structure), to the geometry and materials used within the structural elements, to the 

forces that act or have acted and to the consequent evolution of the damage (almost 

always present in ancient buildings), without mentioning the construction techniques 

varying not only from one period to another, but also from place to place. 

Compared to other areas of research, such as either concrete or soil or rock mechan-

ics, a real consolidated experience in the field of masonry has been lacking for long 

time, both in carrying out experimental tests and in the evaluation of the results, both 
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in the adopted structural analysis techniques. In fact, despite the simplicity of the ma-

terial from the construction point of view (simple overlapping of units, with or without 

mortar), the full understanding of masonry mechanical behaviour is really challenging 

due to its highly non-linear response. Hence, in the next section a brief introduction to 

some of the main characteristics of masonry mechanical behaviour is presented. 

 

3.1.1 The main characteristics of masonry material 

Masonry is generally defined as a composite material, made of natural or artificial el-

ements constituted by stones or bricks assembled in different ways and bonded to-

gether with mortar. One of its best properties is simplicity, that has been the main 

reason why masonry constructions are so diffuse all over the world and are still used 

in many countries. In Italy, both bricks and stones were used from very ancient times 

until today in different types of buildings, realized with an extreme diversification of 

construction technologies. Therefore, existing masonry buildings have not only differ-

ent aesthetic qualities, but also different mechanical properties and durability charac-

teristics. 

Focusing on masonry structures made with stone blocks, they can be roughly classi-

fied into two groups:  

•  perfectly regular square stone masonry, that generally characterizes monu-

mental buildings, made up of blocks of regular shape and size (Fig. 3.4a); 

•  irregular square shape stone masonry, that generally characterizes common 

residential buildings and is made up of blocks of more or less refined size and 

geometry and possibly with very chaotic textures (Fig. 3.4b,c). 

If the mortar is not present, the walls are defined as dry stack masonry walls (Fig. 

3.4d). 



  57 

 

Fig. 3. 4 – Different stone masonry types: a) perfectly regular square units, b) irregular square units, c) 

rubble and d) dry stack masonry walls. 

 

Hence, the walls can be built in various ways, depending on the degree of handmade 

refinement of the blocks. Moreover, the walls are often formed by a multi-leaf struc-

ture characterized by two outer stone layers that encase the internal loose material in-

fill (Fig. 3.5). In this regard, it is very important that the connection between the dou-

ble-leaf is guaranteed through some joints which enable to form a solid wall, whose 

faces work together. 

 



 58 

 

Fig. 3. 5 – Multi-leaf masonry wall. 

 

The mortar is the connecting element between the brick/stone blocks. The ingredients 

that make up mortar can be distinguished according to the age of construction: in the 

historic masonry, the mortar is generally characterized by a composition of sand, lime 

and water. Although it usually occupies only around 7% of the volume of the entire 

texture, its influence on the global behaviour of the structure goes beyond this simple 

percentage. In fact, in addition to the connection function, mortar also has the task of 

distributing the stresses between the blocks. Consequently, the accuracy of its layout 

is very important to allow a perfect adhesion between mortar and masonry unit, so 

that local stresses are avoided in order to prevent the breakdown of the unit itself. 

In a masonry consisting of regular units, mortar is generally arranged according to 

two types of joints: continuous horizontals and discontinuous verticals. Both act as 

planes of weakness within the structure, thus giving to masonry material distinct di-

rectional properties. In particular, the horizontal joints represent potentially sliding 

planes; conversely, the staggered arrangement which characterizes the vertical direc-

tion gives rise to an interlocking effect among the units which enhance the overall ma-

terial strength along this direction. For this reason, even if masonry is composed of 

two isotropic materials, as a whole it exhibits an orthotropic behaviour, i.e. a different 

mechanical response according to the two orthogonal directions given by the mortar 

joints (Fig. 3.6). 
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Fig. 3. 6 - Arrangement of the vertical (direction 1) and horizontal (direction 2) mortar joints in a regular 

texture masonry assembly (modified from Lasciarrea at al. 2019). 

 

The determination of the global mechanical properties of masonry is one of the most 

studied aspects: this composite material, in fact, has no intermediate characteristics 

with respect to those of its components. As reported in Binda et al. (1994), the overall 

resistance of the whole brick-mortar assembly is lower than the dry brick alone, but 

greater than the resistance offered by a pure mortar prism specimen (Fig. 3.7). 

 

 

Fig. 3. 7 - Compressive stress-strain curve obtained from the bricks assembly (EB), the pure mortar 

prism specimen (EM) and the whole brick-mortar assembly (MU6H) according to Binda et al. (1994). 
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To explain this phenomenon, it is necessary to understand what kind of interactions 

occur between masonry units and mortar. Since the mortar and the units have a dif-

ferent deformability due to their different stiffness, a stress state is created inside the 

masonry which sees biaxial traction and uniaxial compression in the load direction for 

the unit and triaxial compression for the mortar joint (Fig. 3.8). 

 

 

Fig. 3. 8 - Compressive stress state induced in the brick-mortar assembly (from Monti Di Sopra 2009). 

 

For this reason, the global stress-deformation curve does not have intermediate char-

acteristics with respect to those of its components, showing a fragile non-linear be-

haviour. 

Moreover, masonry is characterized by a very low tensile strength (generally roughly 

evaluated around 1/10 1/20 of the compressive peak resistance), often completely 

neglected, which makes its mechanical response also asymmetric depending on the 

load type (Fig. 3.9). 

 

 

Fig. 3. 9 – Asymmetric mechanical response of masonry in compression and tension state (from Olivi-

to 2003). 
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All these aspects contribute to determine the global response of the unit-mortar as-

sembly and, hence, its different failure mechanisms. In particular, five failure modes 

can be recognized: 

•  Mode I: it is the tensile failure of mortar joints associated with the so-called 

first mode fracture energy (
I
fG ), defined as the amount of energy needed to 

create a crack of unit area along the mortar-unit interface carrying out an uni-

axial tensile test such as those performed by Van der Pluijm (1992) (Fig. 

3.10). With this energetic approach it is possible to describe the masonry 

tensile softening behaviour. The results of Van der Pluijm tests showed that 

the 
I
fG  ranges between 0.005 and 0.02 Nmm/mm

2

 for tensile strength values 

between 0.3 and 0.9 N/mm
2

, depending on the different unit-mortar combina-

tions. 

 

 

 

Fig. 3. 10 – Experimental test apparatus and stress-crack opening curve for Mode I mechanism (modi-

fied from Monti Di Sopra 2009). 

 

•  Mode II: it is the failure mode representative of the sliding along the horizontal 

mortar joints due to shear stress with limited normal precompression levels. 

Also in this case, the failure mode concerns only the joints as often occurs in 

masonry structures. It is possible to associate to this mechanism the second 

mode fracture energy (
II
fG ), which can be obtained from the area beneath the 

experimental shear stress-displacement curve at different normal compres-

sion levels by carrying out a test such as those performed by Van der Pluijm 
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(1993) (Fig. 3.11). According to the results obtained by Van der Pluijm, the 

II
fG  values are between 0.01 and 0.25 Nmm/mm

2

 with respect to an initial 

cohesion that oscillates between 0.1 and 1.8 N/mm
2

, also in relation to the 

degree of confinement of the material. 

 

 

Fig. 3. 11– Experimental test apparatus and stress-displacement curve for Mode II mechanism (modi-

fied from Monti Di Sopra 2009). 

 

•  Mode III: blocks are broken by tension parallel to the direction of the horizontal 

mortar joints (Fig. 3.12). Two possible collapses can happen: i) cracks run in 

a zigzag shape between the vertical and horizontal joints or ii) a vertical crack 

crosses the unit in continuation with the vertical joints. In the first case the re-

sponse of the specimen is controlled by the 
I
fG  of the vertical joints and by 

the 
II
fG  of the horizontal joints, while in the second case the response is con-

trolled by the fracture energy of the units and vertical joints. 

 

 

Fig. 3. 12 – Mode III mechanism (from Monti Di Sopra 2009). 
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•  Mode IV: it consists in the failure of the blocks due to shear action when the 

normal compression acting on the horizontal mortar joints is able to prevent 

them from sliding, generating a high friction state in the joints. It is the alterna-

tive to mode II failure when the confinement pressure values are higher (Fig. 

3.13). 

 

 

Fig. 3. 13 – Mode IV mechanism (from Monti Di Sopra 2009). 

 

•  Mode V: at very high normal compression, beyond the limit of the compres-

sive strength, the blocks break due to splitting, characterized by a series of 

vertical cracks (Fig. 3.14). Also in this case, it is possible to describe the sof-

tening behaviour by means of the compression fracture energy ( cG ), which 

is strongly dependent on the boundary conditions and on the size of the spec-

imens. The cG  values are much higher than the tensile ones, in the order of 

45 Nmm/mm
2

. 

 

 

Fig. 3. 14 – Mode III mechanism (from Monti Di Sopra 2009). 
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It is worth noting that the two most considered mechanisms are modes I and II, since 

it is the non-linear response of the joints that generally characterizes the masonry 

overall behaviour. Therefore, it appears of paramount importance having a sufficient 

knowledge of the main mechanical properties coming from experimental tests. How-

ever, depending on the nature of the adopted material, the overall mechanical proper-

ties can have a rather wide range of values; thus, it is necessary to deeply know the 

behaviour of the components in order to evaluate the masonry structure response as 

a whole. Non-destructive, slightly-destructive or destructive tests can be performed 

for this purpose. However, the number of tests which can be carried out on an exist-

ing structure is often very limited, to minimize the disturbance on the building. Never-

theless, when destructive tests are not performed, which is typical in the engineering 

practice, the Italian Code NTC2018 provides values of the mechanical properties for 

different masonry typologies, as reported in Tab. 3.1. Even though they represent just 

a raw estimation, they can be still used for the structural verifications of a masonry 

structure. 

 

 

Tab. 3. 1 – Reference values of mechanical parameters (minimum and maximum) and mean self-

weight for different unreinforced masonry typologies, referred to weak mortar (0.7-1.5 N/mm
2
), un-

coursed masonry, absent connections between wall leaves, texture following the “rule of the art” in 

case of regular elements; mf  = masonry mean compressive strength, 0  = masonry mean shear 
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strength; E  = mean value of the elastic modulus; G  = mean value of the shear modulus; w  = 

mean self-weight of masonry (NTC 2018 – C8.5.3.1, Tab. C8.3.I). 

 

In addition, the values reported in Tab. 3.1 should be corrected with the coefficients in 

Tab. 3.2, if the investigated masonry presents better characteristics or to evaluate the 

improvement due to strengthening interventions. 

 

 

Tab. 3. 2 – Maximum corrective coefficients to be applied to the mechanical parameters indicated in 

Tab. 3.1 in presence of: high-quality mortar, coursed masonry, transversal connections between wall 

leaves and strengthening interventions (NTC 2018 – C8.5.3.1, Tab. C8.3.II). 

 

Finally, it is also worth reporting that the Eurocode 6 (Section 3.6.1.2) provides a 

general analytical equation to derive the compressive strength of the masonry as a 

function of the strength of bricks and mortar (Eq. 3.1): 

 

k b mf Kf f =         (Eq. 3.1) 

 

where kf  is the is the masonry compression strength (MPa), K  is a coefficient 

which is function of the masonry texture, bf  is the compressive strength of the units 

(MPa), mf  is the compressive strength of the mortar (MPa), while   and   are two 
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tabulated coefficients depending on the units material and mortar composition and 

thickness. 

 

3.1.2 Numerical modelling approaches for masonry material 

From the mechanical point of view, masonry is a non-homogeneous, plastic and ani-

sotropic material, characterized by a very low tensile strength. The structural analysis 

of masonry buildings is a rather complex problem and numerous strategies have been 

proposed in the scientific literature, depending on the degree of accuracy required for 

the analysis and eventually to the necessity of simplification. 

A first important classification is related to the adopted modelling scale; indeed, the 

final goal of the structural analysis might change depending on whether the aim is to 

investigate the local mortar-unit interactions and the related failure mechanisms or to 

analyse the overall behaviour of an entire building. According to Lourenço et al. 

(1995), two different approaches can be adopted to face the problem, namely micro 

and macro-modelling. 

In the micro-modelling approach, units and mortar are separately considered and are 

represented through continuous elements, with the addition of discontinuous unit-

mortar interface elements to describe the interaction between the two materials (Fig. 

3.15).  

 

 

Fig. 3. 15 – Detailed micro-modelling approach (from Lourenço et al. 1995). 

 

Thus, the Young modulus, the Poisson ratio and all the inelastic characteristics are 

distinctly evaluated for mortar and unit; the interface element represents a potential 

breaking/sliding plane to which is assigned a fictitious initial stiffness to avoid the in-
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terpenetration of the elements. This procedure is conceived to describe the local be-

haviour of the material, allowing to catch the different abovementioned failure modes 

resulting from the interaction between units and mortar. Indeed, without detailed mi-

cro-modelling, it is not possible to distinctly identify a failure mode and understand 

what happens locally in a masonry structural element. 

Unfortunately, the required computational effort is so high that the use of this model-

ling technique to analyse large portions of buildings is not easily attainable. For this 

reason, the simplified micro-modelling approach can be used to extend the analysis 

to elements of larger dimensions than a simple portion of masonry (Lourenço et al. 

1995). In this strategy, the units are considered expanded in such a way not to vary 

the geometry of the problem and are mutually separated by discontinuous interface 

elements, whose behaviour is described in terms of relationships between stresses 

and displacements relative to the two opposite faces of the unit (Fig. 3.16). This is 

still a discrete modelling formulation, where units are not separated by mortar and in-

terface elements as distinct entities, but they are concentrated in an "average" inter-

face. Consequently, to maintain the geometry unchanged, the units are slightly larger 

than their actual size. Compared to the detailed approach, the simplified micro-

modelling presents a slight but still evident loss of accuracy of the results in favour of 

lower computational effort. 

 

 

Fig. 3. 16 – Simplified micro-modelling approach (from Lourenço et al. 1995). 

 

The last and more computational efficient strategy consists in the macro-modelling 

approach, in which the masonry is considered as a single continuous medium having 

characteristics of homogeneity and anisotropy and the individual components are no 
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longer distinguishable (Fig. 3.17). Since there is no distinction between mortar and 

units, the material is idealized as a homogeneous continuum, and the constitutive 

laws represent the relationship between average stresses and deformations. The re-

sulting computational effort is notably reduced compared to the micro-modelling but, 

inevitably, the approach pays the price of being less detailed and affected by a higher 

degree of approximation. Anyway, even if synthetic, this approach represents the 

necessary compromise between precision and efficiency. 

 

 

Fig. 3. 17 – Macro-modelling approach (from Lourenço et al. 1995). 

 

A fundamental aspect in the macro-modelling procedure is the homogenization crite-

rion adopted to obtain the final homogenised medium. The first step consists in iden-

tifying the so-called Representative Volume Element (RVE), that is the smallest part of 

the real medium that contains all the required information useful to reproduce the me-

chanical response of the material. Indeed, this operation exploits the periodic local 

structure of the masonry texture that, in principle, should enable to substitute the non-

homogeneous material with the ‘equivalent’ homogeneous RVE (Fig. 3.18). The situa-

tion becomes more difficult when dealing with non-periodic and rubble masonry tex-

tures, as the RVE identification might not be an easy task, even if also in this case 

there are some available solutions (Gesualdo & Nunziante 2005). 



  69 

 

Fig. 3. 18 – Definition of the representative volume element (RVE). 

 

Starting from Pande et al. (1989), several strategies have been proposed in the scien-

tific literature to evaluate the equivalent medium mechanical properties, especially in 

the elastic range (Lourenço et al. 2007; de Felice et al. 2010; Taliercio 2014; Di Nino 

& Luongo 2019). Basically, the fundamental concept consists in modelling the behav-

iour of a masonry cell using suitable designed assemblies of in-series and in-parallel 

springs. Thereafter, an equivalent homogeneous and orthotropic material is defined so 

that it has the same stiffness of the original non-homogeneous assembly (Fig. 3.19). 

A further simplifying step might be passing to an equivalent isotropic medium in order 

to reduce the number of parameters required to perform the analysis (Di Nino & Lu-

ongo 2019). 

 

 

Fig. 3. 19 – Flowchart for the definition of the homogenization procedure. 
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3.2. The constitutive model for masonry: the Concrete Damage Plas-

ticity model 

 

3.2.1 Basic concepts of the plastic-damage theory 

Several possibilities to model masonry material are available in the scientific literature 

which mainly differ in the description of the post-elastic branch. Indeed, the constitu-

tive models can be subdivided into two main groups: plasticity models (Fig. 3.20a) 

and damage models (Fig. 3.20b). 

 

 

Fig. 3. 20 – a) Plasticity and b) damage models. 

 

The plasticity theory assumes that the material has a strength limit beyond which 

permanent deformations are generated. The total deformation is thus composed of a 

reversible elastic contribution (
el ) and an irreversible inelastic one (

pl ), as shown 

in Fig. 3.20a. 

In this case the elastic stiffness does not undergo modifications during the loading 

history and stays as the initial one ( 0E ); conversely, the plastic deformation process 

depends on the load path and not only on the value of the applied stress because of 

its dissipative nature, thus implying no one-to-one correspondence between stress 

and plastic deformation. Therefore, the relationship that link stresses and strains must 
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be written in incremental or differential form. Once the yield point is reached, i.e. the 

value for which plastic strains start to develop, the stress-strain relationship is usually 

modelled with a hardening, softening or perfectly plastic branch. 

On the other hand, damage mechanics is a tool, like fracture mechanics, for studying 

the progressive degradation processes that develop in the materials due to mechani-

cal, thermal or even chemical actions. Both fracture and damage mechanics aim to 

estimate the effect of damage processes (which consist in the formation, propagation 

and coalescence of micro-defects) on the macroscopic material response. 

Fracture mechanics analyses the influence of the cracks propagation considered as 

discontinuities in the intact material, hence removing the hypothesis of continuity of 

the medium.  

Starting from the hypothesis of continuity, damage mechanics, whose genesis is 

usually identified with the work by Kachanov (1958), studies the effect of the discon-

tinuities of the microstructure on the selected RVE and, as a consequence, it is based 

on variables defined as averages on the considered volume. 

Although the degradation processes are the consequence of what occurs at the mi-

croscopic scale, damage at a macroscopic level can manifest itself in various ways 

depending on the nature of the material and on the loading type; in particular, in brittle 

materials like masonry damage occurs in a locally restricted area of the medium. 

A fundamental ingredient to define a damage model consists in selecting a continu-

ous damage variable able to describe the degradation effect produced by the pres-

ence of micro-defects in the material. This variable represents a quantitative measure 

of the quantities that describe, at a macroscopic level, the degradation of the continu-

ous medium. 

Considering the RVE depicted in Fig. 3.21, the damage variable D  at point M  locat-

ed on the plane with normal n  is defined by the following expression: 

lim( , ) 0
DAD M A A

=
→

n       (Eq. 3.2) 

where A  indicates the area with normal n , while DA  is the area occupied by micro-

defects in the section itself.  
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Fig. 3. 21 – Definition of the scalar damage variable in the RVE. 

 

Assuming an isotropic distribution of the damage in the considered medium, there is 

no dependence of D  from the normal n . In this case, the continuous damage varia-

ble D  is only a function of the material point and can be interpreted as the surface 

density of the micro-defects. The values that D  can assume are subjected to physi-

cal limits and can vary in the range 0 1. In particular:  

•  D =0 when the material is intact; 

•  D =1 when the material is completely damaged. 

Fig. 3.22 shows a uniaxial tensile test. 

 

 

Fig. 3. 22 – Uniaxial tensile test. 
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The resistant section of the specimen is reduced as the stress increases both due to 

the transverse contraction and the longitudinal elongation of the specimen, both due 

to the genesis and growth of micro-defects in the material. Indicating with 0A  the ar-

ea of the initial cross section before applying the load and with A  the reduced area 

due to the transverse contraction of the specimen, the nominal stress 0  and the ac-

tual stress   are respectively given by the following expressions: 

0
0

F
A

 =         (Eq. 3.3) 

F
A

 =          (Eq. 3.4) 

The effective stress   is defined as the stress acting on the effectively resistant area 

and A , defined as: 

(1 )A A D= −         (Eq. 3.5) 

where D  is the scalar damage variable previously introduced. The parameter A  is 

equal to A  when the material is intact ( D =0) and can reduce to zero when the dam-

age is completely widespread ( D =1). Therefore, the effective stress   defined on 

the basis of A  is: 

(1 ) (1 )
F F

A D DA


 = = =
− −

      (Eq. 3.6) 

The extension to the multiaxial case is immediate in the hypothesis of isotropy and the 

same area A  reacts both in tension and compression. Thus, the effective stress ten-

sor can be defined as: 

(1 )D
=

−


         (Eq. 3.7) 

As a matter of fact, plasticity and damage mechanics are absolutely complementary. 

Indeed, the stiffness degradation is neglected by plastic theories, while permanent de-

formations are not considered within damage mechanics. 

Hence, in this context a third class of models, known as plastic-damage models, are 

developed to combine the two theories in a single framework, able to take into ac-



 74 

count both the irreversible contributions due to plastic deformations and those related 

to the damage processes occurring in the material (Fig. 3.23). 

 

 

Fig. 3. 23 – Stress-strain curve for the plastic-damage model 

 

Plastic-damage models are particularly suitable for cyclic dynamic analysis, where 

frequent alternative passages from compression to tension occur. In the next section, 

the selected plastic-damage model adopted in this work to reproduce the masonry 

mechanical behaviour is presented. 

 

3.2.2 The Concrete Damage Plasticity model 

The constitutive model adopted for describing the masonry behaviour in this thesis is 

the Concrete Damage Plasticity model (CDP) (Lubliner et al. 1989; Lee & Fenves 

1998), available in the material model library of the computer code Abaqus (2014). It 

is part of the plastic-damage model class whose features have been discussed in the 

previous section. 

Although CDP is originally conceived for isotropic fragile materials, such as concrete, 

the model has been adapted and successfully used in a wide number of masonry ap-
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plications (Acito et al. 2014; Karimi et al. 2016; Tiberti et al. 2016; Castellazzi et al. 

2018).  

The model accounts for: 

•  Plastic-damage theory formulation; 

•  Isotropic behaviour; 

•  Asymmetrical material response, which allows to differently model tensile and 

compression behaviour; 

•  Stiffness recovery (unilateral effect) during cyclic/dynamic loading. 

One of the main concerns about the use of the model could be related to the isotropic 

response, as it is well-known that masonry exhibits orthotropy. Nevertheless, it is ra-

ther difficult to evaluate the necessary anisotropic parameters in absence of ad-hoc 

experimental campaigns and, moreover, an orthotropic formulation would inevitably 

burden the computational algorithm. For these reasons, the use of isotropic models is 

usually accepted in the scientific community, as long as an adaptation of the mechan-

ical properties to fit an average behaviour between vertical and horizontal compres-

sion is considered (Valente & Milani 2016). 

The model accounts for scalar isotropic damage with distinct damage parameters in 

tension and in compression. Therefore, it is particularly suitable for masonry behav-

iour since this material exhibits asymmetry in terms of both damage and strength in 

tension and compression, especially in loading-unloading conditions such those oc-

curring during seismic events. Consequently, a different behaviour in tension and 

compression can be introduced, as shown in Fig. 3.24. 
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Fig. 3. 24 – CDP model response for monoaxial compression (a) and tension (b) loading. 

 

The compression and tensile stresses c  and t  are derived through the following 

relationships: 

( ) ( )01 pl
c c c cd E  = − −       (Eq. 3.8) 

( ) ( )01 pl
t t t td E  = − −       (Eq. 3.9) 
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where 0E  is the initial undamaged elastic modulus, cd  and td  are the damage varia-

bles which are function of the deformation state, c  and t  are the total strains, 

pl
c and 

pl
t  are the equivalent plastic strains; subindexes c  and t  refer to compres-

sion and tension, respectively. 

For uniaxial cyclic loading-unloading conditions, the damage plasticity model as-

sumes that the degradation of the elastic stiffness is given by: 

( ) 01E d E= −         (Eq. 3.10) 

where E  is the reduced tangent stiffness and d  is a scalar degradation variable, 

which is a function of the stress state and of the compression and tension damage 

variables ( cd  and td , respectively): 

(1 ) (1 )(1 )t c c td s d s d− = − −       (Eq. 3.11) 

where  cs  and ts  are dimensionless coefficients accounting for stress state and stiff-

ness recovery effects, being given by: 

*
111 (1 ( ))c cs w r = − −       (Eq. 3.12) 

*
111 ( )t ts w r = −        (Eq. 3.13) 

In Equations (3.12) and (3.13), 11  is the first principal uniaxial stress (positive for 

tension), 
*r  is a stress state parameter being 

*
11( )r  =1 for tension and 

*
11( )r  =0 

for compression, and cw  and tw  are weighting factors ranging between 0 and 1. The 

factors cw  and tw  account for stiffness recovery effects. Usually, since the transition 

from the compressive state to the tensile one (but not the vice-versa) implies a quick 

reopening of the cracks that had already generated during the previous cycle (unilat-

eral effect), cw  is set close or equal to 1, while tw  is set equal to 0.  

Equations (3.12) and (3.13) show that cs  and ts  also range between 0 and 1. For a 

better understanding of the effect of cs  and ts  coefficients, Fig. 3.25 illustrates the 

uniaxial stress-strain loading-unloading curves. The initial elastic branch with slope 

0E  reaches the descending branch at the peak point 1 and then cracking begins; lat-

er, unloading starts at point 2. At this point, there is no compression damage and 
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cd =0, 
*r =1, and cs =1; therefore, Equation (3.11) shows that d = td . Conse-

quently, the linear unloading branch has slope 0(1 )td E− . In the way to the stress re-

versing point 3, cracks begin to close. After point 3, 
*r =0, 1c cs w= − , ts =1, cd =0, 

and Equation (3.11) shows that (1 )c td w d= − . Therefore, the slope of the ongoing 

compression segment of the branch depends on the parameter cw .  

In this regard, three options are plotted in Fig. 3.25:  

•  cw =0 (no crack is closed) with slope 0(1 )td E− ; 

•  cw =0.5 (half of the cracks are closed) with slope 0(1 0.5 )td E− ; 

•  cw =1 (all cracks are closed) with slope 0E . 

In the third option ( cw =1) there is no compressive strength reduction. At point 4, an 

unloading branch starts; here, 
*r =0, 1c cs w= − , ts =1 and Equation (3.11) shows 

that  (1 ) (1 ) 1 (1 ) (1 )c c t cd d w d d− = − − − = − . Point 5 corresponds again to a stress 

reversal; after it, assuming that tw =0, the slope of the ongoing branch is equal to 

0(1 )(1 )t cd d E− − . Point 6 is the peak for the reduced tensile strength; after it, crack-

ing reinitiates and a new descending branch is generated.  

 

 

Fig. 3. 25 – CDP model uniaxial loading-unloading response (modified from Alfarah et al. 2017). 
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For multiaxial conditions, the stress-strain relationship is given by: 

(1 ) : ( )d= − −0  el plD       (Eq. 3.14) 

where 
elD0  is the elastic stiffness tensor and   and   are the stress and strain ten-

sors, respectively. The scalar damage variable d  keeps the same meaning as for 

uniaxial condition, although replacing the scalar factor 
*r  with a multiaxial one (Lee & 

Fenves 1998).  

The yield condition is based on the function F  proposed by Lubliner et al. (1989) 

with the subsequent modifications suggested by Lee & Fenves (1998) to account for 

different tension and compression strength evolution: 

max max
1 ( 3 ) 0

1
= − + − − − =

−
cF q p     


   (Eq. 3.15) 

0 0
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
    


 (Eq. 3.16) 

In Equations (3.15) and (3.16),  is the Macaulay bracket, p  is the hydrostatic 

pressure, q  is the Von Mises-equivalent effective stress (where the effective stress is 

the stress divided by (1 )− d ), and 0bf  and 0cf  are the biaxial and uniaxial compres-

sive yield strengths, respectively; since 0 0b cf f ,   ranges between 0 ( 0 0=b cf f ) 

and 0.5 ( 0 0b cf f ).  

The maximum principal effective stress is max , and c  and t  are the effective 

compressive and tensile cohesion stress, respectively. c  and t  are defined as 

(1 )= −c c cd   and (1 )= −t t td  ; CK  is the ratio of second stress invariants 

on tensile and compressive meridians. 

The shape of the yield surface in a plane stress state is reported in Fig. 3.26. 
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Fig. 3. 26 – CDP model yield surface in plane stress. 

 

The plasticity model assumes a non-associated potential plastic flow rule: 

( )
( )

pl
G 

 



=


       (Eq. 3.17) 

where 
pl  is the plastic strain rate vector and   the stress vector. 

The flow potential G  is the Drucker-Prager hyperbolic function given by: 

( )
2 2

0 tan tantG q p  = + −      (Eq. 3.18) 

where 0t  is the uniaxial tensile stress at failure,   is the eccentricity of the plastic 

potential surface that defines the rate at which the function approaches the asymptote 

(the flow potential tends to a straight line as the eccentricity tends to zero), and   is 

the dilatancy angle measured in the −p q  deviatoric plane at high confining pressure. 

As previously discussed, CK  is the ratio between the magnitudes of deviatoric stress 

in uniaxial tension and compression; CK  ranges between 0.5 (Rankine yield surface) 
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and 1 (Von Mises). If one would refer to the Mohr-Coulomb yield surface function (Al-

farah et al. 2017), CK  would be written as: 

3 sin
3 sin
−

=
+

CK 


        (Eq. 3.19) 

where   is the friction angle of the material. It is suggested to use CK  equal to 2/3 

for concrete. Nevertheless, in numerous masonry applications the value of CK  is 

usually kept the same as for concrete (Acito et al., 2014; Valente & Milani 2018; 

Milani 2019); this is also true for the value of the 0 0b cf f  ratio usually set equal to 

1.16 and for the eccentricity   set equal to 0.1. 

A sketch of the yield surface in the deviatoric plane for different CK  values is reported 

in Fig. 3.27. 

 

 

Fig. 3. 27 – CDP model yield surface in the deviatoric plane corresponding to different values of CK . 

 

The model is integrated using the backward Euler method, generally used for the plas-

ticity models implemented in Abaqus. Moreover, the material models which exhibit 

softening behaviour and stiffness degradation often lead to severe convergence diffi-
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culties. Some of these convergence issues can be overcome by using a visco-plastic 

regularization of the constitutive equations.  

Hence, for the CDP model, Abaqus provides a Duvant-Lions regularization using vis-

co-plasticity, which permits stresses to be outside of the yield surface. According to 

this strategy, the visco-plastic strain rate tensor, 
pl
v , is defined as: 

1 ( )pl pl pl
v v  = −

μ
       (Eq. 3.20) 

where   is the viscosity parameter, representing the relaxation time of the visco-

plastic system and 
pl  is the plastic strain evaluated in the inviscid backbone model. 

Similarly, a viscous stiffness degradation variable, vd , is defined for the visco-plastic 

system as: 

1 ( )= −v vd d d


       (Eq. 3.21) 

where d  is the degradation variable evaluated in the inviscid backbone model. The 

stress-strain relation of the visco-plastic model is given as: 

(1 ) : ( )el pl
vD  = − −0vd       (Eq. 3.22) 

The solution of the visco-plastic system relaxes to that of the inviscid case as 

→t  , where t  represents the time. Using the visco-plastic regularization with a 

small value for the viscosity parameter (small compared to the characteristic time in-

crement) usually helps to improve the rate of convergence of the model in the soften-

ing regime, without compromising the accuracy of the results. 

 

3.2.3 Shear mechanical response of the CDP model 

The CDP model parameters refer to uniaxial compression and tensile laws that can be 

directly set into Abaqus. However, when dealing with seismic actions, it is well known 

that special attention should be paid to the performance of the model during shear. In 

this context, the following paragraph is intended to investigate the actual mechanical 

response of the constitutive model subjected to shear actions. 
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3.2.3.1 Numerical investigation of the CDP cyclic shear response on a single el-

ement specimen 

The main purpose of the numerical investigation herein presented is to assess the cy-

clic shear response predicted by the CDP model. The simulations have been per-

formed on a quadrilateral specimen of 1 m length, discretized with one 2D shell ele-

ment with four nodes and reduced integration (CPS4R). A sketch of the model is dis-

played in Fig. 3.28 with the adopted load path. The specimen is perfectly fixed at the 

base, while on the upper surface the shear condition is applied through a prescribed 

displacement input in the X direction preventing any other movements. 

 

 

Fig. 3. 28 – Quadrilateral CPS4R element and load path adopted for the cyclic shear tests. 

 

The stress-strain relationships and the damage laws adopted for the compressive and 

tensile behaviour of the CDP model refer to the study by Zizi et al. (2017) on the cy-

clic response of brick-cement mortar masonry walls (Figs. 3.29-3.30); the proposed 

calibration of the CDP parameters is also reported in Tab. 3.3. 
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Fig. 3. 29 – Compressive (a) and tensile (b) uniaxial relationships adopted for the cyclic shear tests 

(Zizi at al. 2017). 

 

 

Fig. 3. 30 – Damage relationships adopted in compression (a) and tension (b) for the cyclic shear tests 

(Zizi at al. 2017). 

 

  
cw    CK  0 0/b cf f  

(°) (-) (-) (-) (-) 

35 0.27 0.1 1 1.16 

Tab. 3. 3 – Model parameters adopted for the cyclic shear tests (Zizi et al. 2017). 

 

The first set of analyses has focused on the CDP response at different levels of im-

posed deformation, adopting increasing displacement amplitudes: 0.1-0.5-1-2-3 mm. 

The results in terms of force-displacement curves are depicted in Fig. 3.31. For a tar-

get displacement equal to 0.1 mm (red curve), the response stays in the elastic range 

as the action is too weak to activate the non-linear capacities of the model. Converse-
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ly, when higher displacement amplitudes are imposed the non-linear response of the 

model is mobilized. Indeed, starting from the 0.5 mm case (blue curve) the stiffness 

degradation and energy dissipation due to both plasticity and damage is observed in 

each simulation. It is also clear that, as the amplitudes keep rising up, these two as-

pects become increasingly relevant. Moreover, when the 2 and 3 mm target dis-

placement are considered (yellow and magenta curves, respectively), a material 

strength reduction is also observed, leading to very low residual resistances. 

 

 

Fig. 3. 31 – Force-displacement curves derived for the different adopted amplitudes using the calibra-

tion proposed in Zizi et al. (2017). 

 

Then, the numerical investigation has proceeded with a sensitive analysis concerning 

the model parameters, varying one by one the corresponding values reported in Tab. 

3.3. The results are listed in Figs. 3.32-3.36 in terms of force-displacement curves 

obtained only for the target displacement equal to 1 mm. 

In Fig. 3.32 the influence given by the dilatation angle is inspected in the range 0-50 

(it is worth pointing out that it is not possible to set a null value for the dilation angle; 
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thus, it was approximated to  =0.01). The loops suggest a remarkable dependency 

of the response predicted by the model from this parameter. Indeed, as the dilatancy 

angle increases, the curves show a progressive stiffer behaviour; meanwhile the ma-

terial strengths exhibited at -1 mm tend to increase, attaining very significant values 

for  =35-50 (yellow and magenta curves, respectively).  

Hence, the dilation angle enhances the material shear strength, but careful attention 

should be paid when high values are used, as they can potentially lead to unreliable il-

limited residual resistance. This is also in agreement with the findings provided by 

Monti Di Sopra (2009).  

A similar trend is observed for the stiffness recovery parameter cw , as can be ob-

served in Fig. 3.33. Also in this case, as the parameter values increase, the response 

becomes stiffer and the resistances start to increase because of the recovery effect, 

which reaches the full recovery for cw =1. 

Conversely, the parametric analyses concerning the effects of the eccentricity   (Fig. 

3.34), the CK  parameter (Fig. 3.35) and the 0 0b cf f  ratio (Fig. 3.36) do not highlight 

any sensitivity of the model from these parameters. 

Therefore, the parameters that can significantly affect the cyclic shear response of the 

model are identified in the dilatancy angle and in the stiffness recovery parameter. 
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Fig. 3. 32 – Parametric analysis results: influence of  . 

 

 

Fig. 3. 33 – Parametric analysis results: influence of cw . 
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Fig. 3. 34 – Parametric analysis results: influence of  . 

 

 

Fig. 3. 35 – Parametric analysis results: influence of CK . 
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Fig. 3. 36 – Parametric analysis results: influence of 0 0/b cf f . 

 

3.2.3.2 Shear response of masonry walls  

In this section, the capabilities of the CDP model to predict the experimental response 

with reference to the lateral capacity of masonry walls is presented, taking into ac-

count both pushover and cyclic shear tests. 

 

3.2.3.2.1 Pushover tests on masonry walls 

The masonry walls herein analysed refer to two walls tested within the experimental 

campaign reported by Raijmakers & Vermeltfoort (1992). The panels are character-

ised by a width of 0.99 m, height of 1.00 m and thickness of 0.10 m, as depicted in 

Fig. 3.37. They are made of wire-cut solid clay bricks with dimensions 210×52×100 

mm
3

 and 10 mm thick mortar layers.  

The first wall (MW1) does not present any irregularity, while the second one (MW2) is 

characterized by an opening of dimensions 400×235 mm
2

, which is also not perfect-

ly centred with respect to the vertical axis of symmetry. The tests were carried out by 

first applying a uniformly distributed vertical load equal to 300 kPa and then an in-
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creasing horizontal displacement precluding any rotation and vertical displacement at 

the top of the walls up to the collapse. 

 

 

Fig. 3. 37 – Sketch of the MW1 and MW2 (modified from Lasciarrea et al. 2019). 

 

The mechanical properties and most of the numerical parameters adopted for both 

walls have been derived from Annecchiarico et al. (2010), which already performed a 

numerical investigation on the MW1 wall, adopting the CDP model, according to an 

energetic approach for the description of the tensile material behaviour. In addition, 

the authors mainly focused on a sensitivity analysis on the tensile peak strength and 

on the mesh size used for the numerical simulations.  

Herein, a macro-modelling approach is adopted with an elastic perfectly plastic be-

haviour in compression, reported in Fig. 3.38a, while a typical brittle material re-

sponse with a linear softening is considered in tension after that the peak strength is 

reached, keeping about 10% of the residual resistance, as shown in Fig. 3.38b. 
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Fig. 3. 38 – Stress-strain relationships adopted for the two masonry walls in a) compression and b) 

tension. 

 

The CDP parameters are summarized in Tab. 3.4. 

 

  
0E      

0 0/b cf f    CK  

(Kg/m
3
) (MPa) (-) (°) (-) (-) (-) 

1500 3000 0.15 20 1.16 0.1 2/3 

Tab. 3. 4 – Model parameters adopted for the pushover analyses performed on MW1 and MW2. 

 

The numerical analyses have been carried out using a 2D model generated using 

CPS3 linear triangular elements. The loading phases reproduce those implemented 

during the experimental test, consisting in a first phase in which the uniformly distrib-



 92 

uted prestress load is applied at the top of the wall and a second phase during which 

the shear condition is imposed. The prescribed target displacements are 5 mm and 

20 mm, for MW1 and MW2 respectively.  

Focusing on MW1, the main objective of this study is to investigate the influence 

played by the viscosity parameter   on the lateral capacity of the wall. To this aim, a 

sensitivity analysis regarding this parameter has been carried out, keeping any other 

variable unchanged as reported in Tab. 3.4.  

As shown in Fig. 3.39, the lateral capacity of the wall is assessed comparing the 

pushover curves obtained at the end of each simulation with the experimental ones 

(J4D and J5D specimens) and those of the numerical analyses by Annecchiarico et 

al. (2010) and Lourenço (1996). This latter one was obtained through a discrete 

model in which the joints were modelled as interface elements allowing for crack, slip 

or crushing, adopting a Mohr-Coulomb friction with tension cut-off and a cap for 

compressive failure. 

Five values of   have been assumed ranging from 0 to 2.5E-3. It is worth noting that 

the elastic response is not influenced by the viscosity value and, in all cases, the peak 

strength is caught quite well. If the viscosity is not considered (  =0), the analysis 

fails in proximity of the peak resistance not allowing any post-peak softening branch. 

On the contrary, when the viscosity is taken into account, the analyses do not present 

significant convergence issues; additionally, as the viscosity values increase, the in-

clination of the softening branch becomes less marked.  
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Fig. 3. 39 – Pushover analyses performed on MW1 with different values of viscosity parameter   

considering a fixed value of loading time t  equal to 1 s. 

 

All the presented simulations have been performed setting the loading time to t =1 s. 

Since there is a direct relation between   and t  (Section 3.2.2), the next step has 

been to conduct a sensitivity analysis keeping   fixed and equal to 1.15E-3 (blue 

curve in Fig. 3.39) and varying t  in a range between 0.1-100 s.  

The results are summarized in Fig. 3.40. They show that for small values of t , the 

analysis can face convergence issues and could potentially overestimate the peak re-

sistance. Conversely, larger values of loading time seem to ensure a more stable so-

lution; indeed, the 10 and 100 s analyses appear to be very close to each other, sug-

gesting that the convergence of the numerical solution is attained. 

All these findings about the relation between viscosity and loading time are in agree-

ment with the studies carried out by Szczecina & Winnicki (2015, 2017) using CDP to 

model reinforced concrete structures. 
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Fig. 3. 40 – Pushover analyses performed on MW1 with different values of loading time t  considering 

a fixed value of viscosity parameter   equal to 1.15E-3. 

 

Finally, the crack patterns obtained from experimental tests on the panels (Fig. 3.41) 

are in fair agreement with the distribution of the plastic strain (Fig. 3.42) resulting 

from the numerical simulations performed assuming t =100 s. 

 

 

Fig. 3. 41 – Crack pattern recorded from the experimental test on two specimens of MW1, namely J4D 

and J5D. 
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Fig. 3. 42 – Plastic strain (PE) contours recorded for the pushover analysis considering t =100 s. 

 

The wall with an asymmetric opening, i.e. MW2 in Fig. 3.37, has been also analysed 

assigning the same material properties of the MW1 case. The wall presents an open-

ing constituting an additional (geometric) non-linearity that causes further conver-

gence issues in running the analysis. For this reason, the first step has consisted in 

assessing a proper value of the viscosity parameter to overcome this problem. The 

time t  was kept equal to 20 s in each pushover test (the target displacement is 20 

mm, thus 1 mm per second). The results are plotted in Fig. 3.43 together with the ex-

perimental data (J2G and J3G specimens) and the numerical curves provided by Lou-

renço (1996) and Lasciarrea et al. (2019). In Lasciarrea et al. (2019), the simulations 

were carried out through the so-called Jointed Masonry Model (JMM), an anisotropic 

elastic perfectly plastic constitutive model accounting for the directional properties of 

the medium by defining the orientation of three planes along which the Mohr-Coulomb 

yield criterion is applied. 

Once again, if   is neglected (red line Fig. 3.43), the analysis faces severe conver-

gence problems, barely arriving at the peak structural strength. For viscosity equal to 

either 5E-4 or 1E-3 (respectively blue and green curve in Fig. 3.40), the simulations 

run successfully. However, the solutions look numerically disturbed and the residual 

strength is still quite underestimated in comparison with the experimental evidence. 

Adopting higher values of   (but still rather small with respect to t ) helps to mitigate 

these aspects, as shown by the yellow (  =5E-3) and the magenta (  =1E-2) 
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curves, which also fit better with the experimental data and the other numerical pre-

dictions. 

 

 

Fig. 3. 43 – Pushover analyses performed on MW2 with different values of viscosity parameter   

considering a fixed value of loading time t  equal to 20 s. 

 

The following step has been to assess the mesh sensitivity of the solution, consider-

ing three types of mesh refinement: coarse, fine and very fine. The size characteris-

tics for each case are reported in Tab. 3.5, while the corresponding FE mesh discreti-

zation is shown in Fig. 3.44. These simulations have been executed adopting a vis-

cosity value  =1E-2. 

 

MESH 

REFINEMENT 

NUMBER OF  

ELEMENTS 

NUMBER OF 

NODES 

Coarse 314 190 

Fine 1278 705 

Very Fine 3646 1939 

Tab. 3. 5 – Problem size characteristics for the coarse, fine and very fine mesh discretization. 
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Fig. 3. 44 – Coarse, fine and very fine discretization adopted for the mesh sensitivity analysis on MW2. 

 

The pushover curves are depicted in Fig. 3.45 and show that the model is affected by 

mesh-sensitivity issues. Indeed, the curves do not completely superimpose each oth-

er once the elastic phase is passed and, as a consequence, the post-peak response 

is different in each simulation. It is worth noting that the trends are anyway rather 

similar and the overall behaviour is well captured in comparison to the experimental 

tests and to other available numerical approaches results. 
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Fig. 3. 45 – Pushover curves obtained for the coarse, fine and very fine mesh discretization on MW2. 

 

Moreover, in Fig. 3.46 and Fig. 3.47 the comparison between the crack patterns rec-

orded during the experimental tests and the plastic strain contours obtained from the 

three meshes is presented. The experimental crack pattern mainly follows the mortar 

joints paths and is very similar for both specimen walls, characterized by a diagonal 

crack connecting the upper right corner to the bottom left one, involving the area 

close to the opening. Other horizontal cracks can be recognized in the upper part of 

the left edge of the J2G panel and in lower part of the right edge of both panels.  

Looking at the numerical prediction, it is worth noting that even the coarse mesh 

model is able to give reliable indications about the failure mechanism of the masonry 

wall; surely, the accuracy increases with the mesh refinement. Indeed, the very fine 

mesh reproduces quite accurately all the main features of the experimental crack pat-

tern. 
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Fig. 3. 46 – Crack pattern recorded from the experimental test on two specimens of MW2, namely J2G 

and J3G. 

 

 

Fig. 3. 47 – Plastic strain (PE) contours recorded for the pushover analyses performed for the three 

types of mesh discretization. 

 

Finally, a further parametric analysis has been performed on the CDP model parame-

ters to assess their influence on the lateral capacity of the masonry wall. Specifically, 
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the analysis has regarded the following parameters: the dilatancy angle ( ), the ec-

centricity ( ), the parameter that defines the yield surface in the deviatoric plane 

( CK ) and the ratio of the initial biaxial compressive yield stress to initial uniaxial 

compressive yield stress ( 0 0b cf f ).  

The results are shown in Figs 3.48-3.51. The most sensitive parameter for the model 

is the dilatancy angle   (Fig. 3.48). In fact, for small values (10 and 15) it manifests 

poor convergence, while, on the other hand, assuming higher and higher values of   

(20 and 30) the simulation is successfully carried out; nonetheless the peak re-

sistance tends to increase and the post-peak branch can also be modified. The anal-

yses run for the eccentricity parameter   (Fig. 3.49) do not show any significant 

change for the considered range of values. The curves derived from the CK  para-

metrization (Fig. 3.50) highlight convergence problems for the minimum value equal 

to 0.5; for higher values, such problem is avoided and no model sensitivity to this pa-

rameter is recognized. Finally, for the 0 0b cf f  ratio (Fig. 3.51) the simulations show 

just a slight and negligible deviation of the 0 0b cf f =2 simulation from the overall 

behaviour depicted in the other cases. 
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Fig. 3. 48 – Sensitivity analysis on the CDP model parameters: effect of the dilatancy angle  . 

 

 

Fig. 3. 49 – Sensitivity analysis on the CDP model parameters: effect of the eccentricity  . 
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Fig. 3. 50 – Sensitivity analysis on the CDP model parameters: effect of CK  parameter. 

 

 

Fig. 3. 51 – Sensitivity analysis on the CDP model parameters: effect of the 0 0b cf f  ratio 
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3.2.3.2.2 Cyclic shear tests on masonry walls 

Some examples of cyclic shear tests on masonry walls adopting the CDP model are 

herein briefly recalled with the most significant findings.  

In Karimi et al. (2016) a brick masonry wall and an arch were analysed using this 

constitutive model attaining a good agreement with the experimental outputs in terms 

of force-displacement curves and damage/crack patterns.  

In Zizi et al. (2017) the authors performed a vast parametric analysis (i.e. a total of 

108 numerical simulations) in order to properly calibrate the CDP model parameters. 

Once again, the dilatancy angle was found to be the most sensitive parameter, as well 

as the compression recovery parameter cw  as already pointed in Section 3.2.3.1. 

The best comparison with the experimental test obtained by Zizi et al. (2017) is 

shown in Fig. 3.52, revealing a very good agreement of the numerical outcomes with 

the experimental data. 

 

 

Fig. 3. 52 – Comparison between experimental and numerical results derived adopting the CDP model 

from Zizi et al. (2017). 

 

Nevertheless, it is also worth pointing out that the model is characterized by some 

limitations that occasionally can avoid to correctly catch the overall cyclic response 

of a masonry wall, as reported by Monti Di Sopra (2009). The study mainly focused 

on the cyclic shear response of clay-brick walls modelled by means of the CDP mod-

el. Fig. 3.53 shows the final calibration proposed by the author for the MS1 specimen. 
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It is clear that, despite the peak resistance is still fairly caught, the numerical results 

underestimate the experimental data with reference to the residual strength. The au-

thor attributes this mismatch to one of the characteristics of the model, i.e. the isotro-

py formulation. Indeed, masonry damage is strongly dependent on the direction con-

sidered and, as already discussed previously, the real weakness of a masonry struc-

ture are the horizontal mortar joints and the interface between them and the units, 

while the vertical joints are usually characterized by a less consistent damage due to 

the interlocking effect. 

In reality, the damage and plasticity formulation adopted in the CDP takes into ac-

count an isotropic damage of the material, thus considering it equal in any direction. 

Hence, a lower residual strength is predicted by the model and, conversely, the ener-

gy dissipation is overestimated. 

 

 

Fig. 3. 53 – Comparison between experimental and numerical results derived adopting the CDP model 

from Monti Di Sopra (2009) (modified). 
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CHAPTER 4: SOIL-STRUCTURE INTERATION ANALYSIS OF A REPRE-

SENTATIVE CASE-STUDY 

 

 

4.1 Introduction 

The present Chapter discusses the SSI numerical analyses carried out on a repre-

sentative case-study, which considers a masonry tower standing on different soil de-

posits. After the description of the main features characterizing the examined tower, 

the procedure followed to select the soil profiles is presented. The stratigraphic se-

quences are classified according to their heterogeneity degree along the depth of the 

deposit by means of an appropriate parameter. 

Two different models have been adopted to characterize the soil dynamic behaviour: a 

linear visco-elastic (LIN) and an equivalent-linear visco-elastic (EQ-LIN) model. In-

deed, the two approaches are functional to investigate two different effects on the dy-

namic response of the tower: the LIN soil modelling is adopted to analyse the effect 

given by the stratigraphic heterogeneity, while the effect of the non-linear soil behav-

iour is examined through the EQ-LIN approach. In the first case (i.e. LIN), the small-

strain stiffness and a constant damping ratio are used for each soil layer, thus ne-

glecting the change of the soil dynamic properties with the shear strain level induced 

by the earthquake. To introduce the non-linear behaviour of the soil into the FE simu-

lations, instead, a simplified procedure has been adopted: starting from the same 

stiffness profiles implemented in the LIN cases, 1D equivalent-linear visco-elastic 

analyses have been conducted with EERA (Bardet et al. 2000), accounting for the de-

crease of shear stiffness and increase of damping with the shear strain. The resulting 
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profiles with depth of the shear stiffness and damping ratio have been, then, used as 

input in the EQ-LIN models of the deposit, still adopting a total stress-based visco-

elastic model for each soil layer. This allows to account for, in a simplified way, the 

main effects of the non-linear soil behaviour on the wave propagation process from 

the bedrock to the surface of the deposit, without using an elasto-plastic constitutive 

model able to describe these effects. It should be noted that advanced effective 

stress-based non-linear soil models (e.g. multi-surface kinematic hardening or 

bounding surface models) are rarely implemented in FE codes, such as Abaqus, as 

they require the calibration of a big number of parameters and a proper initialization of 

their state variables, depending on the complex geological stress history of the depos-

it (Kavvadas & Amorosi 2000; Rouainia & Wood 2000). The advanced approach also 

requires the solution of the solid-fluid interaction equations under dynamic loading, 

developed within the framework of the general consolidation theory (Biot 1941). Fu-

ture developments of the present study will, therefore, consist in the implementation 

of such advanced soil constitutive laws in Abaqus, to perform non-linear dynamic 

simulations of a 3D model of the tower with its foundation deposit.  

In the following, a preliminary validation of the effectiveness of the dynamic boundary 

conditions for the seismic ground response analyses (SRA) under free-field condi-

tions is carried out adopting as benchmark the results provided by the code EERA. 

For this purpose, natural frequencies, amplification functions, spectral acceleration 

response spectra and Fourier spectra are compared. Then, a complete 3D SSI model 

consisting in the tower, its foundation and the surrounding soil is considered. The SSI 

analyses have mainly consisted in modal eigenvalues analyses and linear and non-

linear dynamic time-history simulations. Hence, the main outcomes derived from the 

3D numerical simulations are discussed, also highlighting the deviations recorded 

with respect to the tower fixed-base scheme. 

 

4.2 Description of the ideal case study 

The structural model of the tower follows the ideal case-study outlined in the work by 

Casolo et al. (2017), which embodies the main features of many recurring bell towers 
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located in the seismic areas of Northern Italy. A sketch of the tower, which is sup-

posed to be structurally independent from other buildings, is shown in Fig. 4.1, to-

gether with a vertical cross section where the geometrical dimensions are reported. 

Its configuration is regular both in plan and in elevation, with a square base section of 

5.30m x 5.30m, a larger square foundation of 6.80m x 6.80m and a total height of 

27m, resulting in a slenderness ratio equal to 5. The masonry walls thickness starts 

from 1.00m at the basement level and then it reduces to 0.85m. 

 

 

Fig. 4. 1 – a) 3D CAD model of the masonry tower; b) vertical section of the structure. 

 

The soil deposit has been modelled mainly focusing on the stratigraphic heterogeneity 

aspect. Indeed, the original work by Casolo et al. (2017) considered the tower resting 

on homogeneous soil deposit. Additionally, a realistic stratigraphic soil sequence is 

rarely considered in the available scientific literature, with the exception of very few 

cases (e.g. de Silva et al. 2018a, b; De Angelis et al. 2022). 

Thus, the soil deposits are characterized by different stratigraphic sequencies, whose 

shear wave velocity ( SV ) profiles cover the range identified by Falcone et al. (2021) 
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for typical lithological successions of clay and sand cover soils in Italy. Therefore, the 

SV  sequences might be considered as representative of real site conditions. 

Seven soil deposits, 30m deep, characterised by the same value of the equivalent 

shear wave velocity ( S,eqV ) equal to 250m/s, are considered (Fig. 4.2a). The S,eqV  is 

defined by: 

S,eq N
i

i 1 S,i

HV
h

V=

=


        (4.1) 

where N is the number of the layers, ih is the thickness of the thi  layer, S,iV  is the 

shear wave velocity of the thi  layer, while H is the deposit depth. Thus, according to 

the Italian Code NTC2018 (Consiglio dei Ministri, 2018), the soil deposits can be 

classified as class C, characterised by 180< S,eqV <360m/s. 

The soil stratigraphies can be divided into two groups. The first one is composed by 

multiple soil layers deposits classified by means of the   parameter (Vinale & Simo-

nelli 1983) defined as: 

H

0

V
V

=          (4.2) 

where HV  and 0V  are, respectively, the shear wave velocity at the bottom and at the 

surface of the soil deposit; five different values equal to 1 (i.e. homogeneous condi-

tion), 2.5, 5, 10 and 15 are taken into account. 

The second group is, instead, characterized by a simpler 2 layers geometry, repre-

sentative of a clay/sand and a sand/clay sequence (respectively the CS and SC profile 

depicted in Fig. 4.2a) aimed at investigating the effect of a stratigraphic inversion 

along the soil depth. For the sake of completeness, the CS case would correspond to 

a heterogeneity degree equal to  =2.28, while the SC case to  =0.44. In Fig. 4.2b 

the corresponding shear stiffness modulus 0G  profiles are also shown. 

 



  109 

 

Fig. 4. 2 – Soil profiles selected to describe the stratigraphic heterogeneity: a) SV  and b) 0G  profiles. 

 

Finally, in the equivalent-linear framework, it is necessary to introduce the modulus 

reduction curve 0G / G  and variation of damping ratio D  with shear strain level   in 

order to describe the non-linear soil response. Generally, they are set according to the 

scientific literature or experimental data, if available. In this work, they have been de-

fined according to Vucetic & Dobry (1991) as a function of the plasticity index (PI) of 

the soil. In particular, the PI=50% curves have been selected as representative of the 

soil behaviour for all the deposits (Fig. 4.3). 
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Fig. 4. 3 – Modulus reduction curve 0G / G  and variation of damping ratio D  with shear strain level   

defined for a plastic index equal to 50% according to Vucetic & Dobry (1991). 

 

4.3 Preliminary free-field seismic ground response analyses  

In order to provide a benchmark for the FE seismic response analyses, a series of lin-

ear (LIN) and equivalent-linear (EQ-LIN) visco-elastic analyses have been carried out 

using the code EERA. EERA  is a numerical software able to perform one-dimensional 

SRA, operating in the frequency domain and relying on the assumption of equivalent-

linear visco-elastic soil behaviour. It models the non-linear variation of soil shear 

modulus and damping with shear strain through a sequence of linear analyses with it-

erative update of stiffness and damping parameters. For a given soil layer, G  and D  

are assumed to be constant with time during the shaking. Therefore, an iterative pro-

cedure is needed to ensure that the properties used in the linear dynamic analyses are 

consistent with the level of strain induced in each layer by the input motion. 

The analysis is performed adopting a total stress approach. This means that excess 

pore water pressures induced by the earthquake cannot be predicted and the dis-

placements due to consolidation processes cannot be calculated. The model em-

ployed to describe the mechanical behaviour of soils is visco-elastic. Therefore, the 

method cannot predict permanent soil displacements or cumulated strains at the end 
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of the analysis. Even though the iteration process allows to approximate the non-

linear soil behaviour, the approach is still a linear method of analysis. The strain com-

patible soil properties are constant throughout the duration of the earthquake. The 

method is, thus, not capable of representing changes in soil stiffness and hysteretic 

damping during the seismic action. For problems where the strain levels remain low 

(stiff soil profile and/or relatively weak input motions), the equivalent-linear method 

can produce reasonable estimates of ground response. For high seismic intensities at 

bedrock, non-linear time-domain analyses should be preferred as they are likely to 

provide better results (Kramer 1996; Lanzo & Silvestri 1999). 

The modulus reduction curve 0G / G  and variation of damping ratio D  adopted in the 

SRA simulations are those reported in Fig. 4.3. If the simpler linear visco-elastic be-

haviour (LIN) is assumed, G  and D  do not vary during the analysis, i.e. the final G  

profiles coincides with the 0G  ones reported in Fig. 4.2b.. 

The reference input motion employed in the numerical simulations is represented by 

the X component of the South Iceland earthquake of the 17 June 2000 recorded on 

site class A. Its time-history and Fourier spectrum are shown in Fig. 4.4. The seismic 

signal is characterised by a maximum acceleration of 0.12g, a predominant frequency 

around 4.20 Hz and a time step equal to 0.005 s. The selected input motion has been 

directly applied at the bottom of the numerical models, considered as a rigid bedrock. 

It is worth noting that for the EQ-LIN approach the results are signal-dependent, unlike 

for the LIN approach. 

 

 

Fig. 4. 4 – South Iceland earthquake of the17 June 2000 recorded on site class A: a) acceleration time-

history and b) Fourier spectrum. 
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The main results of the EERA EQ-LIN analyses are shown in Fig. 4.5a-d, in terms of 

profiles of maximum shear strain max , shear modulus reduction 0G / G , damping ra-

tio D  and maximum acceleration maxa  attained during the input motion. The shear 

strains reach their highest values where the maximum damping ratio and the mini-

mum shear stiffness are attained, i.e. in the upper part of the deposit with the excep-

tion of  =1 and SC profiles. The maximum acceleration (Fig. 4.5d) is expected at 

the surface in all the analysed cases apart from the SC case, where the peak value is 

reached at 24m below the surface. 

The EERA LIN analyses results are reported in Fig. 4.5e-f in terms of maximum shear 

strain and acceleration attained during the seismic event. With the purpose to catch 

the average response of the EQ-LIN analyses (Fig. 4.5c), the LIN simulations have 

been carried out considering a damping factor D  equal to 5% for all the soil layers of 

cases  =10 and  =15, while an average damping ratio of 4% is assigned to the 

soils of the remaining stratigraphic profiles. 

The shear strains reach their maximum value in the upper part of the deposit with the 

exception of  =1 and SC profiles; as expected, CS and SC have a mirrored behav-

iour along the depth (Fig. 4.5e). The maximum acceleration profiles in Fig. 4.5f point 

out that, starting from a common peak base amplitude equal to 0.12g, the maximum 

shaking is expected at the surface in all the analysed cases. 
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Fig. 4. 5 – a-d) Results of the 1D SRA carried out with EERA for each soil profiles considering the 

equivalent-linear visco-elastic approach (EQ-LIN): a) maximum shear strains, b) 0G / G , c) damping 

ratio and d) maximum accelerations along the deposit depth. e-f) Results of the 1D SRA carried out 

with EERA for each soil profiles considering the linear visco-elastic approach (LIN): e) maximum shear 

strains and f) maximum accelerations along the deposit depth. 

 

Fig. 4.6 depicts the amplification functions derived from both the LIN and EQ-LIN 

simulations, while Tab. 4.1 collects the recorded peak ground accelerations values 

(PGA), magnification factors (MF) (derived as the ratio between maxa  at the surface 

and at the bottom of the soil deposit) and the first two resonance frequencies of the 
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deposits ( SOILf ). Consistently with the literature (Vinale & Simonelli 1983, Gazetas 

1982), two main phenomena can be recognized: with respect to the homogeneous 

case, the first natural frequency clearly shifts towards higher values as the parameter 

  increases (apart for the SC case which, indeed, is the only characterized by a low-

er heterogeneity parameter   than the homogenous case), while the higher frequen-

cies tend to reduce with increasing heterogeneity. The second frequency is higher 

than the one characterizing the homogeneous deposit only for CS and   equal to 2.5 

and 5, but then reduces considerably for higher values of heterogeneity ratios. More-

over, the heterogeneity implies an evident amplification of all the natural frequencies, 

except for the SC case. This can be attributed to the lower shear wave velocity adopt-

ed for the shallower soil layers as   increases. 

On the other hand, the non-linear behaviour introduced in the EQ-LIN simulations im-

plies a reduction of the soil resonance frequencies and an attenuation of the recorded 

PGA with respect to the LIN analyses (Tab. 4.1), which can be remarkable as testified 

by the MF values. 

 

 

Fig. 4. 6 – EERA amplification functions: a) LIN analyses and b) EQ-LIN analyses. 
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 LIN EQ-LIN 

SOIL 

PROFILE 

PGA 

(g) 

MF SOIL 1f −
 

(Hz) 

SOIL 2f −
 

(Hz) 

PGA 

(g) 

MF SOIL 1f −
 

(Hz) 

SOIL 2f −
 

(Hz) 

 =1 0.39 3.11 2.08 6.25 0.31 2.52 1.84 5.66 

 =2.5 0.60 4.78 2.51 6.49 0.53 4.26 2.28 5.89 

 =5 0.74 5.86 2.90 6.62 0.51 4.03 2.72 6.11 

 =10 0.86 6.82 3.44 6.14 0.75 5.98 3.01 4.83 

 =15 1.30 10.30 3.64 5.49 0.56 4.47 2.75 4.82 

CS 0.60 4.76 2.48 6.40 0.48 3.84 2.19 5.85 

SC 0.29 2.31 1.55 6.12 0.24 1.90 1.37 5.29 

Tab. 4. 1– Peak ground acceleration (PGA), magnification factor (MF), first and second resonance fre-

quencies derived for each soil deposit from the EERA LIN and EQ-LIN analyses. 

 

The results of the EERA LIN simulations are also proposed in terms of first and sec-

ond natural periods ( 1T  and 2T ) of the heterogeneous deposits normalized by the 

“equivalent” homogeneous ones ( eqT ) in line with Gazetas (1982). It should be noted 

that, according to Gazetas (1982), the “equivalent” homogeneous medium has been 

defined, for each case, as the one having the same shear wave velocity of the hetero-

geneous profile at the middle of the deposit.  

Bearing in mind these remarks, Fig. 4.7 shows the variation of eqT / T  as a function of 

 , excluding the CS and SC cases which have different characteristics from the other 

profiles (i.e. only two layers versus seven and an inverse trend of SV  with depth for 

the SC case). It can be stated that 1T  is lower than the first natural period of the 

equivalent homogeneous deposit until  =10, reaching a minimum for  =2.5; then 

it becomes bigger for  =15. On the contrary, 2T  is always bigger than eqT  and 

seems to monotonically increase with the heterogeneity ratio. 

These trends look consistent with the results provided by Vinale & Simonelli (1983) 

and Gazetas (1982) based on analytical solutions. 
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Fig. 4. 7 – First and second soil natural periods ( T ) normalized for the equivalent homogeneous peri-

ods at the middle of the deposit ( eqT ) plotted as function of   for the EERA LIN analyses. 

 

4.4 Validation of the FE numerical model 

When performing dynamic analyses which involve large domains, a crucial point in 

the reliability of the numerical outputs is represented by the appropriate setting of the 

dynamic boundary conditions. Indeed, since the numerical model is finite, the mesh 

boundaries could reflect the energy introduced by the dynamic action in the system 

back inside the model itself, which is not physically possible and would be a potential 

source of error in the numerical solution. 

The SSI case-study which involves the tower and surrounding soil deposit falls in this 

set of problems and is even more critical because of the presence of the tower which 

adds a further complication. 

In this context, to verify the effectiveness of the dynamic boundary conditions, also 

considering that the adopted FE software Abaqus is not extensively used in soil dy-

namics applications, a series of 2D and 3D SRA analyses have been performed. The 

results are compared to those obtained with EERA, considered as benchmark. 
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One of the available solutions to overcome the possible occurrence of multiple reflec-

tions along the outer boundaries of the model is to place viscous dampers capable to 

adsorb the incoming wave energy (Lysmer & Kuhlemeyer. 1969). Abaqus offers a 

similar option consisting in the so-called “infinite elements”, which are elements de-

fined over semi-infinite domains with suitably chosen decay functions based on Lys-

mer & Kuhlemeyer (1969). 

Another option consists in the use of the so-called “free-field boundary conditions”. 

This solution requires an independent free-field model as an extension to the main 

model. In the 2D case, the free-field model comprises two soil columns placed at the 

edges of the main model, with each column acting as a 1D model. In practice, this 

extension requires the analysis of free-field motions either prior to, or in parallel with, 

the analysis of the main model. The procedure is not directly available in Abaqus; 

however, the subroutine proposed by Nielsen (2006, 2014) can be implemented in 

the software. The effectiveness of this numerical approach has been demonstrated in 

Volpini & Douglas (2019) and Volpini et al. (2021). 

One more possibility relies on the use of the so-called “tied-nodes” condition, which 

ensures that the nodes located on the left and right boundaries of the soil domain un-

dergo the same displacements. However, this condition can only be applied if the dis-

tribution of nodes along the two vertical boundaries is identical, i.e. the corresponding 

nodes need to have the same Z-coordinate (Fig. 4.8). Thus, this type of boundary 

condition is suitable., for example, for one-dimensional seismic ground response 

analysis or for any geometrically symmetric boundary value problem (Amorosi et al. 

2016, 2017; di Lernia et al. 2019). Since the analysed soil-tower interaction problem 

meets this requirement, “tied-nodes” have been manually implemented through a 

master-slave relationship boundaries, linking the motion of the control nodes (mas-

ters) to the motion of the counterpart nodes (slaves) symmetrically located on the 

opposite side. At the same time, vertical displacements and rotations are blocked 

along the Z direction (Fig. 4.8).  

The validation of the employed dynamic boundary conditions has been performed 

with reference to 2D and 3D free-field seismic ground response analyses. The 2D 
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model (Fig. 4.8a) is a soil column 2m large and 30m deep; the 3D model (Fig. 4.8b) 

has a square section of 50m x 50m while its depth is equal to 30m. Moreover, the 

coarseness of the FE mesh of the soil domain has been refined to obtain a distance 

between two consecutive nodes smaller than approximately one-eighth of the wave-

length associated with the maximum frequency content of the input motion (Kuhle-

meyer & Lysmer 1973; Bathe 1996), set equal to 15Hz. In addition, since each soil 

profile is characterized by rather different SV  values, the mesh refinements of the soil 

domains have been optimized case by case in order verify this requirement (Tab. 

4.2). 

 

SOIL 

PROFILE CASE 

2D 3D 

NUMBER OF 

ELEMENTS 

NUMBER OF 

NODES 

NUMBER OF 

ELEMENTS 

NUMBER OF 

NODES 


=1 40 63 47245 9251 


=2.5 34 54 74128 13864 


=5 58 90 75634 14305 


=10 34 54 73411 13732 


=15 36 57 72683 13659 

CS 60 93 54797 10489 

SC 30 48 55563 10615 

Tab. 4. 2 – Mesh refinements adopted for each soil profile case in the 2D and 3D models. 
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Fig. 4. 8 – a) 2D and b) 3D Abaqus FE models of the heterogeneous soil deposits ( =10 case). 

 

The soil behaviour has been described by a linear elastic model. The dissipative ca-

pacity of the soil has been introduced through the frequency-dependent Rayleigh vis-

cous damping formulation (Clough & Penzien 1993), in which the damping matrix 

 C  is a linear combination of the mass  M  and stiffness  K  matrices of the sys-

tem: 

     R RC M K= +         (4.3) 

The Rayleigh coefficients R  and R  have been derived as a function of the target 

damping ratio D according to Eq. 4.4: 

R m n

R m n

2D
1

   
=   

+   

  

  
       (4.4) 

The angular frequencies m  and n  are related to the frequencies mf  and nf , defin-

ing the interval over which the viscous damping is equal to or lower than the target 

damping ratio D . The selection of the two frequencies requires a suitable. calibration 

strategy, as proposed, for example, by Hashash et al. (2002) and Amorosi et al. 

(2010). In this work, the two Rayleigh frequencies have been set equal to the first and 

second natural frequencies of the soil deposit. Indeed, modal eigenvalue analyses in-
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dicated that the dynamic behaviour of the tower is particularly influenced by the sec-

ond natural mode of the soil deposit, which confirms the results presented by Casolo 

et al. (2017). 

When the LIN approach is adopted, the shear stiffness profiles implemented in the FE 

models are those corresponding to the initial shear stiffness 0G  and reported in Fig. 

4.2b; on the other hand, the damping ratio D  has been kept constant with the depth 

adopting a value equal to 4% in each analysis, apart for  =10 and  =15 where it 

has been increased to 5%, as already pointed out in Section 4.3 for the EERA simula-

tions.  

Conversely, when the soil non-linearity is also accounted for and, hence, the EQ-LIN 

approach is considered, each soil layer is characterised by the degraded shear modu-

lus and the relative damping ratio evaluated at the end of the equivalent-linear visco-

elastic analyses performed through EERA. Thus, the G  and D  profiles adopted in 

the FE model are in this case reported in Fig. 4.9. 

 

 

Fig. 4. 9 – Shear modulus G  (a) and damping D  ratio (b) profiles adopted for the EQ-LIN calibration 

in the FE simulations. 
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The comparison with EERA for the  =1 case is reported in Fig. 4.10, depicting for 

each analysis the acceleration time-history, the Fourier spectrum and the acceleration 

response spectrum of the signal recorded at the surface of the deposit; in addition, 

the amplification function of the deposit is shown. The latter, for the 2D and 3D anal-

yses, has been computed as the ratio between the Fourier spectrum of the accelera-

tion at surface and the one used as input at the bottom of the deposit. The results 

highlight a very good agreement between both the 2D and 3D models and the out-

comes provided by EERA since no relevant discrepancies have been detected among 

all the different numerical simulations. 

 

 

Fig. 4. 10 – Comparison between the outputs derived at the soil surface for the  =1 case from the 

EERA simulation and the 2D and 3D analyses performed in Abaqus: a) acceleration time-histories; b) 

Fourier spectra; c) acceleration response spectra; d) amplification functions. 
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This also applies to the other soil profiles  =2.5, 5, 10 and to the CS and SC cases 

whose results, for the sake of brevity, are not shown herein. 

A slightly different situation occurs for the  =15 case reported in Fig. 4.11. Alt-

hough the response obtained with the 2D FE model is still practically the same of EE-

RA, the 3D model manifests, on average, a slightly underdamped response. Further 

investigations have been made increasing the dimension of the 3D model and adopt-

ing a finer mesh discretization, but no improvements have been observed. Even if a 

clear justification has not been found, it is thought that the 3D model mismatch is not 

linked to any problem with the boundary conditions settings. It could be related to 

some 3D effects that arise in the simulation as the heterogeneity degree of the deposit 

increases; probably these effects are not caught by the 2D and 1D (EERA) modelling. 

Anyway, the amplification function (Fig. 4.11d) demonstrates that the model is still 

capable to catch the natural frequencies of the deposit and the amplification peaks 

expected by EERA, proving the effectiveness of the strategy adopted for the dynamic 

boundary conditions. 
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Fig. 4. 11– Comparison between the outputs derived at the soil surface for the  =15 case from the 

EERA simulation and the 2D and 3D analyses performed in Abaqus: a) acceleration time-histories; b) 

Fourier spectra; c) acceleration response spectra; d) amplification functions. 
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4.5. Dynamic soil-structure interaction analysis of the tower 

 

4.5.1 Soil-tower interaction model 

The numerical simulations carried out in this study have conducted implementing a 

complete 3D model constituted by the tower, its foundation and the subsoil which 

have been assembled in the FE software Abaqus (Fig. 4.12a). 

 

 

Fig. 4. 12– a) SSI model with the indications of some control points located at the top of the tower 

(point A), at the soil surface (point B) and at the bedrock of the deposit (point C); b) Mesh discretiza-

tion of the tower. 

 

The whole FE model is discretized using 4-node linear tetrahedral elements (C3D4). In 

particular, the tower mesh discretization is shown in Fig. 4.12b; the mesh has been 

refined around the openings and close to the base, in order to achieve an adequate 

numerical accuracy, resulting in 97690 elements and 21547 nodes. On the other 



  125 

hand, the soil deposit dimensions and mesh discretization are the same adopted for 

the SRA analysis performed in free-field condition (Section 4.4). 

The interface between the foundation and the deposit has been realized with a master-

slave relationship: a penalty-type interaction law has been defined for the tangential 

behaviour, while a hard-contact type law has been imposed in the normal direction to 

prevent the interpenetration between the contact surfaces. The “tied-nodes” boundary 

condition has been assumed on the outer sides of the soil domain. 

The soil behaviour has been described by the linear visco-elastic model with Rayleigh 

damping, as described in Section 4.4. 

The SSI analyses consisted in modal frequency analyses, performed with the Lanczos 

method, and linear and non-linear time-history dynamic analyses carried out using the 

unconditionally stable implicit Hilber-Hughes-Taylor time integration scheme, i.e. an 

extension of the Newmark  -method which ensures the stability of the algorithm 

without introducing any additional numerical damping. 

Finally, in Fig. 4.12a are also depicted some control points used to conduct the dy-

namic identification of the compliant-base tower by means of linear elastic dynamic 

analyses. 

 

4.5.2 Dynamic identification of the tower interacting with the soil 

The identification of the dynamic properties characterizing the system composed by 

the tower and the soil deposit has been performed following two complementary 

strategies. In addition to the typical modal eigenvalues frequency analysis usually 

adopted in structural engineering to derive the natural frequencies and the modal 

shapes of the structure, a dynamic analysis of the whole SSI model has been carried 

out assuming a linear elastic relationship for both the tower and the soil. Indeed, from 

this latter numerical approach it is also possible to evaluate the resonance frequen-

cies of the structure and of the soil deposit. Moreover, this analysis has acted as a 

further check to ensure that the dimensions of the soil domain with its boundary con-

ditions are appropriate and do not cause any wave reflection on the outer boundaries. 

This has been checked comparing the signal computed at point B in Fig. 4.12a from 
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the SSI model with the acceleration previously obtained in free-field conditions ne-

glecting the presence of the tower. 

In the following, the linear-elastic dynamic analysis results are first discussed and 

then the modal frequency analysis is presented. 

 

4.5.2.1 Linear-elastic dynamic time-history analyses of the system 

The first objective of these analyses is to check the adequacy of the dynamic bounda-

ry conditions and soil domain size of the SSI model to verify the reliability of the nu-

merical approach. To this purpose, a series of linear visco-elastic dynamic SSI anal-

yses have been performed assuming for both the soil and the tower the linear visco-

elastic behaviour. In particular, the G  and D  profiles of Sections 4.2-4.3 (i.e. LIN 

approach) have been implemented for the cases of  =1 and  =15, representing 

the minimum and the maximum soil heterogeneity degree, while the following elastic 

properties of the structure have been set:  =1900Kg/m
3

, E =3500MPa and 

 =0.1, as reported in Casolo et al. (2017).  

A series of control points has been selected both on the tower and on the soil (Fig. 

4.12a): point A on the top of the tower, point B at the soil surface far enough from the 

structure to be representative of the free-field response and point C at the bedrock of 

the deposit. 

The amplification functions derived as the ratio of the Fourier spectra recorded re-

spectively at point B and C of the SSI model are reported in Fig. 4.13 (FE_SSI). The 

SSI amplification functions identifying the resonance frequencies of the soil deposit 

are also compared with the corresponding ones obtained through both EERA and the 

previously discussed 3D FE free-field simulations (FE_Free-Field). A fairly good 

agreement of the SSI model solution against the benchmarks can be recognised, es-

pecially for the  =1 case; the comparison is quite satisfactory also for  =15. It 

might be concluded that the numerical approach can be applied also for the SSI simu-

lations. 
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Fig. 4. 13 – Comparison of the amplification functions derived from EERA, the Abaqus FE free-field 

model and the SSI one for  =1 and  =15. 

 

To identify the resonance frequencies of the tower resting on a deformable base, for 

each heterogeneous soil profile the amplification functions have been determined as 

the ratio between the Fourier spectrum at point A and point B. The amplification 

curves are depicted in Fig. 4.14 for the first 2 natural modes of the structure as a 

function of normalized frequencies. Specifically, the frequencies are normalized to 

those relative to the fixed-base condition. Indeed, in addition to the 3D models of the 

tower resting on a deformable support, a further analysis has been performed consid-

ering the structure standing on a very rigid homogeneous subsoil (assuming 

SV =8000m/s) to simulate the fixed-base condition.  

The amplification functions illustrated in Fig. 4.14 give evidence to some of the effects 

induced by dynamic soil-structure interaction. Indeed, looking at the first and second 

mode of the tower, the primary effect of soil compliance is to reduce the dynamic 

stiffness and increase the damping ratio of the soil-tower system, leading to lower 

natural frequencies and lower magnitudes of the motion with respect to the fixed-base 

condition. This effect is more pronounced for higher soil heterogeneity degrees, while 
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it becomes less significant for less heterogenous soils. For instance, the SC case, 

which would result in  =0.44, is characterized by the less pronounced frequency 

reduction and damping increase. Finally, much smaller values of the amplification fac-

tors are obtained when the second natural mode is inspected. 

 

 

Fig. 4. 14 – Amplification functions of the tower motion normalized by the first and second frequency 

of the fixed-base tower ( 0f ) for different heterogeneity ratio  . 

 

The effects of the soil-structure interaction may be significant, with a change in the 

natural periods of the soil-tower system strongly dependent on the soil profile charac-

teristics. Further confirmations and insights are provided by the eigenvalues analysis 

presented in the following section. 

 

4.5.2.2 Modal eigenvalues analysis of the system  

The modal eigenvalues analyses have been performed to assess the influence of soil 

deformability on the modal properties of the tower, comparing the natural frequencies 

and modal shapes of the system with the reference fixed-base condition. The results 
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obtained considering the fixed-base scenario are summarised in Tab. 4.3. It is evident 

that, due to the symmetrical geometry characterising the structure, the flexural modes 

are specular in the X and Y directions (Fig. 4.12a), while the torsional mode contribu-

tion is very low (about 0.20% of excited mass). Bearing in mind these considerations, 

for the sake of convenience, only the modal features related to the X direction will be 

analysed in the following. 

 

Mode Frequency (Hz) Mode type Excited mass 

xm  (%) 

Excited mass 

ym  (%) 

Excited mass 

zm  (%) 

1 1.92 1st flexural 0 59.4 0 

2 1.94 1st flexural 59.6 0 0 

3 7.69 1st torsional 0.2 0 0 

4 8.71 2nd flexural 21 0 0 

5 8.75 2nd flexural 0 20.9 0 

Tab. 4. 3 – Modal analyses results for the fixed-base tower. 

 

The frequencies outputs related to the SSI models are listed in Tab. 4.4 for both LIN 

and EQ-LIN soil behaviour, adopting for the deposit the corresponding G  and D  pro-

files as discussed in Section 4.4. Some interesting points can be highlighted: 

•  in general, the resulting frequencies of the structure on the deformable base, 

SSI 1f − , are quite variable depending on the stratigraphic heterogeneity; this re-

flects the frequency variability obtained from the EERA analyses discussed in 

Section 4.3 and confirms the soil compliance relevance; 

•  independently from the soil modelling approach adopted, a clear reduction in 

the natural frequencies of the tower standing on deformable soils with respect 

to the fixed-base condition is recognizable for both the first and second mode 

of vibration, in agreement with the evidence shown by the linear-elastic dy-

namic analysis; 

•  the SC case presents the less significant reduction of the tower natural fre-

quencies, probably because it is characterized by the highest value of SV  in 

the upper part of the deposit (410 m/s) which makes it the “most close” to a 
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rigid soil condition; indeed, for a slender tower, de Silva et al. (2014a) found 

that for SV  600m/s the tower could be considered standing on a rigid de-

posit; 

•  as expected, the non-linear soil effects introduced with the EQ-LIN approach 

produce a further reduction in the structural natural frequencies; 

•  for both LIN and EQ-LIN approaches, the ratios of the SSI tower frequencies, 

SSIf , to the corresponding soil ones, SOILf , respectively denoted as 1  

(= SSI 1 SOIL 1f f− − ) and 2  (= SSI 2 SOIL 2f f− − ), show how, with the exception of 

the SC case, SSI 1f − is lower and quite distant from SOIL 1f − , while SSI 2f −  can be 

both higher or smaller, but in any case much closer to SOIL 2f − ; as a conse-

quence, it seems that SOIL 2f −  might affect the dynamic response of the tower 

as well as yield to resonance phenomena of the tower in interaction with the 

soil. 

 

 LIN EQ-LIN 

SOIL 

PROFILE 

SSI 1f −  

(Hz) 

SSI 2f −  

(Hz) 

1  2  SSI 1f −  

(Hz) 

SSI 2f −  

(Hz) 

1  2  

 =1 1.43 7.41 0.68 1.19 1.27 6.75 0.69 1.19 

 =2.5 1.30 7.67 0.52 1.20 1.04 6.54 0.46 1.11 

 =5 1.15 6.28 0.40 0.95 0.90 5.57 0.33 0.91 

 =10 1.12 6.22 0.33 1.01 0.94 5.55 0.31 1.15 

 =15 1.22 6.52 0.34 1.19 1.12 6.02 0.40 1.25 

CS 1.32 7.57 0.53 0.97 1.02 6.73 0.46 1.15 

SC 1.61 7.82 1.04 1.28 1.55 6.93 1.13 1.24 

Tab. 4. 4 – First and second natural frequency of the tower resting on deformable soil and normalized 

values over the corresponding soil resonance frequencies ( 1 SSI 1 SOIL 1f f− −=  and 

2 SSI 2 SOIL 2f f− −= ). 

 

Fig. 4.15 shows the same results plotted in terms of periods of the tower resting on 

the deformable soil ( SSIT ) normalized by the fixed-base period ( 0T ) of the tower, as a 
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function of the heterogeneity parameter   (it is recalled that the CS and the SC cases 

correspond to  =0.44 and  =2.28, respectively). The first natural period increas-

es much more than the second one for each considered heterogeneity ratio, no matter 

the soil behaviour is LIN or EQ-LIN. The chart also confirms the expected phenome-

non of the elongation of the periods due to the soil stiffness reduction introduced in 

the EQ-LIN approach with respect to the LIN one. Moreover, the trends of the curves 

look quite similar. The SSI 1T −  curves show a progressive increase of the values until 

the case of  =10 for LIN and  =5 for EQ-LIN soil; the period start to decrease af-

terward. The SSI 2T −  curves are, instead, characterized by a first flatted trend until 

 =2.5 and then by show a sharp increase in the elongation for  =5; SSI 2T −  it 

seems to reduce again for  =15. 

Anyway, the effects of the soil-structure interaction may be really significant leading 

to double the fixed-base tower periods (see SSI 1T −  for  =5 in the EQ-LIN case), with 

a change in the natural periods of the soil-tower system strongly dependent on the 

soil profile characteristics. Hence, these effects should be taken into account to ob-

tain an accurate evaluation of the dynamic response of the system. 

 

 

Fig. 4. 15 – First and second natural period of the SSI tower ( SSIT ) normalized for the corresponding 

values in fixed-base condition ( 0T ) plotted as a function of the heterogeneity parameter  . 
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Finally, for the sake completeness, the one-to-one comparison between resonance 

frequencies derived from the dynamic time-history analyses and the modal analyses 

are reported in Fig. 4.16 for the LIN approach. For both the first and second mode the 

results show a good agreement between the two numerical strategies, confirming the 

reliability of the numerical approach followed to build up the SSI model. 

 

 

Fig. 4. 16 – Comparison between the SSIf  frequency outputs derived from the modal eigenvalues anal-

ysis and the linear-elastic dynamic analysis for the LIN soil case. 

 

Another important outcome extracted from the eigenvalues analyses is represented by 

the modal shapes exhibited by the structure. The first and second modal shapes are 

illustrated in Fig. 4.17 for both LIN and EQ-LIN soil behaviour. To present a more ef-

fective comparison with the fixed-base scheme, the translational displacements rec-

orded at the base of the compliant models are removed and the resulting displace-

ments are then normalized with respect to the corresponding displacements attained 

at top of the structure of each model (point A in Fig. 4.12a). 
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It can be noted that the first modal shape does not seem to be heavily altered by SSI: 

all the structural deformed shapes superimpose each other and are rather close to the 

fixed-base case (black line in Fig. 4.17) for both LIN and EQ-LIN soil behaviour. Con-

versely, the second modal shape displays a more evident dependence on the soil 

compliance, consistently with the scientific literature (Casolo et al. 2017, de Silva et 

al. 2015a). Even if a clear trend cannot be identified, it seems that as the soil hetero-

geneity degree increases, the modal shapes variability reduces. 

Moreover, it can be observed that the most remarkable changes related to non-

linearity effects are restrained to  =1 and SC cases. This might be explained refer-

ring to the EQ-LIN shear modulus reduction profiles reported in Fig. 4.5b; in fact, 

these profiles present the most significant shear stiffness degradation (close to 25-

30%) localized in the bottom part of the soil deposit. It follows that these profiles are 

also characterized by the most significant reduction of the HV  values. Hence  =1 

and SC also present the most altered heterogeneity ratios (
H

0

V
V

= ) after that the 

EERA EQ-LIN analyses are performed, which might justify the modification with re-

spect to the LIN analyses. On the other hand, the remaining profiles present lower 

stiffness reductions and, as a result, the second modal shape does not change a lot 

when the EQ-LIN soil behaviour is adopted. 
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Fig. 4. 17 – First and second modal shapes in the X direction depurated from the translational dis-

placement at the base of the structure and normalized for the maximum horizontal top displacement 

( Au ): LIN and EQ-LIN analyses. 
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4.5.3 Investigation of the nonlinear response of the tower 

After the extensive investigation carried out on the soil behaviour adopted to charac-

terize the foundation deposit, the reliability of the dynamic boundary conditions 

adopted for the soil domain and the dynamic identification of both soil deposit and 

structure on compliant-base in the elastic field, this Section presents the results de-

rived from non-linear dynamic time-history analyses of the soil-tower system. 

 

4.5.3.1 Cyclic shear response of the adopted dataset for the masonry mechanical 

behaviour 

The dynamic SSI simulations have been performed adopting the CDP plastic-damage 

model to describe the masonry behaviour of the tower. The main features of the con-

stitutive model have been already introduced in Section 3.2.2, while the material 

properties and the tensile and compressive laws adopted in this study are consistent 

with those proposed by Casolo et al. (2017) and are reported in Tab. 4.5 and Fig. 

4.18. In addition, the damage relationships follow a linear law both in tension and 

compression, starting from d =0 until d =0.95, which is attained at the strain value 

corresponding to the residual resistance (Fig. 4.18). 

 

  
0E      

0 0/b cf f    CK  cw  tw  

(Kg/m
3
) (MPa) (-) (°) (-) (-) (-) (-) (-) 

1900 3500 0.1 20 1.16 0.1 2/3 1 0 

Tab. 4. 5 – Model parameters adopted for the masonry. 
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Fig. 4. 18 – Stress-strain relationships adopted for the masonry. 

 

Herein the response of the CDP model under shear loading using this dataset is dis-

cussed following the approach presented in Section 3.2.3.1. A set of numerical cyclic 

shear simulations has been performed on a cube element of 1m length, discretized 

with one 3D 4-node tetrahedral element mesh (C3D4). A sketch of the FE model is 

displayed in Fig. 4.19. 

 

 

Fig. 4. 19 – Cube specimen discretized with a single C3D4 mesh element. 
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The cube is perfectly fixed at the base, while on the upper surface the shear condition 

is applied through a prescribed displacement preventing any other movement. The 

tests are performed following a displacement control procedure using the two load 

paths illustrated in Fig. 4.20: a harmonic displacement time-history with constant am-

plitude equal to 1mm and a displacement time-history with variable amplitude. Both 

the load paths are characterized by 12 cycles. In particular the variable one can by di-

vided into 4 different phases composed by 3 cycles of constant amplitude: the first 

one reaches 0.1mm (between 0s and 6s), the second one 0.5mm (6s-12s), the third 

1mm (12s-18s), i.e. equal to the constant amplitude of the first displacement time-

history, and the fourth 2mm (18s-24s). 

 

 

Fig. 4. 20 – Displacement time-histories applied during the cyclic shear tests on the cube specimen. 

 

The first two cyclic shear tests have been carried out considering a plastic and a plas-

tic-damage behaviour, in order to assess their relative contribution on the shear per-

formance of the constitutive model. The numerical tests have been carried out using 

the constant displacement time-history only and the obtained results are shown in 

Fig. 4.21 in terms of  −  curves. 

The plastic model (green line) exhibits an evident dissipative capacity in the first 6 cy-

cles characterized by well-defined closed loops (Fig. 4.21a); in addition, higher and 

higher shear resistances are also gradually mobilized. On the other hand, during cy-

cles 7-12 (Fig. 4.21b) a “steady-state” condition is also attained with much smaller 
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associated  −  loops and, hence, almost no energy dissipation. It also appears that 

the secant shear stiffness of the model does not change for the whole duration of the 

test, achieving a value of 1585MPa equal to the initial shear stiffness modulus 0G . 

When the plastic-damage behaviour is considered (red line), an overall lower plastic 

dissipation is recorded if compared to the pure plastic model during the cycles 1-6 

(Fig. 4.21a); indeed, in this case the energy is no more dissipated only for plasticity, 

but also for the material deterioration due to the introduction of the damage formula-

tion. This implies that the shear strength reduces according to the progressive stiff-

ness degradation. Furthermore, a “steady-state” condition if finally attained during the 

cycles 7-12 (Fig. 4.21b), which are characterised by a secant shear stiffness modu-

lus G  equal to 817MPa, 51% lower than the initial shear stiffness modulus 0G . 
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Fig. 4. 21 – Shear stress-strain curves obtained for the plastic and plastic-damage behaviour consider-

ing the constant load-path type. 

 

The second set of simulations has been aimed at evaluating the effect of the loading 

type on the shear response of the model, using the constant and variable path (named 

CT analysis and VT analysis in the following) reported in Fig. 4.20; in these simula-

tions, only the plastic-damage behaviour is considered.  
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The  −  results are depicted in Fig. 4.22. The overall response is shown in Fig. 

4.22a for the entire duration of the tests (i.e. 12 cycles), while Fig. 4.22b reports the 

stress-strain curves exhibited during the first 9 cycles of the VT analysis with ampli-

tudes less or equal to the CT one (i.e. 1mm). In the cycles range 1-6 of the VT test 

(thin blue curve) the non-linear capacity of the material has already been mobilized 

(showing energy dissipation and stiffness degradation of the material), despite the 

imposed amplitudes are lower than 1mm. When the subsequent phase of cycles 7-9 

of 1mm amplitude is considered (thick blue curve), the plastic-damage effects in-

crease. Comparing this latter phase of the VT simulation with the CT one during the 

cycles 1-3, it can be stated that the smother path used in the VT analysis to attain 

displacements of 1mm has initially produced a stiffer response of the material, even 

though the effect gradually reduces over the subsequent cycles. Therefore, this sug-

gests that there is a dependency of the model response on the load history path. Fi-

nally, when the more demanding target displacement of 2mm is prescribed in the VT 

simulation, a more remarkable strength and stiffness degradation of the material is 

observed (Fig. 4.22a). 
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Fig. 4. 22 – Shear stress-strain curves obtained for the plastic-damage behaviour using the constant 

and variable displacement time-histories. 

 

One last numerical analysis has been performed to assess the effect of the simulta-

neous application of a displacement time-history along the X and Y directions of the 

cube specimen, which should be representative of a bidirectional seismic input mo-

tions condition applied to a structure. In this case, only the plastic-damage behaviour 
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and the variable load-history type have been considered. The results are shown in Fig. 

4.23. The application of both displacement components (yellow line) determines a 

remarkable reduction of the material stiffness and of the peak and residual resistances 

with respect to the single component case (blue line).  

 

 

Fig. 4. 23 – Shear stress-strain curves obtained for the plastic-damage behaviour using the variable 

displacement time-history applied along the X direction or simultaneously along the X and Y directions. 
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4.5.3.2 Non-linear dynamic time-history analyses 

The non-linear dynamic time-history analyses of the 3D soil-tower system are herein 

discussed. One of the main purposes of the study is to assess the influence of the 

soil compliance on the seismic response of the masonry tower. To this aim, the 

adopted strategy has consisted in performing the numerical simulations following two 

approaches: 

•  a coupled approach which involves the whole SSI model; 

•  a decoupled approach, in which the tower is modelled by means of a fixed-

base scheme subjected to the input motion derived from the fully coupled SSI 

simulation at the foundation level. 

Thus, in both coupled and decoupled approach (form now on identified as SSI and 

FIX, respectively), the structure is actually subjected to the same signal at the base 

and all the deviations in the tower structural response observed between the two 

classes of simulations can be related to the soil compliance. 

To evaluate the effects of the soil heterogeneity on the non-linear response of the 

tower, the dynamic SSI simulations have been performed assuming the linear visco-

elastic profiles for the soil deposit (LIN), while, to investigate the influence of the soil 

non-linearity, the SSI analyses have been carried out adopting the equivalent-linear 

visco-elastic approach for the soil deposit (EQ-LIN). Both set of simulations have 

been performed applying at the bottom of the model the South Iceland input motion 

(Fig. 4.4). 

The results of the non-linear analyses are illustrated in terms of tensile damage, ac-

celeration response spectra recorded at different control points of the model, bending 

and rocking displacements (defined as in Fig. 4.24). Indeed, the total horizontal dis-

placement ( totu ) of the tower-foundation system is composed by three parts: the 

translational displacement ( uu ) and the rocking displacement ( u  ) (computed 

throughout the rotation of the foundation  ), which constitute the foundation move-

ment induced by the earthquake, and the bending displacement ( u  ) of the structure. 
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Fig. 4. 24 – Sketch of the translational ( uu ), rocking ( u )and bending ( u ) displacements affecting 

the tower during the seismic action. 

 

4.5.3.2.1. Results of the analyses with the linear visco-elastic soil approach 

First of all, the tensile damage distributions at the end of the seismic event are depict-

ed in Fig. 4.25.  

More specifically, for the homogeneous soil case ( =1) the SSI simulation appears 

to produce a more hazardous scenario with respect to the FIX one. Indeed, the FIX 

scheme presents a damage localization close to the basement level of the tower; con-

versely the SSI one provides a more severe concentration right above the main en-

trance, characterized by inclined cracks, and in correspondence of the minor open-
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ings in the middle of the structure. In both models the upper part of the tower is not 

much affected (Fig. 4.25a).  

In the  =2.5 case, both schemes are characterized by an evident damage localiza-

tion in the belfry area, while only in the FIX simulation the first half of the tower results 

affected by the seismic action (Fig. 4.25a).  

In the  =5 case, the SSI analysis predicts a damage pattern concentrated at the bell 

cell, while in the FIX analysis it is localized only right above the door (Fig. 4.25a).  

In the  =10 case, the SSI analysis provides just very mild damage at the basement 

level and in correspondence of the upper openings, while the FIX one shows a much 

more hazardous scenario with diagonal cracks in the first half of the tower and more 

limited material degradation at the belfry (Fig. 4.25b).  

For  =15, a rather comparable scenario predicted by the two modelling strategies, 

characterized by a severe damage especially at the bell cell level, can be observed 

(Fig. 4.25b).  

In the CS case, the SSI analysis shows that the belfry is once again very affected by 

the earthquake, while a smaller damage distribution is observed at the basement level 

and close to the minor openings. Conversely, the FIX analysis manifests severe dam-

age patterns both in the upper and lower part of the structure (Fig. 4.25c). 

Finally, the SC case presents, at least qualitatively, a similar damage scenario for both 

the fully-coupled and the decoupled modelling approach, showing shear diagonal 

cracks which develop in the first half and at the basement level of the structure (Fig. 

4.25c). 
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Fig. 4. 25a – Tensile damage contours plots at the end of the seismic input motion for the LIN anal-

yses, considering the SSI and FIX models ( =1; 2.5; 5) 
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Fig. 4.25b – Tensile damage contours plots at the end of the seismic input motion for the LIN anal-

yses, considering the SSI and FIX models ( =10; 15). 
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Fig. 4.25c – Tensile damage contours plots at the end of the seismic input motion for the LIN anal-

yses, considering the SSI and FIX models (CS; SC). 
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The different damage distributions induced by the earthquake might be explained 

through the analysis of the acceleration response spectra reported in Fig. 4.26, show-

ing the signals recorded at the foundation level (thick red line), representing the seis-

mic actions in common between the coupled and uncoupled approaches, and at top 

of the tower both for the SSI and the FIX cases. In addition, the corresponding first 

two natural periods of the structure considered on deformable (discontinuous red 

lines) and fixed (discontinuous black lines) base are also reported. The phenomenon 

of period elongation due to inertial interaction produces a reduction of the seismic 

demand to the structure for the 1
st

 period of oscillation (with the exception of the SSI-

LIN_SC case); conversely for the 2
nd

 period of oscillation the inertial interaction pro-

vides the increase of the spectral accelerations values. 

Moreover, the spectra recorded at the top of the tower highlight that the seismic sig-

nal propagation along the structure might be very different considering or not the soil 

compliance. Indeed, the spectral acceleration are usually amplified in correspondence 

of the natural periods of the structure. As a consequence, the more the period elonga-

tion phenomenon is relevant, the more the SSI and FIX spectral shapes differ and dif-

ferent damage scenarios are likely to occur. 
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Fig. 4. 26a– Acceleration response spectra recorded at the foundation level (thick red lines) and at the 

top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the LIN analyses ( =1; 2.5; 

5; 10; 15). 
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Fig. 4.26b – Acceleration response spectra recorded at the foundation level (thick red lines) and at the 

top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the EQ-LIN analyses (CS; SC). 

 

Fig. 4.27 shows the bending displacement u   time-histories at the top control point 

of each analysed scenario. The records show remarkable changes in both magnitude 

and sign, despite the same seismic signal has been inputted at the base of the SSI 

and FIX models. Significant residual displacement values are recognized especially for 

the  =1 and SC cases, which represent the most demanding scenarios inde-

pendently from the modelling approach adopted. Different trends between the two ap-

proaches are, instead, observed when comparing the other cases involving higher 

degree of soil heterogeneity, which, however, are characterized by limited bending 

displacements. 
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Fig. 4. 27 – Bending displacements ( u ) time-histories recorded at the top of the tower for each SSI 

and FIX model during the LIN set of analyses. 

 

4.5.3.2.2 Results of the analyses with the equivalent-linear visco-elastic soil ap-

proach 

The tensile damage distributions for the EQ-LIN set of analyses at the end of the 

seismic event are shown in Fig. 4.28.  

The  =1 case is characterized by a rather similar damage scenario for both the SSI 

and FIX analyses, with clear inclined cracks developing in the first half of the tower 

and negligible material degradation in the upper part of the structure (Fig. 4.28a). On 

the other hand, the  =2.5 presents different patterns depending on the modelling 

approach adopted. Indeed, the SSI analysis predicts negligible damage along whole 

structure, while the FIX analysis provides evident damage concentration right above 

the main entrance and at the belfry of the tower (Fig. 4.28a).  

The  =5 case shows once again low damage levels affecting the structure if the ful-

ly coupled approach is considered; conversely, a more demanding damage distribu-

tion at the basement level of the tower characterizes the uncoupled analysis (Fig. 

4.28a).  
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The  =10 shows, instead, a rather comparable damage pattern no matter what kind 

of models is considered. In fact, the belfry area results very affected by the seismic 

action in both SSI and FIX model; also the middle part of the structure presents rele-

vant cracks at minor openings, especially in the SSI case. Conversely, in the FIX case 

a slight material degradation at the base of the structure can be also recognized (Fig. 

4.28b).  

The  =15 case provides once again high damage levels at the bell cell of the two 

modelling approaches; on the other hand, the SSI analysis is characterized by more 

severe damage distribution at the middle of the tower with respect to the FIX case 

(Fig. 4.28b).  

The CS case predicts only mild damage at the base of the SSI tower, while more se-

vere cracks distributions are observed in the FIX tower above the main entrance and 

at bell cell (Fig. 4.28c). Finally, the SC case provides rather comparable damage sce-

narios in both the analyses, predicting damage localization only at the base of the 

structure (Fig. 4.28c). 
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Fig. 4. 28a – Tensile damage contours plots at the end of the seismic input motion for the EQ-LIN 

analyses, considering the SSI and FIX models ( =1; 2.5; 5) 
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Fig. 4.28b – Tensile damage contours plots at the end of the seismic input motion for the EQ-LIN anal-

yses, considering the SSI and FIX models ( =10; 15). 
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Fig. 4.28c – Tensile damage contours plots at the end of the seismic input motion for the EQ-LIN anal-

yses, considering the SSI and FIX models (CS; SC). 

 

In Fig. 4.29 the acceleration response spectra at the top of both the tower models and 

at the foundation level are reported. As already previously observed for the LIN set of 

analyses, the period elongation phenomenon generally produces a reduction of the 

spectral acceleration demand for the 1
st

 period, while it tends to increase for the 2
nd

 

period. The signal propagation along the structure can be very different depending on 

the base-scheme adopted, as highlighted by the spectra obtained at the top of the 

structure, which are amplified in correspondence of the natural periods of the SSI and 

the FIX models.  
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Fig. 4. 29a – Acceleration response spectra recorded at the foundation level (thick red lines) and at the 

top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the EQ-LIN analyses ( =1; 

2.5; 5; 10; 15). 
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Fig. 4. 29b – Acceleration response spectra recorded at the foundation level (thick red lines) and at the 

top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the EQ-LIN analyses (CS; SC). 

 

Finally, Fig. 4.30 collects the bending displacements u   time-histories recorded at 

the control point located at the top of the SSI and FIX tower. The records show re-

markable changes between the two approaches, both in magnitude and sign. In par-

ticular, different trends are observed for the SC case and for the  =1 case, which 

are characterized by the accumulation of high displacements, suggesting the possible 

collapse of the structure, if the SSI approach is considered. In the remaining cases, 

more demanding, or at least comparable, residual displacements are expected for the 

FIX set of analyses.  
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Fig. 4. 30 – Bending displacements ( u ) time-histories recorded at the top of the tower for each SSI 

and FIX model during the EQ-LIN set of analyses. 

 

4.5.3.2.3 Comparison between the results 

The results of the non-linear dynamic time-history analyses have been presented for 

both the LIN and the EQ-LIN calibration of the soil dynamic behaviour. 

As a general finding, it can be stated that the soil compliance can potentially affect the 

damage distribution along the height of the tower, since it can be very different be-

tween the SSI and the FIX models. Significant different patterns are, for example, rec-

orded for  =5 and  =10 in the LIN set of analyses and for  =2.5,  =5 and 

CS for the EQ-LIN one; in particular, this latter group always show a more limited 

damage intensity level when the fully coupled approach is considered. Similar trends, 

instead, can be identified between the two set of simulations, as for the  =15 and 

SC cases in the LIN set and  =1,  =10 and SC cases for the EQ-LIN one. In addi-

tion, for both the LIN and EQ-LIN sets, as the heterogeneity ratio increases the dam-

age distribution looks to affect more often the bell cell, which is known as one of the 

most seismic sensitive structural parts of ancient masonry towers (Ferrante et al. 

2019; Poiani et al. 2018). 
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Anyway, the obtained damage patterns are quite variable from case to case and it is 

rather difficult to establish “a-priori” if the soil compliance can produce a significant 

change of the damage patterns. 

The analysis of the acceleration response spectra has highlighted that the period 

elongation phenomenon due to the soil compliance determines a change in the seis-

mic demand, which usually results in lower spectral accelerations for the 1
st

 natural 

period; conversely, for the 2
nd

 one an increase is more likely to occur with respect to 

the fixed-base condition. Obviously, this trend become more significant when the EQ-

LIN soil behaviour is considered, due to the introduction of the non-linear soil effects. 

The analysis of the bending displacement time-histories recorded at the control point 

located at the top of the tower models has also underlined significant differences be-

tween the SSI and the FIX models, providing displacement demands which can be 

higher for the SSI approach as well as for the FIX one. 

Further insights about the role of the soil behaviour influence on the dynamic re-

sponse of the structure can be derived from Fig. 4.31, where the comparison between 

the bending and the rocking displacements obtained at the top control point of the SSI 

tower for the two soil deposits calibrations is shown. As can be noted, the soil behav-

iour can significantly influence the magnitude and sign of the accumulated bending 

displacements, in particular for  =1,  =5 and  =15; conversely, a rather similar 

trend is observed for the SC case. Moreover, the introduction of the soil non-linearity 

through the EQ-LIN approach generally produces higher rocking displacements in 

each analysed case. This aspect is especially evident in the  =2.5,  =5 and CS 

cases, representing the scenarios in which the tower is less affected by damages at 

the end of the seismic event. Furthermore, rocking displacements of the order of the 

bending ones are also recognized for the LIN_ =10 analysis, which has shown lim-

ited damages. This suggests that the occurrence of consistent rocking motion could 

mitigate the damage distribution affecting the structure. 
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Fig. 4. 31a – Bending ( u ) and rocking ( u ) displacements time-histories recorded at top of the tow-

er for each SSI-LIN and SSI-EQ-LIN models ( =1; 2.5; 5; 10; 15). 
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Fig. 4.31b – Bending ( u ) and rocking ( u ) displacements time-histories recorded at top of the tower 

for each SSI-LIN and SSI-EQ-LIN models (CS; SC). 

 

Finally, in Fig. 4.32 the maximum bending displacements profiles recorded in 5 con-

trol points located along the height of the tower are plotted. Once again it is possible 

to note that significant differences might occur considering or not the soil compliance. 

The SSI models not always result in more demanding displacements profiles with re-

spect to the FIX ones. The plots also highlight the possible relation between the ob-

served damage and the differential displacement along the tower. For instance, all the 

analyses carried out with  =15 show a sharp gradient in the bending displacements 

around 20m high, which might indicate a partial collapse of the belfry in agreement 

with the tensile damage maps. On the other hand, the monotonic increase of the 

bending displacements observed during the SC analyses indicate the possible for-

mation of a failure mechanism localised close to the basement level of the tower, 

while for the SSI-EQ-LIN_ =1 case the collapse occurs higher along the structure 

height. 
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Fig. 4. 32 – Maximum bending displacements ( u ) profiles along the tower height for each SSI and 

FIX model during the LIN and EQ-LIN set of analyses. 
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CHAPTER 5: INFLUENCE OF THE STRUCTURAL SLENDERNESS RATIO 

ON THE DYNAMIC SOIL-STRUCTURE INTERACTION OF MASONRY 

TOWERS 

 

 

5.1 Description of the additional case-studies 

The present Chapter deals with the effect of one of the most important geometrical 

features controlling the dynamic response of a structure, i.e. its slenderness ratio giv-

en by the height of the structure over its base length (H/B). This aspect is investigated 

in relation to the SSI phenomena, in order to recognize when the soil compliance ef-

fect produces a more evident deviation with respect to the fixed-base condition. 

According to de Silva et al. (2015a), masonry towers can be collected into three cat-

egories based on their structural slenderness: squat (H/B<3), slender (3<H/B<6) 

and very slender (H/B>6). The numerical simulations, described in Chapter 4, have 

been performed with reference to a slender tower, as it was characterised by a H/B 

ratio equal to 5. In the following, those simulations are referred to as “slender tower”. 

Thus, two additional masonry structures are considered in the simulations, i.e. a 

squat and a very slender tower. Fig. 5.1 reports the geometrical features chosen to 

characterize the structures. The squat tower, 13m high, is characterised by H/B=2.5, 

while the very slender tower, 53m high, presents a slenderness ratio equal to 10. For 

both models, the base length has been kept equal to that of the slender tower, i.e. 

5.3m, as well as the openings dimensions. The material properties adopted for the 

masonry behaviour in the following analyses have not been varied with respect to 

those previously considered for the slender tower. The soil profiles used in the SSI 
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models and the LIN and EQ-LIN calibrations adopted for the soil dynamic behaviour 

are the same already presented in Chapter 4, together with the seismic input motion 

applied at the bottom of the FE models. 

 

 

Fig. 5. 1– Vertical section of the 3D CAD models and geometrical features of the squat, slender and 

very slender masonry towers. 

 

5.2 Dynamic identification of the towers  

The dynamic identification of the squat and very slender towers has consisted in per-

forming modal eigenvalues analyses, starting from the fixed-base condition whose 

results are collected in Tabs. 5.1-5.2. 
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Mode Frequency (Hz) Mode type Excited mass 

xm  (%) 

Excited mass 

ym  (%) 

Excited mass 

zm  (%) 

1 7.21 1st flexural 61.70 0 0 

2 7.22 1st flexural 0 60.19 0 

3 15.82 1st torsional 0.06 0 0 

4 22.93 2nd flexural 20.56 0 0 

5 23.76 2nd flexural 0 20.94 0 

Tab. 5. 1– Modal analysis results for the fixed-base squat tower. 

 

Mode Frequency (Hz) Mode type Excited mass 

xm  (%) 

Excited mass 

ym  (%) 

Excited mass 

zm  (%) 

1 0.51 1st flexural 0 60.24 0 

2 0.52 1st flexural 60.19 0 0 

3 2.89 2nd flexural 0 19.97 0 

4 2.90 2nd flexural 20.16 0 0 

5 3.94 1st torsional 0.01  0 

Tab. 5. 2 – Modal analysis results for the fixed-base very slender tower. 

 

As already observed for the slender tower case (section 4.5.2.2), it is evident that, 

due to the symmetrical geometry characterising the structures, the flexural modes are 

specular in both X and Y directions, while the torsional mode contribution is very low.  

The different slenderness ratio shifts the squat tower natural frequencies to higher 

values in comparison to the slender case and, vice versa, moves to lower values 

those of the very slender tower. 

Tabs. 5.3 and 5.4 show the natural frequencies of the SSI models derived for both the 

squat and very slender cases considering the LIN and EQ-LIN soil modelling. Moreo-

ver, the values computed for 1  and 2  are also reported; in particular, the 1  values 

of the squat tower suggest that possible resonance phenomena between the tower 

and the soil deposit are more likely to occur for  =5, 10 and 15 both for the LIN and 

EQ-LIN soil behaviour. On the contrary, resonance should not be expected for the very 

slender tower for any analysed scenario. Only SSI 1f −  is reported for the squat tower, 

since a clear and reliable identification of the second frequency SSI 2f −  has not been 
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possible from the modal analyses outputs. Moreover, the amplification functions de-

rived from additional linear dynamic analyses also showed an unclear identification of 

the peaks, and hence of the resonance frequencies, for frequencies higher than 12-15 

Hz as, after this threshold, the frequency content of the input signal is very low, as 

depicted in Fig. 4.4. 

 

 LIN EQ-LIN 

SOIL 

PROFILE 

SSI 1f −  

(Hz) 

1  SSI 1f −  

(Hz) 

1  

 =1 4.36 2.10 3.42 1.86 

 =2.5 3.59 1.43 2.70 1.18 

 =5 3.22 1.11 2.15 0.79 

 =10 3 0.87 2.49 0.83 

 =15 3.36 0.92 2.90 1.06 

CS 3.44 1.38 2.70 1.23 

SC 5.99 3.74 4.64 3.39 

Tab. 5. 3 – First natural frequency of the squat tower resting on deformable soil and normalized values 

over the corresponding soil resonance frequency ( 1 SSI 1 SOIL 1f f− −= ). 

 

 LIN EQ-LIN 

SOIL 

PROFILE 

SSI 1f −  

(Hz) 

SSI 2f −  

(Hz) 

1  2  SSI 1f −  

(Hz) 

SSI 2f −  

(Hz) 

1  2  

 =1 0.45 2.55 0.22 0.41 0.41 2.36 0.22 0.42 

 =2.5 0.41 2.33 0.16 0.36 0.35 2.13 0.15 0.36 

 =5 0.37 2.25 0.13 0.34 0.32 2.10 0.12 0.34 

 =10 0.36 2.22 0.10 0.36 0.32 2.12 0.11 0.44 

 =15 0.39 2.30 0.11 0.40 0.37 2.25 0.13 0.46 

CS 0.41 2.32 0.16 0.36 0.35 2.09 0.16 0.36 

SC 0.48 2.67 0.30 0.44 0.46 2.56 0.34 0.48 

Tab. 5. 4 – First and second natural frequency of the very slender tower resting on deformable soil and 

normalized values over the corresponding soil resonance frequencies ( 1 SSI 1 SOIL 1f f− −=  and 

2 SSI 2 SOIL 2f f− −= ). 

 



 168 

Fig. 5.2 and Fig. 5.3 illustrate the results in terms of natural period normalized to the 

corresponding fixed-base values as a function of the heterogeneity parameter  . 

The soil stratigraphy remarkably influences the dynamic features of the squat tower, 

as highlighted by the curves of the normalized period elongation SSI 0T / T  exhibiting 

values ranging between 1.2 and 3.4 (Fig. 5.2). In particular, under the linear assump-

tion, the ratio SSI 0T / T  increases up to 2.4 for increasing heterogeneity parameter and 

then decreases to 2.2 for  =15. The increase in SSI 0T / T  is even higher when soil 

nonlinearity is accounted for (i.e. EQ-LIN approach). In this case, the SSI 0T / T  in-

creases up to 3.4 for  =5 and, then, decreases to 2.4 for heterogeneity parameters 

greater than 5.  

The very slender tower (Fig. 5.3) shows, instead, a more limited period elongation 

(also with respect to the slender case illustrated in Fig. 4.15), but surely not negligible 

and still quite evident. Indeed, the SSI 1 0T / T−  ratio exhibits values ranging between 

1.10-1.45 and 1.13-1.63 if the LIN and EQ-LIN soil approaches are respectively con-

sidered. Even more limited values are recorded for the SSI 2 0T / T−  ratio, ranging be-

tween 1.10-1.3 for the LIN analyses and 1.13-1.40 for the EQ-LIN ones. 

It is worth to highlight that similar trends have also been recognized for the slender 

tower (Fig. 4.15). Hence, this confirms that the effects of the soil-structure interaction 

may be significant in all the three typologies of tower (i.e. squat, slender and very 

slender), with a change in the natural periods of the soil-tower system strongly de-

pendent on the soil profile characteristics. 
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Fig. 5. 2 – First natural period of the SSI squat tower ( SSIT ) normalized for the corresponding value in 

fixed-base condition ( 0T ) plotted as a function of the heterogeneity parameter  . 

 

 

Fig. 5. 3 – First and second natural period of the SSI very slender tower ( SSIT ) normalized for the cor-

responding values in fixed-base condition ( 0T ) plotted as a function of the heterogeneity parameter  . 
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The corresponding modal shapes have also been extracted and are reported in Figs. 

5.4-5.5, for the squat and very slender tower, respectively. Aiming to present a more 

effective comparison with the fixed-base scheme, the results are reported removing 

the translational displacement recorded at the base of the SSI models and, then, a 

normalization is adopted considering the displacement value attained at top of the 

structure. The outcomes are in agreement with those previously observed for the 

slender tower. Indeed, the 1
st

 mode of the two towers looks not to be much influ-

enced by the soil compliance, not considerably changing from the fixed-base 

scheme. Conversely, the second mode of the very slender tower still shows a relevant 

dependency on the characteristics of the soil deposit, but not on the soil modelling 

(LIN and EQ-LIN). The modal shapes manifest greater modification when higher val-

ues of   are considered, even if they do not change much. On the other hand, the 

 =1 and the SC cases are characterized by very close 2
nd

 modal shapes to the 

fixed-base scheme, especially in the LIN analyses. 
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Fig. 5. 4 – First modal shape of the squat tower in the X direction depurated from the translational dis-

placement at the base of the structure and normalized for the maximum horizontal top displacement 

( Au ): LIN and EQ-LIN analyses. 
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Fig. 5. 5 – First and second modal shape of the very slender tower in the X direction depurated from 

the translational displacement at the base of the structure and normalized for the maximum horizontal 

top displacement ( Au ): LIN and EQ-LIN analyses. 
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The FE-based results in terms of SSI 0f / f  have been compared to those obtained by 

the well-known analytical solution proposed by Veletsos & Nair (1975) for a SDOF. 

The results from the LIN approach have been compared with an equivalent SDOF os-

cillator characterized by a height ( Gh ) equal to the distance from the base to the cen-

troid of mass of the structure (Veletsos & Nair 1975) and a concentrated mass equal 

to the whole mass of the tower. The foundation embedment effect has been estimated 

using the foundation impedance functions proposed by Gazetas (1991). 

However, the Veletsos & Nair solution was originally conceived for a homogenous 

deposit and cannot be directly applied to the cases of this study in which a layered 

soil is considered. Therefore, an equivalent soil-structure stiffness parameter eq  has 

been defined as: 

S eq
eq

0 G

V
f h

−
=          (5.1) 

where S eqV −
 is the equivalent shear wave velocity computed in the soil volume ex-

pected to be excited by the foundation motion. 

Gazetas (1983) and Stewart et al. (2003) suggested that the soil affected by the 

foundation swaying and rocking extends to a depth less than half the foundation 

width, which is almost coincident with the depth of the upper soil layer for the ana-

lysed case studies. Nevertheless, there is no general consensus on the soil volume 

mobilised during earthquake excitation because of the huge variability in the structural 

response. For this reason, there are cases in which it is also considered equal to 

twice the width of the structure (Piro et al. 2020). Bearing in mind this aspect, in this 

work a soil volume extension equal to 1.5B has been chosen, because of the high 

variability in the soil layers sequences which are placed in the upper part of the de-

posit close to the foundation level. 

The S eqV −
 has been evaluated for each soil profile case through a weighted average 

of the soil areas which surround the foundation (Fig. 5.6): 
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=


     (5.2) 

 

 

Fig. 5. 6 – Soil volume affected by the earthquake motion and identification of the areas of the soil lay-

ers used to compute S eqV − . 

 

The comparison between the analytical solution and the numerical FE-based out-

comes for all the three towers is reported in Fig. 5.7 in terms of SSI 0f / f  variation with 

eq  for different slenderness ratios. As expected, keeping eq  constant, the SSI ef-

fects become more relevant as the slenderness ratio increases. In addition, for very 

high values of eq  the soil compliance effect loses relevance and the structure could 

be described with a cantilever scheme. The two highest eq  ratios for the very slen-

der tower correspond to the  =1 and the SC soil profiles (18.83 and 30.88, respec-

tively) and, as consequence, are those closer to a fixed-base condition. This justifies 

the fact that also their second modal shape does not result to be much influenced 

from the soil compliance, because their relative soil-structure stiffness is already very 
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high. Additionally, it might be observed that the general trend of the analytical curves 

is captured by the numerical results, despite some quantitative discrepancies can be 

noticed. The analytical solution systematically underestimates the SSI effects ex-

pected by the FE analyses. This is due to several reasons: 

a)  it was already pointed out that the theory was conceived for a simpler ho-

mogenous soil case and not for a layered deposit; 

b)  the analytical solution is anyway based on a SDOF system that cannot fully 

reproduce the behaviour of a 3D complex structure like a masonry tower; 

c)  the presence of openings can also play a role in reducing the stiffness of the 

structure and deviate the behaviour of the tower from that of the SDOF sys-

tem. 

 

 

Fig. 5. 7 – Comparison of the FE results (1
st
 natural frequency) versus the analytical solution proposed 

by Veletsos & Nair (1975) for SDOF systems. 
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5.3 Investigation of the non-linear response of the squat and very 

slender tower 

In this section the main outcomes provided by the non-linear dynamic analyses per-

formed on the squat and very slender tower are presented. The results provided by 

the fully coupled model (SSI) are compared with the decoupled model consisting in a 

fixed-base tower (FIX) which is subjected to the input motion derived from SSI simu-

lation at the foundation level. 

The effect of solely heterogeneity and the couple of soil heterogeneity and nonlinearity 

are also highlighted. 

 

5.3.1 Non-linear dynamic response of the squat tower 

 

5.3.1.1 Results of the squat tower analyses with the linear visco-elastic soil ap-

proach 

The comparison of the damage contours plots of the SSI squat tower versus the FIX 

models is reported in Fig. 5.8 for the LIN set of analyses. The results shows that there 

is a small variability in the damage scenario provided by the different simulations. In-

deed, the damage distribution is always localized at the basement level of the struc-

ture, while the rest of the structure seems to be not affected by the seismic excitation. 
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Fig. 5. 8a – Squat tower tensile damage plots at the end of the seismic input motion: LIN analyses for 

the coupled SSI and corresponding FIX models ( =1; 2.5; 5;10: 15). 
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Fig. 5. 8b – Squat tower tensile damage plots at the end of the seismic input motion: LIN analyses for 

the coupled SSI and corresponding FIX models (CS; SC). 

 

The acceleration response spectra, shown in Fig. 5.9, can help to explain the re-

sponse observed in terms of tensile damage parameter. In fact, looking at the spectra 

recorded at the tower foundation level (red thick line), it seems that, despite the elon-

gation phenomenon due to the SSI, the structure is generally subjected to similar 

spectral accelerations in both SSI and FIX models. Nevertheless, it is also evident that 

the soil compliance still produces a different dynamic response of the structure with 

respect to the fixed-base scheme. Inspecting the acceleration spectra recorded at the 

top of the models (thin red and black lines for the SSI and FIX towers, respectively), it 

is clear that the spectral shape results much amplified in correspondence of each 

natural period.  
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Fig. 5. 9a – Acceleration response spectra of the squat tower recorded at the foundation level (thick 

red lines) and at the top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the LIN 

set of analyses ( =1; 2.5; 5; 10; 15). 
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Fig. 5. 9 – Acceleration response spectra of the squat tower recorded at the foundation level (thick red 

lines) and at the top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the LIN set of 

analyses (CS; SC). 

 

Fig. 5.10 shows the bending displacement u   time-histories at the top control point 

of each analysed scenario. The records show remarkable changes in both magnitude 

and sign, despite the same seismic signal has been inputted at the base of each cor-

responding SSI and FIX model. Higher displacements are expected in all the analyses 

which account for the coupled approach, except for the  =2.5 case. The SSI simu-

lations provide accumulation of bending displacement up to 5 cm; conversely the FIX 

ones do not exceed 2 cm.  
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Fig. 5. 10 – Squat tower bending displacements ( u ) time-histories recorded at the top control point 

of the structure for each SSI and FIX model for the LIN set of analyses. 

 

5.3.1.2 Results of the squat tower analyses with the equivalent-linear visco-

elastic soil approach 

The comparison of the damage contours of the SSI squat tower versus the FIX mod-

els is reported in Fig. 5.11 for the EQ-LIN set of analyses. As already observed for the 

LIN set, the outcomes show a small variability in the damage scenario, always local-

ized at the basement level of the structure, in the different simulations. The only cases 

where the material degradation is manifested also at the belfry level of the tower are 

the  =10 and  =15 analyses carried out with the fixed-base scheme. 
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Fig. 5. 11a – Squat tower tensile damage plots at the end of the seismic input motion: EQ-LIN analyses 

for the coupled SSI and corresponding FIX models ( =1; 2.5; 5;10; 15). 
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Fig. 5. 11b – Squat tower tensile damage plots at the end of the seismic input motion: EQ-LIN analyses 

for the coupled SSI and corresponding FIX models (CS; SC). 

 

In Fig. 5.12 the acceleration response spectra derived at different control points of the 

towers are reported. Looking at the spectra recorded at the tower foundation level (red 

thick line), the relevant elongation effect given by the soil compliance, which tends to 

provide lower spectral acceleration values for the SSI towers with respect to the FIX 

ones, can be observed. This is particularly evident for the  =10 and  =15 anal-

yses, where much higher spectral accelerations are associated to the 1
st

 period of the 

structure in fixed-base condition. 

Finally, as already seen for the LIN analyses, the acceleration spectra recorded at the 

top of the models (thin red and black lines for the SSI and FIX towers, respectively) 

highlight that the spectral peaks occur in correspondence of the 1
st

 natural period of 

each tower model. 
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Fig. 5. 12a – Acceleration response spectra of the squat tower recorded at the foundation level (thick 

red lines) and at the top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the EQ-

LIN set of analyses ( =1; 2.5; 5; 10; 15). 
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Fig. 5. 12b – Acceleration response spectra of the squat tower recorded at the foundation level (thick 

red lines) and at the top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the EQ-

LIN set of analyses (CS; SC). 

 

Fig. 5.13 shows the bending displacement u   time-histories at the top control point 

of each analysed case. As already observed for the LIN set of analyses, the records 

show significant differences between the SSI and FIX approach. In fact, higher dis-

placements are provided in all the analyses which account for the coupled approach, 

except for the  =15 case. The SSI simulations are characterized by greater residual 

displacements, up to 5cm for  =5; conversely the FIX ones are all smaller than 

2cm.  
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Fig. 5. 13 – Squat tower bending displacements ( u ) time-histories recorded at the top control point 

of the structure during each SSI and FIX model for the EQ-LIN set of analyses. 

 

5.3.1.3 Comparison of the results for the squat tower 

The damage contour plots show a rather flat response in all the analysed scenarios, 

no matter if soil compliance is considered or not. Indeed, the damage concentration 

has been always recognized at the basement level of the structure and only in very 

few cases the bell cell results affected by the seismic event, i.e. for the FIX-EQ-

LIN_ =10 and the FIX-EQ-LIN_ =15 simulations.  

The analysis of the acceleration response spectra highlights that the period elongation 

due to the soil compliance usually results in lower spectral accelerations in corre-

spondence of the 1
st

 natural period of the tower. Obviously, this trend becomes more 

significant when the EQ-LIN soil behaviour is considered, due to the introduction of 

the non-linear soil effects. 

The analysis of the bending displacement time-histories recorded at the top of the 

tower models also show that the coupled approach generally produces higher dis-

placement demand in comparison to the fixed-base scheme. 

Further insights concerning the soil modelling influence on the dynamic response of 

the structure can be drawn from Fig. 5.14, where the comparison between the bend-
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ing and the rocking displacements at the top control point of the SSI tower for the LIN 

and EQ-LIN set of analyses is shown. Rather different responses can be observed in 

terms of bending displacement time-histories for the  =2.5,  =10 and CS cases; 

conversely, a similar trend is observed for  =1 and  =5. Moreover, the introduc-

tion of the soil non-linearity through the EQ-LIN approach generally induces higher 

spikes in the rocking displacements records, for each analysed stratigraphy. 
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Fig. 5. 14a – Squat tower bending ( u ) and rocking ( u ) displacements time-histories recorded at 

top of the tower during each SSI-LIN and SSI-EQ-LIN models ( =1; 2.5; 5; 10; 15). 
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Fig. 5. 14b – Squat tower bending ( u ) and rocking ( u ) displacements time-histories recorded at 

top of the tower during each SSI-LIN and SSI-EQ-LIN models (CS; SC). 

 

Finally, the maximum bending displacements profiles recorded at 5 control points lo-

cated along the height of the tower in each analysed scenario are shown in Fig. 5.15. 

The SSI models result in more demanding displacements profiles with respect to the 

FIX ones, except for very few cases (i.e.  =1 for the EQ-LIN set and SC for the LIN 

one). The plots also highlight regular trends along the tower height, without any rele-

vant differential displacement. This applies for both the SSI and FIX scheme, suggest-

ing that the structure has not suffered any relevant damage during the seismic mo-

tion. 

 

 

 

 



 190 

 

Fig. 5. 15 – Squat tower maximum bending displacements ( u ) profiles along the tower height for 

each SSI and FIX model during both the LIN and EQ-LIN analyses. 
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5.3.2.1 Results of the very slender tower analyses with the linear visco-elastic 

soil approach 

The numerical results obtained for the non-linear dynamic analyses of the very slen-

der tower are illustrated, in terms of damage contour plots, for each SSI and FIX 

simulations in Fig. 5.16 considering the LIN assumption. Some analyses have not 

reached the end of the seismic input for convergence issues. Hence, the time at 

which the analysis stopped is also reported in each damage map. 

Differently from the squat tower case, the very slender tower exhibits more variability 

in the damage pattern distribution, showing different responses depending on the soil 

conditions and the tower base-scheme adopted. 

In the  =1 case, both the SSI and the FIX models stopped before the end of the 

seismic input motion, at around 9.2s. In the SSI model, the damage is rather diffuse 

along all the tower height, also involving the belfry level. However, it is the basement 

area that suffers the worst situation with a more intense damage concentration right 

above the main entrance; several vertical cracks are also present in the first half of the 

tower, reminding a vertical splitting collapse mode of the structure. On the contrary, 

the corresponding FIX model shows a remarkable localization of the deformation at 

the basement level with diagonal cracks and a smaller damage distribution involving 

the middle part of the tower (Fig. 5.16a).  

In the  =2.5 case, a clear vertical damage path located in the middle of the SSI 

tower, from which secondaries horizontal cracks develop in correspondence of the 

minor openings of the structure, can be recognised, while the belfry is limitedly dam-

aged. The FIX simulation provides a similar scenario with more intense damage local-

ized at the bottom and at the top of the structure (Fig. 5.16a). 

The results for  =5 and  =10 (Fig. 5.16b) show a very different situation depend-

ing on the tower base condition. Indeed, both the SSI models result in quite mild 

damage distribution localized at the middle of the structure. On the contrary, the FIX 

models are more affected by the seismic action and show a clear vertical damage 

concentration for  =5 and a cylindrical hinge right above the main entrance for 

 =10; moreover both these latter models present cracks at the belfry level.  
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The  =15 case is, instead, characterized by some cracks at the belfry level of the 

two models with a similar pattern (Fig. 5.16c).  

The CS case presents an analogue situation to that described for  =2.5.  

Finally, the SC case outlines a probable shear diagonal collapse, occurring close to 

the bottom of the tower, no matter if the soil compliance is considered or not (Fig. 

5.16d). 
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Fig. 5. 16a – Very slender tower tensile damage plots: LIN analyses for the coupled SSI and corre-

sponding FIX models ( =1; 2.5). 



 194 

 

Fig. 5. 16b – Very slender tower tensile damage plots: LIN analyses for the coupled SSI and corre-

sponding FIX models ( =5; 10). 
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Fig. 5.16c – Very slender tower tensile damage plots: LIN analyses for the coupled SSI and corre-

sponding FIX models ( =15). 
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Fig. 5. 16d – Very slender tower tensile damage plots: LIN analyses for the coupled SSI and corre-

sponding FIX models (CS; SC). 
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The acceleration response spectra recorded at the tower foundation level are reported 

in Fig. 5.17, together with the 1
st

 and 2
nd

 natural periods of the structure in fixed-base 

condition and interacting with the soil. The plots highlight the elongation effect due to 

the soil compliance. The 1
st

 period elongation does not produce any relevant reduc-

tion in the seismic demand, since even in the fixed-base condition the period of the 

structure falls into the descending branch of the foundation spectra (red thick line). 

For the 2
nd

 period the elongation phenomenon results much more limited and, conse-

quently, the seismic demand does not change much when the soil compliance is 

considered; nevertheless, actually a slight increase is observed in this case. 
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Fig. 5. 17a – Acceleration response spectra of the very slender tower recorded at the foundation level 

(thick red lines) and at the top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the 

LIN set of analyses ( =1; 2.5; 5; 10; 15). 
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Fig. 5. 17b – Acceleration response spectra of the very slender tower recorded at the foundation level 

(thick red lines) and at the top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the 

LIN set of analyses (CS; SC). 

 

The bending displacement records derived at the top of the tower, considering the SSI 

and the FIX corresponding models, are plotted in Fig. 5.18. The time-histories report a 

cross when the analysis stopped because of poor convergence. In this regard, 5 of 

the 7 analyses performed adopting the fixed-base scheme have not been completed, 

while just 2 out of 7 stopped when the compliant-base scheme has been adopted. 

Nevertheless, relevant accumulation of permanent displacements is observed also in 

all the successfully completed analyses considering soil-structure interaction, of the 

order of 10-15cm.  
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Fig. 5. 18 – Very slender tower bending displacements ( u ) time-histories recorded at the top control 

point of the structure during each SSI and FIX model for the LIN set of analyses. 

 

5.3.2.2 Results of the very slender tower analyses with the equivalent-linear vis-

co-elastic soil approach 

The damage scenarios obtained for the EQ-LIN soil modelling approach is depicted in 

Fig. 5.19.  

The  =1 case shows a similar damage pattern both for the SSI and FIX models, 

characterized by a huge damage concentration close to the base level inducing the 

collapse of the structure (Fig. 5.19a).  

The  =2.5 provides a vertical splitting of the tower for the SSI case. In the FIX con-

dition, the vertical damage concentration then evolves in a sort of plastic-damage 

hinge located right above the main entrance of the structure (Fig. 5.19a).  

The  =5 case outlines just some horizontal cracks located at the middle of the tow-

er for the SSI model, while the recurring vertical splitting mechanism is recognizable 

in the FIX analysis (Fig. 5.19b).  

For both the  =10 (Fig. 5.19b) and  =15 (Fig. 5.19c) cases the damage contour 

plots are very similar, irrespective of the base condition of the tower; indeed the dam-
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age distribution is mainly localized at the belfry level and in the second half of the 

tower.  

The CS case (Fig. 5.19d) is characterised by a probable vertical splitting collapse, 

when the soil compliance is considered, and by a shear diagonal failure mode, when 

the tower is fixed at the base.  

Finally, the SC case manifests a clear diagonal damage concentration right above the 

main entrance both in the SSI and FIX analyses (Fig. 5.19d). 
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Fig. 5. 19a – Very slender tower tensile damage plots: EQ-LIN analyses for the coupled SSI and corre-

sponding FIX models ( =1; 2.5). 
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Fig. 5. 19b – Very slender tower tensile damage plots: EQ-LIN analyses for the coupled SSI and corre-

sponding FIX models ( =5; 10). 
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Fig. 5. 19c – Very slender tower tensile damage plots: EQ-LIN analyses for the coupled SSI and corre-

sponding FIX models ( =15). 
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Fig. 5. 19d – Very slender tower tensile damage plots: EQ-LIN analyses for the coupled SSI and corre-

sponding FIX models (CS; SC). 
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As already done for the LIN set of simulations, the acceleration response spectra rec-

orded at different control points of the tower are reported in Fig. 5.20. The 1
st

 and 2
nd

 

natural periods depicted on the charts highlight the elongation effect due to the soil-

structure interaction phenomena. The 1
st

 period elongation does not produce any rele-

vant reduction in the seismic demand, since even in the fixed-base condition the peri-

od of the structure falls into the descending branch of the foundation spectra (red 

thick line). On the contrary, the elongation of the 2
nd

 period generally results in higher 

spectral accelerations. 
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Fig. 5. 20a – Acceleration response spectra of the very slender tower recorded at the foundation level 

(thick red lines) and at the top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the 

EQ-LIN set of analyses ( =1; 2.5; 5; 10; 15). 
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Fig. 5. 20b – Acceleration response spectra of the very slender tower recorded at the foundation level 

(thick red lines) and at the top of the SSI-Tower (thin red lines) and FIX-Tower (thin black lines) for the 

EQ-LIN set of analyses (CS; SC). 

 

Fig. 5.21 collects the bending displacement time-histories obtained at the top of the 

SSI and FIX tower. The records also report a cross when the analysis stopped be-

cause of poor convergence. In the specific, it can be noted that 4 of the 7 analyses 

performed adopting the fixed-base scheme have not been completed, while just 2 on 

7 when the SSI model was considered. An important accumulation of displacement is 

observed in all the successfully completed SSI analyses, which reach the 30cm for 

the  =2.5 and CS cases. More limited values are, instead, obtained from the suc-

cessfully completed FIX simulations in comparison with the corresponding SSI cases. 
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Fig. 5. 21 – Very slender tower bending displacements ( u ) time-histories recorded at the top control 

point of the structure during each SSI and FIX model for the EQ-LIN set of analyses. 

 

5.3.2.3 Comparison of the results for the very slender tower 

As a general finding, it is observed that the soil compliance can potentially affect the 

damage distribution along the height of the very slender tower, since it can be very 

different between the SSI and the FIX models. Particularly different patterns are, for 

example, recorded for  =5 and  =10 in the LIN set of analyses and for  =2.5, 

 =5 and CS cases in the EQ-LIN one. However, it is also possible to identify similar 

trends, like the ones recorded for the  =15 case in the LIN set and  =1,  =10, 

 =15 and SC cases in the EQ-LIN set. The obtained damage patterns of the SSI 

analyses look to be more variable with respect to the FIX analyses when the LIN soil 

approach has been considered. In addition, as already observed for the slender tower 

analyses, as the heterogeneity ratio increases the damage pattern looks to affect 

more often the upper part of the structure for both the LIN and EQ-LIN sets. 

The analysis of the acceleration response spectra highlights that the period elongation 

due to the soil compliance produces a change in the seismic demand, which usually 

results in lower spectral accelerations for the 1
st

 natural period; conversely, for the 2
nd

 

one an increase is more likely to occur with respect to the fixed-base condition. Obvi-
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ously, this trend become more significant when the EQ-LIN soil approach is adopted, 

due to the introduction of the non-linear soil effects. 

The analysis of the bending displacement time-histories recorded at the top of the 

tower models also show significant differences between the SSI and the FIX models, 

providing displacement demands which are greater when the coupled models are 

used, especially for the EQ-LIN set of analyses. 

Further insights about the role of the soil modelling approach adopted on the dynamic 

response of the structure can be derived from Fig. 5.22 comparing the bending and 

the rocking displacements at the top control point of the SSI tower for the two soil 

calibrations used in the study. The choice of the calibration adopted to model the soil 

dynamic behaviour can influence the magnitude and sign of the accumulated bending 

displacements. This is particularly evident for the  =2.5 and the CS profiles where 

important residual displacements are provided by the EQ-LIN simulations at the end of 

the seismic event. Moreover, the introduction of the soil non-linearity through the EQ-

LIN approach generally generates higher rocking displacements in each analysed 

scenario with respect to the LIN approach, even though the overall trends are still 

quite comparable. 
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Fig. 5. 22a – Very slender tower bending ( u
) and rocking ( u

) displacements time-histories record-

ed at top of the tower during each SSI-LIN and SSI-EQ-LIN models ( =1; 2.5; 5; 10; 15). 
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Fig. 5. 22b – Very slender tower bending ( u
) and rocking ( u

) displacements time-histories record-

ed at top of the tower during each SSI-LIN and SSI-EQ-LIN models (CS; SC). 

 

Finally, the maximum bending displacements recorded at 10 different control points 

along the tower height are reported in Fig. 5.23. The profiles confirm the localization 

of high level of deformations where damage occurred. For example, the displace-

ments peaks identified between 5 and 10m of height in the  =1 set as in the FIX-

EQ-LIN_ =2.5, FIX-LIN_ =10 or in the SSI-EQ-LIN_SC, suggest the activation of 

a failure mode of the tower. Moreover, the cases where the belfry and the upper part 

of the structure exhibit severe damage able to cause a partial collapse mode are evi-

dent: for instance the FIX-LIN_ =2.5 case, the SSI and FIX models of the EQ-LIN set 

for the  =10 and  =15 stratigraphies, or the SSI-LIN_CS analysis. 
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Fig. 5. 23 – Very slender tower maximum bending displacements ( u ) profiles along the tower height 

for each SSI and FIX model during both the LIN and EQ-LIN analyses. 
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CHAPTER 6: FINAL REMARKS AND FUTURE PERSPECTIVES 

 

 

6.1 Summary of the results of the study 

The present thesis has dealt with the numerical investigation of the dynamic soil-

structure interaction phenomena of masonry towers of different slenderness ratios 

resting on heterogeneous soil deposits. The research framework has mainly covered 

three aspects of the problem: 

1.  The role of the soil deposit conditions studied throughout the investigation of 

the soil stratigraphic heterogeneity influence. The soil stratigraphies have been 

classified by means of the   parameter (Vinale & Simonelli 1983), defined 

as the ratio between the shear wave velocity at the bottom and at the surface 

of the soil deposit, respectively. Five different degree of heterogeneity, equal 

to 1 (i.e. homogeneous condition), 2.5, 5, 10 and 15, have been taken into 

account, while two additional cases representative of a simpler clay/sand 

(CS) and sand/clay (SC) sequence ( =2.28 and  =0.44, respectively) 

have also been considered. 

2.  The influence of the heterogeneity and non-linearity of the soil inspected 

adopting two different approaches: a linear visco-elastic (LIN) and an equiva-

lent-linear visco-elastic model (EQ-LIN).  

3.  The role played by the structural slenderness ratio H/B (height over the base 

length), considering three different values equal to 2.5, 5 and 10 (i.e. a squat, 

a slender and a very slender tower, respectively). 
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The whole study has been performed exploiting the finite element code Abaqus, a 

commercial software used in various civil engineering problems, among which struc-

tural and geotechnical applications. The constitutive model adopted to simulate the 

masonry behaviour has been the Concrete Damaged Plasticity model, a plastic-

damage model originally conceived for concrete, but frequently used in masonry 

modelling.  

The work initially has concerned the elastic response of the SSI system, with the pur-

pose of identifying the dynamic properties of the tower resting on deformable soil de-

posits and quantifying the deviations from the fixed-base condition due to the SSI ef-

fects. 

The results of the modal eigenvalues analyses performed for the three towers and for 

the whole set of soil profiles are reported in Fig. 6.1. They are plotted in terms of peri-

od of the tower resting on the deformable soil ( SSIT ) normalized by the corresponding 

one in the fixed-base condition ( 0T ), as a function of the heterogeneity parameter  . 

The findings can be summarized as follows: 

1.  the soil compliance produces the elongation of the natural periods which is 

strongly dependent on the soil profiles characteristics. The trends of the 

curves suggest that the elongation can be really significant for each analysed 

scenarios, but is generally more important for medium/medium-high hetero-

genous soils ( =5, 10); for higher   ratio ( =15) the phenomenon tends 

to stabilize or starts to reduce; 

2.  the period elongation is more remarkable for the first natural period rather than 

the second one; 

3.  the non-linear soil response introduced by the EQ-LIN approach enhances the 

period elongation; 

4.  for the analysed cases, the period elongation decreases as H/B increases; this 

is due to the relative soil-structure stiffness ratio that increases as H/B rises, 

leading the tower closer to the fixed-base scheme. 

The numerical outputs derived from the modal eigenvalues analyses have been also 

compared with the analytical solution proposed by Veletsos & Nair (1975) for single 
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degree of freedom systems. Despite a similar trend between the two approaches has 

been recognized, the comparison shows that the analytical solution systematically 

underestimated the SSI effects as predicted by the FE analyses. 

As far as the modal shapes, the results of the modal analyses show that: 

1.  the 1
st

 mode of vibration seems not to be influenced by the soil compliance 

and, hence, it does not change much from the fixed-base scheme; 

2.  the 2
nd

 mode of vibration shows instead a relevant dependency on the charac-

teristics of the deposit; in fact, the modal shapes manifest greater modifica-

tion when higher values of   are considered. 
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Fig. 6. 1– Natural periods of the SSI tower ( SSIT ) normalized for the corresponding values in fixed-

base condition ( 0T ) plotted as a function of the heterogeneity parameter  : squat, slender and very 

slender tower. 
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Once the dynamic identification of the SSI system has been performed, the seismic 

response of the towers using non-linear time-history analyses has been assessed. 

One of the main purposes of the present study has been to investigate the influence of 

the soil compliance on the seismic response of masonry towers with respect to the 

fixed-base condition. Thus, the adopted strategy has consisted in two different ap-

proaches: 

1.  a coupled approach which involves the whole soil-tower interaction model; 

2.  a decoupled approach in which the tower is modelled by means of a fixed-

base scheme subjected to the input motion derived from the coupled simula-

tion at the foundation level. 

Thus, in both coupled and decoupled approach, the structure has been subjected to 

the same signal and all the deviations in the tower structural response can be related 

to the soil compliance influence. 

The analysis of the acceleration response spectra recorded at the foundation level of 

the tower has revealed that the period elongation phenomenon causes a modification 

in the seismic demand of the structure with respect to the fixed-base condition. Even 

though a general trend is not inferable, lower spectral accelerations are expected for 

SSI 1T −  while higher values are provided for SSI 2T −  with respect to the fixed-base 

scheme. Moreover, the response spectra derived at the top control point of the mod-

els suggest a different response of the structures between the SSI and the FIX models 

for each considered tower, with more amplified spectral accelerations in correspond-

ence of the natural periods which characterize each analysed scenario. 

The analysis of the non-linear response of the masonry towers, modelled through the 

CDP constitutive model, has allowed to evaluate the possible failure modes affecting 

the structure. From the interpretation of the tensile damage distributions, a total of 6 

recurring damage scenarios have been identified, as reported in Fig. 6.2: 

1.  damage mainly located at the basement level which could evolve in a cylindri-

cal hinge; 

2.  diagonal failure in the first half of the tower close to its main entrance; 
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3.  vertical splitting of the structure characterized by a vertical crack running in 

the middle of the tower; 

4.  a mixed mode composed by diagonal failure and vertical splitting; 

5.  inclined cracks close to the minor openings along the height of the tower; 

6.  damage mainly localized at the belfry level which can also cause its collapse. 

 

 

Fig. 6. 2– Sketch of the main recurring damage modes recognized from the analysed masonry towers 

models: 1) Basement level damage; 2) Diagonal failure; 3) Vertical splitting; 4) Mixed diagonal failure 

and vertical splitting; 5) Inclined cracking at the minor openings; 6) Belfry collapse. 

 

The main recurring damage modes recognized in each modelled tower are summa-

rised in Tab. 6.1. Apart from the squat tower, characterised by the mode 1 as the 

dominant pattern for all the modelling approaches, the slender and very slender tower 

manifest a rather variable response. Indeed, for both the latter typologies of towers, 

the damage mode can be very different considering the SSI or the FIX approach. The 

slender tower is often characterized by mode 1 and mode 2 if the soil compliance is 

considered, especially for the LIN soil set of analyses. For the very slender tower re-

curring damage patterns consist in mode 5 and 6 for both coupled and fixed-base 

models; nonetheless, mode 3 and 4 are likely to occur, especially with the fixed-base 

scheme. Moreover, high degrees of soil heterogeneity are likely to cause damage lo-

calization in the upper part of the structure and hence close to the belfry level (mech-

anism 6) in the case of the slender and very slender tower.  

The approach adopted to model the soil behaviour potentially plays a role on the pos-

sible damage distribution, but it does not look as relevant as the soil compliance con-
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dition at least in the analysed scenarios. A general trend has not been detected and it 

is not possible to state “a priori” in which case the soil compliance surely alters the 

damage pattern in comparison to the fixed-base scheme.  

 

 SOIL  

PROFILE 

LIN EQ-LIN 

 SSI FIX SSI FIX 

SQUAT  

TOWER 

= 1 1 1 1 1 

= 2.5 1 1 1 1 

= 5 1 1 1 1 

= 10 1 1 1 1+6 

= 15 1 1 1 1+6 

CS 1 1 1 1 

SC 1 1 / / 

SLENDER  

TOWER 

= 1 1/2+5 1/2 1/2+5 1/2+5 

= 2.5 1+6 2+6 / 2+6 

= 5 6 1/2 1 1/2 

= 10 / 1/2+5 5+6 1+6 

= 15 5+6 2+6 3+5+6 5+6 

CS 1+5+6 1/2+5+6 1 1/2+5+6 

SC 1/2 1/2+5 1/2 1/2 

VERY SLENDER 

TOWER 

= 1 4+5+6 4+5 2+5 2+5 

= 2.5 3+5 4 3+5 4+5 

= 5 5 3+6 5 3 

= 10 5 4+6 5+6 5+6 

= 15 5+6 6 5+6 5+6 

CS 3+5 4+6 3+5 4+5 

SC 4+5 3+6 2 2 

Tab. 6. 1 – Summary of the main recurring damage modes recognized from the analysed towers mod-

els according to the sketch reported in Fig. 6.2. 

 

Finally, the average of the maximum bending and rocking displacements recorded at 

the top of each SSI masonry tower are reported in Tab. 6.2. The values are also nor-

malized for the height of the structure (and expressed in percentage) in order to make 
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a more effective comparison among the three considered structural slenderness rati-

os. The numerical results suggest that: 

1.  the bending and rocking displacements become more relevant as the slender-

ness ratio increases; 

2.  the bending displacement demand is lower for the SSI slender and very slen-

der towers in comparison to the FIX scheme for the LIN set of analyses; on 

the contrary, greater displacements are expected for the SSI squat tower with 

respect to the FIX model; 

3.  the bending displacement demand is higher for all the SSI towers if compared 

to the corresponding FIX scheme in the EQ-LIN set of analysis;  

4.  the bending displacement demand tends to increase when the soil non-

linearity is accounted for (SSI-LIN vs SSI-EQ-LIN approach); conversely, an 

opposite trend is suggested by the FIX approach; 

5.  the rocking displacement demand is expected to be higher when the soil non-

linearity is considered (SSI-EQ-LIN), i.e. when the soil is more deformable due 

to the higher strain level induced by the earthquake. 

 

 BENDING DISPLACEMENTS (%) ROCKING  

DISPLACEMENTS (%)  LIN EQ-LIN 

 SSI FIX SSI FIX SSI-LIN SSI-EQ-

LIN 

SQUAT  

TOWER 

0.193 0.095 0.193 0.088 0.067 0.102 

SLENDER  

TOWER 

0.302 0.363 0.314 0.270 0.067 0.119 

VERY SLENDER 

TOWE 

0.372 0.454 0.457 0.399 0.119 0.165 

Tab. 6. 2 – Average of the maximum bending and rocking displacements recorded at the top of each 

masonry tower model and normalized by height of the structures. Values are expressed in percentage. 
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6.2 Conclusions and future perspectives 

A numerical investigation on the dynamic soil-structure interaction phenomena involv-

ing masonry towers has been presented in the thesis. The whole problem is charac-

terized by a high degree of complexity due to the great multidisciplinary of the topic 

involving seismic, structural and geotechnical engineering. In the specific case, the 

study has mainly focused on some specific key points which can influence the dy-

namic response of a tower resting on soft soils: the soil stratigraphic conditions, the 

soil non-linearity and the tower structural slenderness.  

The obtained results suggest that all these aspects surely can play a relevant role on 

the seismic performance of ancient masonry towers. Indeed, the modal properties, 

the seismic demand and the possible collapse modes affecting the structure can be 

significantly modified if the soil compliance is considered in the analysis. In particular, 

the period elongation is significantly dependent on the stratigraphy which characteriz-

es the subsoil foundation. Moreover, the soil compliance mainly influences the higher 

vibrational modes rather than the first one. The displacement seismic demand in-

creases when the soil non-linear response is considered, both for the bending and the 

rocking displacement. 

With regards to the possible collapse mode, the upper part of the structure including 

the bell cell results more sensitive to damage if significant heterogenous subsoil con-

ditions are considered. In addition, the damage pattern distribution of the tower can 

be significantly affected by the soil compliance. Thus, it is highly recommended to 

take into account the soil compliance in the dynamic soil-structure interaction simula-

tion of masonry towers, in order to catch all these aspects and perform more accu-

rate structural assessments. 

Further efforts should be spent to generalize these findings. Although a total of 84 

non-linear time-history analyses have been carried out in this work, the analysed 

sample is still too small and needs to be enlarged considering, for example, different 

subsoil conditions, tower geometries and masonry mechanical properties, or investi-

gating the influence of the selected seismic input motion. 
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In addition, a future aspect that could be improved is represented by the adoption of a 

more complex and accurate modelling strategy of the masonry material which, in the 

present study, has consisted of an equivalent homogeneous medium. 

Finally, more advanced soil constitutive models capable of simulating the non-linear 

response of the soils need to be adopted. The equivalent-linear visco-elastic approach 

used in this thesis work is a useful model to simulate the soil dynamic behaviour, but 

it is characterized by some limitations. Indeed, although the non-linear behaviour is 

approximated through iterations, the approach remains a linear method of analysis 

and does not allow to consider the variation of stiffness and damping during the 

earthquake loading. The approach is more suitable when weak seismic motions are 

considered in the simulations. Moreover, the equivalent-linear visco-elastic approach 

is a total stress approach, which neglects the build-up of excess pore water pres-

sures during the seismic action.  

Therefore, further studies should be carried out accounting for a more reliable de-

scription of the dynamic behaviour of the soil foundation deposit, through the use of 

effective stress-based elasto-plastic soil constitutive laws and the solution of the sol-

id-fluid interaction equations under dynamic loading, assessing the influence of these 

advanced soil models on the dynamic response of the structure in elevation. 
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