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Abstract. Simplified mechanics-based approaches for the seismic performance analysis are used for the risk assessment of 

large bridge portfolios. This study evaluates the applicability and effectiveness of displacement-based assessment (DBA) and 

nonlinear static procedures for multi-span railway steel truss bridges. Although built in the first part of the last century, these 

historical bridges are currently in service within the European railway networks, and their seismic performance is poorly 

investigated in the literature. Direct DBA algorithms and pushover-based procedures aimed at seismic performance assessment 

and fragility analysis of bridges are presented and tested within a set of case studies parametrically generated by using an 

archetype steel truss bridge. The first part of this study focuses on the seismic analysis of steel braced towers which, in many 

situations, compose the substructure of steel truss multi-span bridges. A simplified pseudo-pushover and an accurate equivalent 

viscous damping formulation are proposed to be used for the approximate performance displacement assessment of these 

structural components. The second part discusses the accuracy of the investigated approaches for multi-span steel truss bridges 

through comparisons with nonlinear time history analysis. The results of the parametric analysis are used to propose 

recommendations for an appropriate DBA or pushover-based strategy for the deterministic performance assessment and 

fragility analysis with reference to the damage state of the supporting towers or bridge serviceability in terms of superstructure 

transverse deformation. 

Keywords. displacement-based seismic assessment, steel truss bridges, fragility analysis, pushover analysis, capacity spectrum 

method, nonlinear time history 

1. Introduction 
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The research activity for the understanding and reduction of disaster risk for people and assets, including transport 

infrastructure systems, is strongly endorsed by the United Nations within the 2030 Agenda for Sustainable Development [1] 

and within the Sendai Framework for Disaster Risk Reduction 2015–2030 [2]. The serviceability of a transport infrastructure 

network can be severely affected by an inadequate structural response of existing bridges subjected to natural or man-made 

hazards, as proved by recent catastrophic events (e.g. I-35W bridge in Minnesota [3], the Kinzua Bridge in Pennsylvania [4]). 

In earthquake-prone countries, the seismic risk assessment of existing bridge portfolios is of increasing concern for transport 

authorities to address targeted retrofitting and increase the resilience of the transport networks. Most of these critical structures 

may exhibit an inadequate seismic performance subjected to earthquake-induced ground shaking since these were mostly 

designed in the past without anti-seismic requirements. Given the high number of existing bridges to be inspected and assessed, 

refined modelling and analysis methodologies, such as nonlinear time-history analysis (NLTHA), are not practical because of 

their large demand for computational effort [5]. Various research studies (e.g. [6–8]) focused on the development and testing 

of more efficient simplified seismic analysis approaches suitable for large bridge portfolio analysis. Nonlinear static procedures 

represent a simplified alternative displacement-based performance assessment approach with respect to NLTHA. These are 

based on pushover analysis of the structure under study and approximate methods for performance displacement prediction 

based on its equivalent SDoF response [6]. The applicability of nonlinear static approaches was widely investigated for 

reinforced concrete (RC) multi-span bridges [9–13], which are arguably the most frequent bridge typology in Europe. These 

studies concluded that conventional pushover analysis with an invariant first mode-based load pattern can be successfully 

applied to regular bridges. For irregular bridges, whose seismic response is typically affected by strong higher-mode 

contributions or by significant damage-induced variability of modal shapes, more complex algorithms for pushover analysis 

are proposed in the abovementioned studies (e.g. multi-modal or adaptive force- or displacement-based load patterns [14–16]).  

Based on early studies on direct displacement-based design and assessment by Priestley et al. [17], various research efforts 

focused on proposing direct displacement-based assessment (DBA) approaches for predicting the pier-specific displacement 

demand for RC bridges in a given damage state (DS) [6,8,18,19].  

To the authors’ knowledge, there are no studies in the literature that test these simplified methodologies for the commonly 

used European steel truss bridges. These are mainly historical bridges, built during the construction of the transport network 

between the second half of the 19th century and the first decades of the 20th [20]. A large number of these old bridges are still 
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in service and should be subjected to structural assessment with respect to the current code prescriptions (e.g. traffic actions 

and natural hazards) and, if necessary, retrofitted. Although these bridges are worthy of refined analysis, given their 

considerable historical value and structural complexity, testing the applicability of simplified methods on these bridges is 

important for addressing seismic risk-based prioritisation of bridge portfolios, modelling the vulnerability of transport 

networks for the time- or scenario-based loss calculation and resilience analysis of populated contexts.  

According to the classification reported within the Seismic Retrofitting Guidelines for Complex Steel Truss Highway Bridges 

[21], this category includes bridges whose superstructure components are structural truss systems composed of axially loaded 

straight steel members connected in triangular patterns. The superstructure is commonly composed of two truss girders 

consisting of two longitudinal (upper and lower) chords connected by diagonal and vertical frames. The two truss beams are 

connected by secondary bracing systems, aimed at resisting seismic and wind loads, and floor beams supporting stringers and 

the railway plane. The superstructure of multi-span truss bridges consists of simply supported adjacent trusses (i.e. isostatic 

superstructure) or a continuous (i.e. hyperstatic superstructure) truss superstructure. The substructure is generally composed 

of steel braced towers or unreinforced masonry/RC walls. According to Ref. [21], the transverse stiffness of the truss 

superstructure is lower than the stiffness of steel braced towers or massive wall piers. This feature limits the capacity of the 

superstructure to transfer seismic inertia forces between the substructure components and leads to significant higher-mode 

contributions in the seismic response. Studies on this bridge typology are few and mainly deal with the fatigue response of 

truss spans characterised by riveted connections. Several studies [22–25] described experimental campaigns on dismantled 

steel truss spans to analyse the fatigue response of the superstructure components and particularly of the riveted connections 

under cyclic loading. To the authors' knowledge, the study by Yilmaz & Çalayan [26] is the only recent work on the seismic 

fragility of a multi-span steel truss railway bridge. It included the fragility analysis of a case-study bridge in Turkey, discussing 

the efficiency of different intensity measures.  

This paper deals with the applicability and effectiveness of DBA and nonlinear static procedures for the seismic assessment of 

multi-span steel truss bridges with steel braced towers. Section 2 presents the simplified analysis methodologies, including 

novel and state-of-the-art DBA algorithms aimed at the direct seismic performance assessment under a given seismic action, 

pushover analyses coupled with capacity spectrum method (CSM) [27] and extensions to perform a probabilistic seismic 

assessment considering the record-to-record variability. The analysed direct DBA algorithms allow for considering higher-
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mode contributions. An existing historical European steel truss railway bridge is identified as an archetype structure (Section 

3). The discussion of the results is organised into two parts. The first (Section 4) addresses some applicability issues of DBA 

or nonlinear static procedures concerning steel truss bridges, as opposed to RC bridges thoroughly analysed in the literature. 

These issues refer to the seismic assessment of steel towers considering the simplified calculation of force-displacement 

relationships, the definition of displacement-based damage states and equivalent viscous damping formulations to be used to 

approximate the hysteretic dissipation. The second discussion (Section 5) is focused on the effectiveness of the investigated 

approaches for the seismic performance assessment and fragility analysis on six parametric continuous-superstructure steel 

truss bridges, considering the ultimate damage state of the supporting towers or the bridge serviceability measured by the 

transverse deformations of the superstructure. The differences in seismic behaviour of steel truss bridges with respect to 

ordinary RC bridges are highlighted, motivating the need for specific investigations focused on this bridge typology. Specific 

recommendations to appropriately apply DBA and nonlinear static procedures for multi-span steel truss bridges are proposed.  

2.  Description of DBA and nonlinear static procedures and extension for fragility analysis 

In this section, the DBA and nonlinear static procedures adopted for the seismic performance assessment (i.e. calculation of 

displacement demand under a given seismic action) of steel truss bridges are described. First, a state-of-the-art on DBA 

algorithms for bridges and a description of the adopted DBA algorithms, which are adapted for performing a direct performance 

displacement calculation, is illustrated. The investigated nonlinear static procedures, based on pushover analysis and CSM, are 

also presented. Finally, an extension of the adopted simplified analysis methodologies for fragility analysis is described. 

2.1. Direct DBA approaches  

Sadan et al. [8] proposed the first version of DBA for continuous-deck RC multi-span bridges based on an iterative eigenvalue 

analysis. This methodology was slightly modified by Gentile et al. [19], who proposed an alternative DBA approach based on 

simple iterative equivalent static analysis. Both approaches suit the seismic analysis in the transverse direction, where two load 

paths combine (i.e. the seismic action is absorbed by the deck-abutment systems and by the piers). To emphasize the simplicity 

of the algorithm, a simplified modelling approach can be used: the bridge is modelled by an equivalent elastic beam based on 

inelastic supports representing the piers and abutments [8,13,19]. According to recent studies [18,19], the DBA can also be 

straightforwardly applied for analysing the longitudinal response of straight multi-span bridges. Since the superstructure can 
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be assumed axially rigid in the longitudinal direction, the seismic response of the bridge can be represented by the response of 

the resisting substructure members (where a fixed connection to the superstructure is placed) working in parallel. In this case, 

the process is simpler than for the transverse direction since no iterations are required. Additionally, past studies [6,18,28] 

guided the application of DBA algorithms for simply-supported (isostatic) multi-span bridges. In these cases, each substructure 

member can be isolated and analysed separately.  

These DBA algorithms allow the analyst to calculate the limit state displacement profile of the investigated bridge given the 

damage state displacement of a critical substructure member. A final pass/fail assessment is performed via capacity-demand 

ratios calculated by comparing the elastic displacement capacity of the equivalent SDoF system of the bridge in limit state 

condition and the elastic demand (represented by 5%-damped response spectra). Unlike the abovementioned versions, the 

DBA algorithm adopted in this study allows for the direct displacement demand calculation on the bridge components under 

a given seismic action. It is based on the approach by Gentile et al. [19] that proposed a displacement-based pseudo pushover 

subjected to the CSM to enable the seismic demand computation. The presented DBA methodology, illustrated in Errore. 

L'origine riferimento non è stata trovata., is an evolved solution with respect to the DBA proposed in Ref. [19] since it 

synthesises the combination of displacement-based pseudo-pushover and CSM in a single efficient iterative algorithm. This 

modification enables also the use of different procedures to combine higher-mode contributions as explained below.   

Figure 1 presents the workflow. The first step requires the definition of the input response spectrum in pseudo-spectral 

acceleration-displacement format and the characterisation of the abovementioned simplified beam model. The force-

displacement relationships of the substructure members should be calculated and assigned to the inelastic supports. An initial 

modal analysis is performed by assuming a tentative value of the secant-to-target-displacement stiffness 𝑘𝑖  for each i-th 

substructure member. The adoption of the secant-to-yielding stiffness is recommended as an initial assumption. The modal 

shapes which are deemed to significantly contribute to the performance displacement profile should be selected. It is 

recommended to select all the modes having more than 5% of participating mass. However, according to Sadan et al. [8], only 

the first mode can be selected if the corresponding participating mass is higher than 70%. Subsequently, a first tentative 

performance displacement profile (Δ𝑖  for each node) should be calculated. For this aim, the modal displacement profiles 

composed of Δ𝑖𝑗  for each mode 𝑗  are calculated via Equation (1), where 𝑆𝑑(𝑇𝑗) is the elastic spectral demand displacement 
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for the period 𝑇𝑗, Γ𝑗 is the modal participation factor and ϕ𝑖𝑗 is the modal component. A modal superposition is performed by 

using the complete quadratic combination (CQC) to calculate Δ𝑖 . 

 Δ𝑖𝑗 = Γ𝑗𝑆𝑑(𝑇𝑗)ϕ𝑖𝑗 (1) 

Iterations are carried out to update Δ𝑖  accounting for the reduction in the spectral demand due to the hysteretic dissipation of 

the structural members (step 5 in Figure 1). Two alternative approaches are adopted in this study for this scope. 

The first approach is based on the use of the Effective Mode Shape according to Kowalsky [29]. This approach is applied as 

follows and identified hereafter as iterative effective mode shape (IEMS). 

1. Calculation of the equivalent SDoF system corresponding to the bridge in performance displacement condition in 

terms of effective displacement Δ𝑒𝑓𝑓  (Equation (2)), total base shear  (𝑉𝑏 = ∑ 𝑉𝑖), effective mass 𝑚𝑒𝑓𝑓 , effective 

period 𝑇𝑒𝑓𝑓  (Equation (3)), and equivalent viscous damping ξ𝑒𝑓𝑓 (Equation (4), 𝜉𝑠𝑢𝑝 is the elastic damping associated 

to the superstructure). For this latter, an appropriate value of equivalent viscous damping (ξ𝑖) to approximate the 

dissipation associated with the hysteretic response of the single substructure member should be adopted [17].  

2. The equivalent SDoF displacement demand at the effective period 𝑆𝑑
ξ

(𝑇𝑒𝑓𝑓)  considering the equivalent viscous 

damping is calculated by multiplying the elastic spectral demand displacement 𝑆𝑑(𝑇𝑒𝑓𝑓) for the corresponding spectral 

reduction factor, 𝜂𝑒𝑓𝑓 (Equation (5)). 

3. The initial Δ𝑒𝑓𝑓  is compared to 𝑆𝑑
ξ

(𝑇𝑒𝑓𝑓) for the compatibility check with respect to the initial assumption. If the 

convergence is not satisfied, another iteration is performed. A new performance displacement profile Δ𝑖
ξ
 is calculated 

via Equation (6) where the normalised displacement profile ϕ𝑖 and the corresponding modal participation factor Γ𝑒𝑓𝑓  

are used. Δ𝑖
ξ
 is adopted for the new iteration repeating steps 1 to 3.  A displacement tolerance of 1 mm is adopted in 

this study. 

 

Δ𝑒𝑓𝑓 =  ∑
𝑚𝑖Δ𝑖

2

𝑚𝑖Δ𝑖

𝑁

𝑖=1

 (2) 

 
𝑇𝑒𝑓𝑓 = 2π√

𝑚𝑒𝑓𝑓

𝑘𝑒𝑓𝑓

 𝑤ℎ𝑒𝑟𝑒 𝑘𝑒𝑓𝑓 =
𝑉𝑏

Δ𝑒𝑓𝑓

, 𝑚𝑒𝑓𝑓 =
∑ 𝑚𝑖Δ𝑖

𝑁
𝑖=1

Δ𝑒𝑓𝑓

 (3) 
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ξ𝑒𝑓𝑓 =
𝜉𝑠𝑢𝑝 Δ𝑒𝑓𝑓(𝑉1 + 𝑉𝑁) + ∑ ξ𝑖Δ𝑖𝑉𝑖

𝑁
𝑖=1

Δ𝑒𝑓𝑓(𝑉1 + 𝑉𝑁) + ∑ Δ𝑖𝑉𝑖
𝑁
𝑖=1

 (4) 

𝜂𝑒𝑓𝑓 = √0.07 (0.02 + 𝜉𝑒𝑓𝑓)⁄  (5) 

 Δ𝑖

ξ
= Γ𝑒𝑓𝑓𝑆𝑑

𝜉 (𝑇𝑒𝑓𝑓)ϕ
𝑖
 (6) 

The second approach is more refined than the first. While the IEMS considers the damping associated with the global 

displacement profile, this second approach accounts for the equivalent viscous damping associated with each of the 

displacement profiles associated with each mode. It is based on well-known response spectrum analysis and the study by 

Perdomo & Monteiro [13]. It is identified as iterative response spectrum analysis (ITERSA) and is applied as follows. 

1. The equivalent SDoF system related to each mode 𝑗  is calculated in terms of effective displacement Δ𝑒𝑓𝑓,𝑗  via 

Equation (2) using Δ𝑖𝑗 . The total base shear 𝑉𝑏,𝑗, effective mass 𝑚𝑒𝑓𝑓,𝑗, effective period 𝑇𝑒𝑓𝑓,𝑗 and equivalent viscous 

damping 𝜉𝑒𝑓𝑓,𝑗 are calculated (by applying Equation (3) and (4) for each j-th mode).  

2. The equivalent SDoF displacement demand related to each mode 𝑆𝑑
ξ

(𝑇𝑗) is calculated by multiplying the elastic 

spectral demand displacement 𝑆𝑑(𝑇𝑗) for the corresponding specific-mode spectral reduction factor 𝜂𝑗 (Equation (5)). 

This allows for a recalculation of the performance displacement profiles Δ𝑖𝑗
ξ

 to be associated with each mode 

accounting for specific-mode damping by applying Equation (1) using 𝑆𝑑
ξ

(𝑇𝑗) instead of 𝑆𝑑(𝑇𝑗).  

3. A new global performance displacement profile Δ𝑖
ξ
 is also obtained by combining Δ𝑖𝑗

ξ
 via the CQC combination. This 

is compared to the first tentative Δ𝑖 , checking the convergence according to a pre-determined value of tolerance. If 

the convergence is satisfied, the process is completed; if not, other iterations should be performed by using Δ𝑖𝑗
ξ

 as a 

tentative estimate of specific-mode displacement profile.  

It is worth noting that the stabilised performance displacement profile obtained by this iterative approach reflects the “elastic” 

modal shapes obtained by the first modal analysis which is performed by using secant-to-yielding stiffness. To consider the 

modifications of the modal shapes which occur according to the increasing inelastic demand on the resisting structural 

members, another iterative process is performed to conclude the DBA whether IEMS and ITERSA are performed. According 

to the flowchart in Figure 1 (step 6), the shear demand 𝑉𝑖
𝜉
 is interpolated by using the force-displacement relationships 
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associated with each member, the corresponding 𝑘𝑖
𝜉

 is calculated and compared to the initial stiffness assumption. The 

convergence is checked by adopting a pre-determined tolerance value. If the convergence is not reached the process is repeated 

from step 3 of  Figure 1 until convergence on secant-to-target-displacement stiffness is reached.  

 

Figure 1. Flowchart of the direct DBA approach for calculating the displacement demand under a given seismic action. 

The presented direct DBA is a multi-modal approach, accounting for the contribution of higher modes. It is demonstrated in 

the following sections (see Section 5.2) that this feature is essential for analysing the seismic response of steel truss bridges 

which exhibit an “irregular” response. Moreover, the algorithm is “adaptive”, considering the updating of the modal shapes 

for increasing inelastic demand on the substructure members.  

Finally, a simpler DBA algorithm is introduced and identified as simplified iterative response spectrum analysis (S-IRSA). 

This last approach coincides with the DBA with ITERSA but excludes the last iterative process for updating the modal shapes 

(i.e. it is not adaptive) and performs the performance displacement assessment by using the elastic modal shapes. It is simply 

performed by applying steps 1 to 5 of Figure 1. Only a first eigenvalue analysis, assuming the secant-to-yielding stiffness (step 

2 of Figure 1) is performed and the elastic modal shapes are combined to introduce the iterative process for calculating the 

stabilised damped displacement demand on the bridge components. The S-IRSA is used to investigate if it is worth accounting 

for the modifications of modal shapes for increasing inelastic demand within the analysis of steel truss multi-span bridges.  

While, as mentioned above, the application of DBA algorithms is widely addressed for RC bridges, some hindrances arise 

within the application on steel truss bridges. These are related to: 1) the absence of simplified procedures to compute force-

displacement relationships for steel braced towers; 2) the lack of reliable equivalent viscous damping formulations to 
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approximate the hysteretic dissipation of steel braced towers subjected to cyclic loads. The study reported in the following 

Section 4 is aimed to address these issues. 

2.2. Nonlinear static procedures  

The effectiveness of the proposed direct DBA for steel truss bridges is discussed with reference to conventional nonlinear 

static procedures for displacement-based seismic performance assessment. These are based on the pushover analysis of the 

investigated structure and approximate methods for performance displacement prediction based on the inelastic equivalent 

SDoF response of the structure [6]. Several approximate methods for inelastic performance displacement prediction exist [30] 

such as the N2 method [31,32] and the capacity spectrum method (CSM) [33]. The CSM, implemented in different guidelines 

(e.g., ATC-40 [34] and FEMA-440 [35]), calculates the target displacement of inelastic systems as the displacement of 

equivalent elastic SDoF systems having secant-to-target-displacement stiffness and higher viscous damping. Similarly to the 

abovementioned DBA, the CSM approximates the hysteretic dissipation of inelastic systems by using the equivalent viscous 

damping. Therefore, as for the DBA, the application of CSM for steel truss bridges requires the identification of appropriate 

equivalent viscous damping formulations.  

The nonlinear static approaches adopted in this study consist of pushover analyses carried out by using a first-mode-

proportional and a uniform invariant load pattern. These methodologies are hereafter defined as PUSHm and PUSHu, 

respectively. The pushover curves are converted in capacity spectra related to an equivalent SDoF system and are subjected to 

the CSM algorithm adopting consistent formulations for equivalent viscous damping with respect to the DBA. Particularly, 

the modified CSM algorithm proposed by Nettis et al. [36], which can be used for both code-based and real response spectra, 

is applied. 

2.3. Extension for fragility analysis 

Fragility functions represent the probability to reach or exceed a given DS for a given earthquake-induced ground shaking 

intensity and are commonly expressed by lognormal cumulative distribution functions (e.g. [37,38]). The studies [6,18] 

provided simplified procedures for fragility analysis based on DBA and nonlinear static procedures where the central value is 

calculated estimating the seismic intensity measure (IM) corresponding to the equivalent elastic DS capacity. In these studies, 
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since smooth code-based response spectra (which do not allow for the explicit consideration of record-to-record variability) 

are used, conventional literature values of variance should be introduced in the fragility functions. 

Conversely, the procedure applied in the present study for fragility analysis allows the user for the direct consideration of the 

record-to-record variability. A suite of ground-motion records is preliminary selected, the corresponding response spectra are 

computed and the IM of interest is extracted for each record. The abovementioned DBA algorithms are adopted to calculate 

appropriate engineering demand parameters (EDP), which represent the performance of the bridge under the selected ground-

motion suite represented by real (as-recorded) response spectra. A dataset of 𝑒𝑑𝑝𝑔𝑚- 𝑖𝑚𝑔𝑚 pairs computed for each ground 

motion 𝑔𝑚  is obtained. To determine the probabilistic seismic demand model, a power-law model (𝐸𝐷𝑃 = 𝑎𝐼𝑀𝑏), 

representing the continuous relationship between EDP and IM is computed [38]. The fragility function, 𝑃(𝐸𝐷𝑃 ≥ 𝑒𝑑𝑝𝐷𝑆|𝐼𝑀), 

is expressed by the normal cumulative distribution function 𝜙(∙) in Equation (7) where 𝑒𝑑𝑝𝐷𝑆 is the EDP corresponding to a 

given DS. The parameters 𝑎 and 𝑏 are calculated by fitting a linear model on the 𝑒𝑑𝑝𝑔𝑚- 𝑖𝑚𝑔𝑚  pairs  transformed in the 

log 𝐸𝐷𝑃 − log 𝐼𝑀  plane [39] through regression analysis resorting to the least square method. The dispersion 𝜎  is also 

calculated through Equation (7). The same strategy can be adopted by using the EDPs calculated by means of the nonlinear 

static procedures described in subsection 2.2. According to Bakalis and Vamvatsikos [37], this approach suits for cloud analysis 

[36,39] (in which the input record suite is composed by a given number of un-scaled ground motions) and few-stripe analysis 

[40] (which adopts a low number of “stripes” of records having the same IM). 

 

𝑃(𝐸𝐷𝑃 ≥ 𝑒𝑑𝑝𝐷𝑆|𝐼𝑀) = 1 − 𝜙 (
ln 𝑒𝑑𝑝𝐷𝑆 − ln 𝑎 𝑖𝑚𝑏

𝜎
) ; 𝜎 =  √∑ (ln 𝑒𝑑𝑝𝑔𝑚 − ln 𝑎 𝑖𝑚𝑔𝑚

𝑏 )
2𝑁

𝑔𝑚=1

𝑁 − 2
 (7) 

3. Case-study bridges, modelling assumptions and seismic action 

3.1. Description of the archetype bridge  

An archetype steel truss bridge is selected to introduce a parametric analysis. This is a multi-span truss bridge built between 

1913 and 1915 and still in service within the Spanish railway network. The superstructure is a continuous truss having 42m-

long spans and consisting of two lateral Pratt-type truss beams. These are composed of built-up members, measuring a height 

equal to 4 m from the top of the bearings to the top of the upper chords. The upper and lower chords exhibit a T-shaped cross-

section as shown in Figure 2. Two steel braced towers constitute the substructure system. The first is 18.60 m-high and the X-
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bracing system is arranged in five panels, while the second exhibits a height equal to 11.88 m and three braced panels (Figure 

2). The diagonals exhibit a T-shaped cross-section composed of coupled angles, while the horizontal braces are battened 

members composed of two pairs of coupled angles with steel plates as battens. At the top of the towers, 0.75 m-high beams 

are placed to support the bearing devices.  

The legs are battened members: two built-up C-shaped parallel chords are connected by steel plates, one per 0.85 m, creating 

an open-box cross-section. Rivets are used to connect the different steel elements in each built-up member and for the 

connections between the members (e.g. the bracing systems to the gusset plates and legs). At the bottom of the steel towers, 

steel anchor bolts attach the legs to the masonry foundations. The bearing devices, recently replaced during a recent retrofit 

intervention, are confined elastomeric bearings preventing relative displacements between the superstructure and the 

substructure members in the transverse direction. Shock transmitters are also present to ensure the transmission of seismic 

forces from the superstructure to the towers. Further information about the analysed case study is reported in previous studies 

[25,41].  

 

Figure 2. Geometric and constructive features of the archetype bridge. 

3.2. Modelling strategy 
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Numerical models are created using the SAP2000 software package [42] and subjected to pushover analyses and NLTHA. The 

modelling strategy is graphically shown in Figure 3. The truss superstructure is modelled as a spine model by using an elastic 

frame whose flexural inertial characteristics are calculated considering a cross-section composed of the upper and lower chords 

of the truss beams (the contribution of the bracing members of the superstructure is neglected). Preliminary comparisons are 

performed to validate this simplified spine-modelling approach with respect to a refined tri-dimensional model of the truss 

superstructure. Modal analyses show that the simplified spine-model appropriately reflects the modal properties obtained by 

using the refined modelling approach provided that an appropriate mass discretisation of the superstructure is adopted. 

Therefore, each single-span superstructure frame is discretised in seven segments (i.e. 1 node/6 meters). The mass is calculated 

as the gravity loads plus the 20% of the traffic railway loads (calculated according to [43]). 

The steel braced towers are modelled as follows: the legs and the top beams are represented by linear frame elements, while 

the diagonal and horizontal braces are modelled via nonlinear two-nodes-link elements. Fixed restraints are placed at the base 

of the legs (neglecting the soil-foundations interaction). Plastic hinges equipped with axial load-flexure interaction domains 

are used for modelling the nonlinear response of the legs, while simple flexural plastic hinges are assigned to the top beams. 

Shear hinges are also placed at the mid-length of the legs. Considering the recommendations by Eurocode 3 (EC3)-part 1 [44] 

and by the guidelines in [21] and the width-to-thickness ratios of the different plates and angles, the cross-sections of the built-

up members can be classified as "compact" (Class 1 of the EC3) and local buckling phenomena are excluded.  

 

Figure 3. Modelling strategy for steel truss bridge case studies. 

A simplified approach is used for calculating the axial load-flexure interaction domains for battened members accounting for 

lateral buckling. The compression strength 𝑁𝑐 of the battened members is calculated considering the global buckling and the 

local buckling of the portion of longitudinal C-shaped profiles between the battens. For the former, a value of effective 
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slenderness accounting for the shear-induced flexibility is used. The tensile strength 𝑁𝑡 is calculated using the net section area 

(i.e. the gross cross-section area excluding the rivet holes) of the longitudinal profiles only. The axial-load domain is discretised 

in several intervals [𝑁𝑖; 𝑁𝑖+1] between the maximum 𝑁𝑡 and minimum 𝑁𝑐 strength capacity. Varying 𝑁𝑖, the corresponding 

flexural strength is calculated according to the recommendations in Ref. [45]. For each compressive 𝑁𝑖, the minimum between 

the moment causing buckling of the single longitudinal C-shaped profile and the plastic moment of the cross-section is used 

as ultimate strength. This calculation is performed in both the flexure directions. The guidelines in Ref. [21] suggest adopting 

appropriate limitations for the ultimate ductility capacity of built-up steel members if no experimental tests or refined plastic 

analysis are performed. In this study, a maximum rotational ductility equal to 2 is used, corresponding to a severe damage 

condition (see subsection 4.2). This value is linearly reduced from 2 to 0, for compressive axial-load ratio included in 

[0.5𝐴𝑠 𝑓𝑦, 𝐴𝑠 𝑓𝑦] where 𝐴𝑠 is the gross area of the cross-section, 𝑓𝑦 is the steel yielding strength [46,47]. Shear hinges are also 

modelled considering the minimum between the ultimate plastic shear strength of the whole member and the shear force 

inducing axial buckling or yielding of the battens. Preliminary analyses according to Ref. [44] show that for both the battens 

and longitudinal profiles, shear buckling failures are excluded. A pinned connection between the legs and the bracing members 

is considered in the numerical model and, therefore, an axial-load-induced nonlinear response is associated with the diagonal 

and horizontal bracing members. The compression strength is calculated as the critical buckling load, which is largely lower 

than the plastic compressive stress, given the high slenderness ratio of the members, whereas the tensile strength is calculated 

considering the net section. The cyclic response of the bracing members is modelled according to Ref. [48]: the pivot hysteresis 

rule (𝛼1 = 100, 𝛼2 = 0.1, 𝛽1 = 0.02, 𝛽2 = 0.4, 𝜂 = 0) is selected for the two-nodes-link modelling the braces. 

It is worth mentioning that a strength-based verification of the critical components, such as the riveted connections between 

the members or the anchorage devices connecting the legs to the foundation, should be performed to prove the validity of the 

adopted modelling strategy. This can be carried out following the recommendations in Ref. [21] by post-processing the seismic 

analysis results, but it is not significant with respect to the scope of this study. However, according to the experimental tests 

by Bertolesi et al. [41], the failure of the rivets is reasonably neglected for these case studies.  

As anticipated in Section 2, the DBA procedures  use a simplified modelling strategy where the truss superstructure is modelled 

by an equivalent beam model (Figure 1, step 1) and the steel braced towers are represented by inelastic supports. The 

mechanical features and mass discretisation of the simplified beam model are consistent with the spine model in SAP2000. 
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The force-displacement laws to be assigned to the inelastic supports are calculated by using a by-hand pseudo-pushover 

analysis (described in subsection 4.1). Simple programming routines are developed in MATLAB [49] to apply the DBA 

approaches with very low modelling/computational effort.  

3.3. Seismic action 

The ground-motion record suite adopted to analyse the case-study bridges is described in this subsection. First, a suite of 20 

natural spectrum-compatible ground-motion records is selected. The target spectrum is the normalised elastic response 

spectrum proposed by the EC8-part 1 [44] Type 1 for site class C (i.e. shear wave velocity 𝑉𝑠,30 = 180 − 360 𝑚/𝑠) scaled to 

a peak ground acceleration (𝑎𝑔) of 0.50 g. It is used for the record selection carried out via the REXEL tool [50] by using the 

European Strong Motion Database [51] and the Selected Input Motions for displacement Based Assessment and Design 

database [52]. This tool is adopted to automatically select a suite of ground-motion records that are linearly scaled in amplitude 

to achieve compatibility with respect to the target spectrum within a given range of periods (Figure 4). In this case, this 

spectrum compatibility bandwidth is [0.15 s; 1.50 s], defined to include the elastic first-mode period of the analysed bridges 

and (a tentative value of) the period elongation associated with the stiffness degradation during the seismic response. The 

maximum adopted scale factor is equal to 3.5 avoiding large scaling which can produce not realistic scaled excitations. Finally, 

the entire suite of spectrum-compatible records and target spectrum is again scaled so that this latter reaches 𝑎𝑔 equal to 0.20 

g and 0.35 g. In this way, three suites of ground motions having a different seismic intensity are obtained. 

 

Figure 4. Target and mean 5%-damped spectra: (a) spectral accelerations and (b) displacements. 
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4. Seismic performance assessment of steel braced towers 

This section focuses on the displacement-based performance assessment of isolated steel braced towers. The case-study towers 

are analysed by means of NLTHA, pushover analysis and a proposed simplified pseudo-pushover and the results are used to 

identify an accurate formulation for equivalent viscous damping. The outcomes of this section are used to solve the 

applicability issues of the direct DBA and CSM on steel truss bridges mentioned in Section 2. 

4.1. Seismic analysis procedures 

Pushover analyses and NLTHA are carried out by using the numerical models of the steel braced towers. For NLTHA, a 

tangent-stiffness damping strategy is selected and elastic damping equal to 3% is assigned to all the modal shapes. Additionally, 

a simplified analytical procedure is also used in this study to compare the pushover results and provide to the users a simple 

method based on by-hand calculations for achieving capacity curves of steel braced towers. This method does not resort to a 

nonlinear numerical model and can be applied with fast programming routines. The procedure mimics the steps of the pseudo-

pushover analysis proposed by the New Zealand Society for Earthquake Engineering [53]. 

This simplified analysis approach is described in the flowchart shown in Figure 5. It is based on linear static analyses performed 

via an elastic two-dimensional model which is updated during the process. The adopted model represents the front of the tower 

composed of the legs (fully fixed to the foundations), the top beam, the horizontal and tensile diagonal braces (selected 

considering the pushing direction). The compression braces are neglected in the model, due to their low buckling load and 

fragile response. It is assumed that the seismic mass of the system is equal to the tributary seismic mass of the superstructure 

and it is lumped at the top of the tower. 
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Figure 5. Flowchart of the analytical pseudo-pushover for steel braced towers. 

First, the elastic stiffness is assigned to the different members of the model. A static analysis is performed with a force of 

arbitrary intensity placed at the top node of the tower. To consider the effect of the eccentricity of the seismic mass of the 

superstructure with respect to the top node of the tower (which can be relevant for analysis in transverse direction [54]), the 

force can be coupled with a moment equal to the force multiplied by the distance between the top of the tower and the 

superstructure cross-section centroid. A tributary portion of the gravity loads is directly assigned to each leg as axial stress. 

The axial/flexural stress of each member is registered and compared to the corresponding capacity computing a strength-based 

capacity-demand ratio Ωi for each i-th member. For the braces, Ωi considers the axial stress only, while, for the legs, the axial-

flexural interaction is accounted for by using the strength domain (see subsection 3.2). The displacement profile of the tower, 

which corresponds to the top displacement of each panel (Δ𝑝), is extracted. The member characterised by the minimum of the 

calculated Ωi is assumed to reach the yielding at the considered load step. The total base shear 𝑉𝑏,𝑠 and Δ𝑝,𝑠 at this s-th step are 

calculated by multiplying the counterpart provided by the static analysis for the minimum of the Ω𝑖  ratios. If the ultimate 

capacity of the tower is reached (see Section 4.2), the analysis stops. If not, another (s+1)-th step is performed. In this case, 

the model is updated, assigning to the critical member its post-elastic stiffness and a new static analysis is performed. The 

newly calculated stresses are added to the ones calculated in the previous step; a new critical element is identified and another 

value of 𝑉𝑏,𝑠+1 and Δ𝑝,(𝑠+1) is achieved. 

4.2. Capacity curves and damage states 
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Figure 6 shows the capacity curves for the steel braced towers (named T1 and T2) calculated via the previously described 

strategies. The DS thresholds are represented in Figure 7 to understand the sequence of seismic damage which induces a 

nonlinear ductile/fragile response of the analysed steel braced towers. Three DS thresholds based on the local nonlinear 

response of the steel members (Table 1) are identified on the obtained capacity curves following the recommendations of the 

guidelines in Ref. [21]. The DS1 corresponds to minimal post-earthquake damages which can be repaired without affecting 

the bridge serviceability. The DS2 includes repairable damages, not affecting the gravity load safety of the tower which, also, 

keeps an adequate residual capacity to seismic loading. The DS3 reflects a near-collapse condition, accounting for fragile 

failure modes and severe damages on steel members. For DS3, the repairing interventions can require large efforts in terms of 

time and cost. As shown in Table 1, the axial buckling of the horizontal braces is supposed to imply a fragile response. Indeed, 

it can induce an important stress redistribution leading to a loss of global tower strength and can lead to a large increase in the 

effective length of the legs reducing the safety in terms of leg global buckling (considering that the buckling load of the 

diagonal braces is very prematurely reached).  

Figure 6 shows that the consistency between numerical and pseudo-pushover approaches is satisfying, proving the validity of 

the assumptions of the simplified method. The capacity curves related to the longitudinal direction (i.e. longitudinal axis of the 

bridge) show a ductile response: the yielding of the (at least one) tensile diagonal braces (which determines the DS1) anticipates 

the nonlinear response of the legs. The plastic rotation at the top of the legs determines the reaching of DS2. No shear failure 

is detected. The DS3 corresponds to the reaching of the ultimate plastic rotation at the top of the legs. On the other hand, a 

fragile response is observed in the transverse direction, where the axial buckling of the horizontal braces induces the reaching 

of a near-collapse DS3, anticipating other ductile failure modes. This is because of the increased length of the horizontal braces 

with respect to the longitudinal direction, which reduces the corresponding critical buckling load. The large strength 

degradation involved by the failure of horizontal braces is shown in Figure 6 as a dotted line. 

To study the nonlinear response of the towers in the transverse direction in the following sections, a retrofitted version of the 

steel braced towers is introduced. The cross-section area of the horizontal braces is increased until a ductile response of the 

tower is activated, simulating a retrofit intervention aimed at increasing their critical buckling load. The capacity curves in 

Figure 6 for the retrofitted cases show that the hierarchy of strength is consistent with the one observed in the longitudinal 

direction.  
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Table 1. Damage state description of steel braced towers. 

Damage State Description 

DS1 Yielding of the tensile diagonal braces (minimal damages, 𝜇𝑑 = 1) 

 Flexural yielding of the legs or top beams (minimal damages, 𝜇𝑙 = 1) 

DS2 Large plastic rotation of the legs or top beams (repairable damages, 𝜇𝑙 = 1.5) 

DS3 Ultimate flexural ductility on legs or top beams (severe damage, 𝜇𝑙 = 2) 

 Buckling of a longitudinal profile of the battened legs 

 Shear failure of the legs 

 Axial buckling of horizontal braces 

 

Figure 6. Capacity curves and pseudo-pushover curves of the case-study steel braced towers: a) T1 tower; b) T2 tower . 

4.3. Equivalent viscous damping strategies for simplified seismic performance assessment  

Equivalent viscous damping coefficients 𝜉𝑒𝑓𝑓  are used within the DBA approaches (subsection 2.1) and the CSM (subsection 

2.2) simulating the energy dissipation capacity of an inelastic structure/structural member subjected to cyclic action. It is equal 

to the sum of the elastic 𝜉𝑒𝑙  and hysteretic 𝜉ℎ𝑦𝑠𝑡  damping. For steel structures 𝜉𝑒𝑙  is generally equal to 0.02-0.03 [55]. Several 

formulations for computing 𝜉ℎ𝑦𝑠𝑡  calibrated for different structural typologies are proposed in the literature (e.g. [17]), but no 

recommendations are explicitly reported for steel braced towers.  

The steel braced towers can be studied as concentrically braced multi-storey structural systems with slender diagonal braces 

arranged in different panels. It can be reasonably assumed that the main source of hysteretic dissipation is associated with the 

nonlinear response of the diagonal braces which are subjected to axial buckling in compression and yielding in tension [56]. 

Figure 6 confirms this assumption showing that, in the case of ductile behaviour, the nonlinear response is activated by the 

yielding of tensile steel braces only. The dissipation of the legs can be neglected with respect to the dissipation of the diagonal 

braces since the amount of seismic force absorbed by the legs is negligible compared to the portion absorbed by the diagonal 
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braces. Furthermore, this source of dissipation can not be modelled using the lumped-plasticity modelling strategy adopted 

which considers axial load-flexure interaction.  

Considering the similarity with respect to multi-storey steel concentrically braced frames, the equivalent viscous damping 

related to the tower 𝜉𝑡𝑜𝑤 is computed aggregating the elastic and the hysteretic dissipation of the braced panels according to 

the approach proposed by Grande & Rasulo [56]. This latter is tailored for steel braced towers in Equation (8) using the 

equivalent viscous damping of the specific panel 𝜉ℎ𝑦𝑠𝑡,𝑝, the yielding steel strength 𝑓𝑦, the cross-section area of the tensile 

diagonal brace 𝐴𝑑,𝑝 and its axial deformation 𝜀𝑝, the top displacement Δ𝑡𝑜𝑝 and the total base shear 𝑉𝑏 of the tower.  

 
𝜉𝑡𝑜𝑤 = 𝜉𝑒𝑙 + 𝜉ℎ𝑦𝑠𝑡 = 0.03 +

∑ 𝜉ℎ𝑦𝑠𝑡,𝑝𝑓𝑦𝐴𝑑,𝑝𝜀𝑝
𝑁
𝑝=1

Δ𝑡𝑜𝑝𝑉𝑏
 

(8) 

The precursor approach for estimating 𝜉ℎ𝑦𝑠𝑡  of an inelastic system is the area-based approach proposed in the study by 

Jacobsen [57] (and quoted by Priestley et al. [17]) about substitute-structure analysis. The 𝜉ℎ𝑦𝑠𝑡  to be assigned to the substitute 

structure having linear behaviour and secant-stiffness in target displacement condition is proportional to the energy absorbed 

during a hysteretic steady-state cycle at the given target displacement by the investigated structure. This approach establishes 

that 𝜉ℎ𝑦𝑠𝑡  can be calculated according to Equation (9) where 𝐴ℎ is the area measured in a steady-state cycle, 𝑉𝑚 and Δ𝑚 are 

the maximum force and the target displacement. Goggins et al. [58] proposed a displacement-based design methodology for 

concentrically braced frame systems. They compared the 𝜉ℎ𝑦𝑠𝑡  calculated with the area-based approach based on experimental 

test results on a concentrically braced panel, to literature 𝜉ℎ𝑦𝑠𝑡  formulations. They stated that the formulation by Priestley et 

al. [17] related to a Flag-Shaped (𝛽 = 0.35) hysteresis response (Equation (10), where 𝐶𝑒𝑣𝑑 = 0.186 and 𝜇 is the ductility 

demand of the structure) is consistent to the experimental area-based 𝜉ℎ𝑦𝑠𝑡  considering a steady-state response. However, a 

strong overestimation of the displacement demand was detected after comparisons with shake table tests using real records. 

The authors recommended to adopt the Takeda-Thin formulation by Priestley et al. [17] (Equation (10) where 𝐶𝑒𝑣𝑑 = 0.444) 

for calculating the 𝜉ℎ𝑦𝑠𝑡  of concentrically-braced structures in displacement-based design applications. This result is consistent 

with the displacement-based design approach by Della Corte & Mazzolani [59]. 

 
𝜉ℎ𝑦𝑠𝑡 =

𝐴ℎ

2𝜋𝑉𝑚Δ𝑚
 

(9) 

 
𝜉ℎ𝑦𝑠𝑡 = 𝐶𝑒𝑣𝑑

𝜇 − 1 

𝜋𝜇
 

(10) 
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Besides these studies, Wijesundara et al. [55] proposed formulations to calculate 𝜉ℎ𝑦𝑠𝑡  for displacement-based design 

applications of concentrically-braced steel frames. The authors calculated the 𝜉ℎ𝑦𝑠𝑡  according to the area-based approach and 

performed additional calibrations based on NLTHA using natural ground motions. They calibrated 𝜉ℎ𝑦𝑠𝑡  for varying ductility 

(𝜇𝑃 from 1 to 7) and non-dimensional slenderness ratio (𝜆𝑃 from 0.41 to 0.83) of the diagonal brace of a single panel and 

proposed a final synthetic analytical equation. However, the proposed equation is not applicable for very high values of the 

slenderness of the bracing systems which characterise the structural typology analysed in this study. 

According to this state-of-the-art description, some strategies are selected and analysed in this study to approximate the 

hysteretic dissipation of the single braced panel of the steel towers 𝜉ℎ𝑦𝑠𝑡,𝑝. The first follows the fundamentals of the area-based 

approach by Jacobsen [57] (indicated as JB). Several case-study panels having parametric non-dimensional slenderness of 

diagonal braces are subjected to cyclic pushover analysis to calculate the steady-state response. The 𝜉ℎ𝑦𝑠𝑡,𝑝  is calculated 

according to Equation (9) for Δ𝑚 equal to [2.5, 3.5, 4.5, 5.5], corresponding to 𝜇𝑃 equal to [1.5, 2, 2.5, 3, 5, 6.5, 8]. Nonlinear 

regression with a surface model is performed via the least square method to achieve the synthetic Equation (11) relating the 

𝜉ℎ𝑦𝑠𝑡,𝑝  to 𝜇𝑃   and  𝜆𝑝. The process is described in Figure 7. The second strategy (indicated as CBF) considers the outcomes of 

the study by Wijesundara et al. [55]. The calibrated equivalent viscous damping data which refers to the braced panels with 

coupled diagonals in Ref. [55] are adopted to fit another nonlinear model via the least square method. The model is proposed 

in Equation (12). The dependency on 𝜆𝑃 is neglected in this case. The third (TT) and fourth (FS) strategies refer to Equation 

(10) using 𝐶𝑒𝑣𝑑 equal to 0.444 and 0.186. 

 
𝜉ℎ𝑦𝑠𝑡,𝑝 = (𝜆𝑝

0.132 − 1)
𝜇𝑝 − 1 

𝜇𝑝
1.5 + 0.5

  
(11) 

 
𝜉ℎ𝑦𝑠𝑡,𝑝 = 0.218 

𝜇𝑝 − 1 

𝜇𝑝 − 0.76
 

(12) 



21 

 

 

Figure 7. (a) Strategy for calculating area-based equivalent viscous damping and fitting of the surface model; (b) fitting of NLTHA-based 

equivalent viscous damping by Wijesundara et al. [55]. 

4.4. Effectiveness of the selected strategies for equivalent viscous damping 

The accuracy of the candidate equivalent viscous damping formulations selected in the literature is evaluated in this section. 

For this purpose, the capacity curves calculated in subsection 4.2 are subjected to the CSM by using the candidate equivalent 

viscous damping formulations to calculate the performance displacement. The best estimate with respect to NLTHA 

determines the “best” strategy. The smooth code-based spectra are used within the CSM, while the average displacement 

obtained by using the 20 records associated with each ground-motion suite is the NLTHA result. To apply the CSM, the 

capacity curves are converted in SDoF capacity spectra (relating the acceleration-displacement response of an equivalent SDoF 

system of the tower). The acceleration is obtained by dividing the base shear for the effective mass of the tower approximated 

as the tributary seismic mass of the superstructure placed at the top node of the tower. The mass of the tower itself is neglected 

since it is about 1/20 of the superstructure mass [6]. Accordingly, the equivalent SDoF displacement can be also approximated 

as the displacement registered at the top node of the tower where the mass is lumped. Note that to consider the real distribution 

of seismic mass of the tower in calculating the SDoF capacity spectra, the equivalent SDoF displacement and the effective 

mass can be calculated via Equations (2) and (3).  

Figure 8a provides a preliminary comparison among the 𝜉𝑡𝑜𝑤 values calculated via the selected strategies. It is observed that 

the FS and JB strategies strongly underestimate the 𝜉𝑡𝑜𝑤 with respect to the other strategies (𝜉𝑡𝑜𝑤 ≅  0.07 at Δ𝑡𝑜𝑝 = 0.20𝑚), 

the CBF provides the maximum value of 𝜉𝑡𝑜𝑤 (equal to 0.15 at Δ𝑡𝑜𝑝 = 0.20𝑚), while TT provides intermediate estimations 

(𝜉𝑡𝑜𝑤=0.10 at Δ𝑡𝑜𝑝 = 0.20𝑚). 
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The relative errors calculated between the results of the CSM applied using the candidate equivalent viscous damping 

formulations and the NLTHA are graphically reported in Figure 8b. The errors are calculated for the T1 and T2 towers, 

analysed in both longitudinal and transverse direction by using numerical and pseudo- pushover procedures. The outcomes are 

particularly consistent with the literature studies mentioned in subsection 4.3. Indeed, the FS and JB formulations are too 

conservative and provide a large overestimation with respect to the NLTHA. The errors increase as the intensity of the seismic 

action increases. This evidences the need for NLTHA-based calibration for equivalent viscous damping based on steady-state 

cyclic analysis. The TT formulation provides errors between [+15;+52]% endorsing the findings of Della Corte & Mazzolani 

[59]. The strategy CBF outperforms the other approaches providing errors generally lower than +10%. The maximum error is 

equal to +23% and +21% corresponding to the T2 analysed in longitudinal direction via numerical pushover and pseudo-

pushover, respectively. It is worth noting that, in this case, the accuracy of this formulation seems to be not sensitive to the 

intensity of the seismic action and nonlinear demand.  

These results suggest that the CBF formulation provide a satisfactory accuracy for the seismic performance assessment of the 

steel braced towers. These outcomes can be directly applied for the seismic performance assessment of isostatic steel truss 

bridges with steel braced towers similar to the analysed cases. Given these results, the CBF formulation is used to test the 

analysis procedures described in Section 2 for hyperstatic continuous-truss bridges in the following Section. 

 

Figure 8. (a) Comparison of the equivalent viscous damping strategies for T2 tower (Y direction) using numerical pushover analysis. (b) 

Relative errors between the performance displacement calculated via the CSM adopting the candidate equivalent viscous damping 

strategies and NLTHA (X: longitudinal direction, Y: transverse direction). 

5. Effectiveness of DBA and nonlinear static approaches for steel truss bridges 
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The results of the DBA and nonlinear static procedures (Section 2) are applied on parametric case-study bridges in this section. 

The bridges are analysed in the transverse direction only according to previous literature studies (e.g. [13,60]). To better 

interpret the final results, a preliminary discussion on the regularity of the seismic response of the analysed bridges is proposed. 

Then, the results are presented in terms of estimated performance displacement using the smooth code-based response spectra 

and fragility curves. 

5.1. Parametric case-study bridges 

A dataset of six case-study continuous-truss bridges is generated by using the geometric/constructive features of the archetype 

bridge (subsection 3.1). The case studies, shown in Figure 9, differ in the number of spans and geometric layout of the 

supporting steel towers. The length of the span is 42 m according to the archetype bridge. Each case study is identified by a 

code related to the identification number of the towers composing the substructure (e.g. B121 is a four-span bridge with two 

external T1 towers and a central T2 tower). 

 

Figure 9. Parametric case-study steel truss bridges. 

5.2. Modal analysis and relative stiffness index 

According to several studies (e.g. [9,10,16,19,60]), the degree of regularity strongly influences the accuracy of simplified 

nonlinear static procedures and DBA approaches. Seismic regular response of continuous-superstructure bridges means: 1) 

low influence of higher modes in elastic state and 2) slight modifications of the significant modal shapes for increasing 

nonlinear demand [9]. The first-mode participating mass (considering the transverse direction) is calculated for the case-study 

bridges to evaluate the regularity condition 1), whereas for condition 2) the Relative Stiffness index (𝑅𝑆) [61] is introduced. 

This latter is calculated with Equation (13) and compares the stiffness in the transverse direction of the superstructure and 
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supporting towers. As shown by Gentile et al. [19], the higher is the 𝑅𝑆, the higher is the influence of the superstructure in 

redistributing the seismic action among the substructure members, reducing the variability of the modal shapes for increasing 

inelastic demands. 

 
𝑅𝑆 =

384𝐸𝐽𝑠𝑢𝑝

5𝐿𝑠𝑢𝑝
3

∑ 𝑘𝑡𝑜𝑤⁄  (13) 

The results of the modal analysis are shown in Figure 10. All the modal shapes characterised by a participating mass 𝑀∗ higher 

than 5% are shown. The 𝑅𝑆 index is also indicated in the titles of the subfigures. Figure 10 shows that, for all the analysed 

bridges, the first-mode periods ranging between 0.72 s and 0.65 s are similar to the vibration period of the T1 tower (equal to 

0.65 s) and the first modal shape is associated with the dynamic excitation of the T1 tower which is more flexible than T2. The 

participating mass of the first mode 𝑀1
∗ increases according to the ratio between the tributary seismic mass of the T1 towers 

and the total seismic mass. Indeed, the first modal shapes of the B1, B11 and B121 bridges correspond to 𝑀1
∗ higher than 80%. 

Conversely, the modal shapes of the B12, B212 and B221 bridges are affected by the high stiffness of short towers and, thus, 

are characterised by 𝑀1
∗ equal to 0.62, 0.52 and 0.41, respectively. Figure 10d, e and f illustrate the strong differences in modal 

shapes and 𝑀1
∗ for the analysed four-span bridges which result very sensitive to the stiffness distribution of the towers along 

the bridge longitudinal axis. For these cases, the substructure members govern the seismic response rather than the 

superstructure. Opposite results are related to the study by Gentile et al. [19] that registered 𝑀1
∗ ≥ 0.70 for ordinary RC case-

study bridges (two- to six-spans) regardless of the substructure layout. 

Furthermore, the observed RS indexes are much lower with respect to the RS calculated by Gentile et al. [19] for RC 

continuous-deck bridges. This proves that the superstructure influence in redistributing the inertia forces on substructure 

components is much lower in continuous-deck steel truss with respect to the wide-spread RC bridges. For example, the RS 

indexes related to the analysed four-span steel truss bridges are equal to 0.0084 and 0.0068 and lower than the RS registered 

for six-span continuous-deck RC bridges in Ref. [19] which is higher than 0.035. According to these differences, it can be 

claimed that, although DBA and nonlinear static procedures are widely validated for RC continuous-deck bridges, specific 

tests are needed for use with steel truss bridges. 
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Figure 10. Significant modal shapes (participating mass 𝑀∗ higher than 5%) and RS of the parametric case-study bridges. 

5.3. Accuracy in performance displacement evaluation 

This subsection deals with the accuracy of the considered DBA (IEMS, ITERSA and S-IRSA) and nonlinear static procedures 

(PUSHm and PUSHu coupled with the CSM) for a deterministic seismic assessment using the smooth code-based response 

spectra presented in subsection 3.3. The NLTHA is performed by using the three suites of 20 scaled records and the average 

displacement demand is extracted to benchmark the simplified analysis approaches.  

The capacity-demand ratio (CDR) and bridge index (BI) are introduced to compare the obtained results. The CDR measures 

the accuracy of all the simplified approaches with respect to NLTHA in predicting the performance of the critical supporting 

tower with respect to the DS3. It is calculated via Equation (14) where 𝑡 indicates each tower of the analysed bridge and 𝑁𝑡 

the total number of supporting towers. Note that the ultimate displacement capacity Δ𝑈,𝑡 assumed in the DBA approaches 

differs with respect to the one assumed in numerical procedures. Indeed, Δ𝑈,𝑡 is calculated through the simplified pseudo-

pushover within the DBA, while for both the global numerical pushover and NLTHA, the Δ𝑈,𝑡 provided by the numerical 

pushover is adopted. Furthermore, the BI (Equation (15)) evaluates the accuracy of each simplified analysis approach in 

predicting the whole performance displacement profile with respect to NLTHA. The BI herein adopted is a modified version 

with respect to the one proposed by Gentile et al. [19] and Pinho et al. [60] and measures the average relative errors on the 

target displacement profile predicted by the simplified approaches with respect to NLTHA. 
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Figure 11a shows the relative errors on the CDR calculated via the DBA and nonlinear static procedures with respect to 

NLTHA, while the BIs are reported in Figure 11b. To better understand these results, the performance displacement predicted 

by the considered analysis approaches for each mass node on the superstructure is shown in Figure 12 (a spline interpolation 

is used to simulate the displacement between adjacent nodes). Moreover, the standard deviation of the displacement demand 

predicted by the NLTHA is also shown. For the B1, B11 and B121 cases, the ITERSA and IEMS coincide since higher-mode 

contributions are negligible in both elastic and inelastic phases. For the B1 and B11 cases, all the DBA and nonlinear static 

procedures exhibit a general accuracy. Indeed, the corresponding relative errors on the CDR with respect to NLTHA is included 

in the range [-21; 0]% and the BIs are lower than 15%. For both these case studies, the DBA approaches underestimate the 

CDRs with respect to NLTHA. This effect is caused by an underestimation of the ultimate capacity on the T1 tower provided 

by the simplified pseudo-pushover (Figure 6). For the B121 bridge, the IEMS and ITERSA provide errors on CDR lower than 

-23% and BIs higher than 20% for 𝑎𝑔 equal to 0.35g. This is explained by Figure 12d which shows that these strategies fail in 

predicting the performance displacement profile, overestimating the demand of the central tower and underestimating it on the 

lateral towers. This is because the adopted algorithm based on secant-to-target-displacement stiffness updates the deformed 

profile non-consistently with respect to NLTHA after the first yielding of the central tower. On the other hand, the S-IRSA, 

which neglects the updating of modal shapes and use the secant-to-yielding stiffness only, outperforms the other DBA 

approaches regardless of the seismic intensity. The PUSHu offers a satisfying accuracy for the B1, B11 and B121 bridges, 

while the PUSHm leads to errors on CDR higher than 20% for B121 and the considered medium- and high-intensity levels of 

𝑎𝑔. 
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Figure 11. Relative errors on the CDR (a) and BI (b) for the case-study bridges. 

The accuracy of the PUSHm importantly decreases for the B12, B212 and B221 where the higher-mode contribution is relevant 

(Figure 12d, e and f). It well predicts the target displacement of the T1 towers which is related to the first modal shape of the 

bridge underestimating the displacement demand on the shortest supporting T2 towers. Therefore, the BIs of PUSHm exceed 

40% in these cases. The ITERSA and IEMS outperform the PUSHm because of the consideration of higher-mode 

contributions. Generally, these strategies accurately predict the NLTHA displacement demand leading to BIs mainly lower 

than 20%. ITERSA and IEMS are less accurate for increasing the inelastic demand, overestimating the displacement demand 

on the T1 towers associated with the first mode. For example, for the B221 and 𝑎𝑔 equal to 0.50g, these strategies provide BIs 

equal to 25% and 30% and maximum errors on the CDRs equal to -28 and -30%, respectively. These errors can be again 

associated with the inaccuracies in updating the modal shapes within the iterations aimed at reaching the convergence on the 

secant-to-target-displacement stiffness. Indeed, the S-IRSA outperforms the other DBA strategies providing CDR-based errors 

and BIs lower than 20%. No substantial improvements in seismic performance assessment are registered in these cases by 

using the more refined ITERSA with respect to the simpler IEMS. The PUSHu, thanks to its tendency to envelope the 

contribution of higher modes with a uniform load profile, outperforms the PUSHm. Particularly, the corresponding error on 

the CDR is generally lower than 20%, while the BIs are included in the range [5; 22]%.  
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Figure 12. Displacement profiles calculated via pushover (PUSHm and PUSHu), DBA (ITERSA, IEMS, S-IRSA) procedures and NLTHA 

for 𝑎𝑔 equal to 0.20𝑔 and 0.50𝑔. 

In summary, the outcomes of this section show that the investigated nonlinear static and direct DBA methodologies provide a 

satisfying accuracy for the seismic performance assessment of multi-span steel truss bridges with a continuous superstructure 

provided that appropriate algorithms are used. Unlike other bridge typologies [13,19], the use of secant-to-target-displacement 

stiffness within DBA approaches can be inaccurate (i.e. ITERSA and IEMS). Therefore, the “non-adaptive” S-IRSA, which 

uses secant-to-yielding stiffness (i.e. elastic modal shapes), is recommended for bridges similar to the analysed case studies. 

Moreover, with reference to numerical pushover procedures, a uniform load pattern should be preferred to a first-mode-

proportional one, to envelope higher-mode contributions. It is expected that these results can be extended also for other bridge 

types having high flexibility of the continuous superstructure, such as truss bridges supported by masonry/RC wall piers. 

5.4. Accuracy in fragility analysis 

The accuracy of the investigated simplified approaches in performing probabilistic seismic assessment according to the 

procedure proposed in subsection 2.3 is hereafter discussed. The fragility analysis considers two limit conditions: the first is 

related to the reaching of a severe damage condition (DS3 in Table 1) of one of the supporting towers, the second refers to the 

serviceability DS considering the limits for superstructure transverse deformation suggested by Ref. [43] for railway bridges. 
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The fragility analysis is performed by analysing each bridge using three suites of 20 scaled ground-motion records (subsection 

3.3) consistently with previous literature studies [40,62]. The record-specific 𝑎𝑔 is used as IM. The EDPs are defined in terms 

of demand-capacity ratios. For the first fragility analysis, the EDP is the maximum between the ratio of Δ𝑡 divided by Δ𝑈,𝑡 

related to the towers (the reciprocal of the CDR in Equation (9)). For the serviceability fragility analysis, the EDP is the highest 

of the demand-capacity ratios calculated by using the maximum angular variation and minimum radius of curvature of the 

superstructure extracted for each analysis and divided by the limits proposed in [43] (speed range: 𝑉 ≤ 120 𝑘𝑚/ℎ). Since 

demand-capacity ratios are used, in both the cases, 𝑒𝑑𝑝𝐷𝑆 is equal to 1. It is worth mentioning that the use of the iterative DBA 

algorithms with real ground-motion spectra can be unstable [36]. In this study, the cases where lack of convergence is registered 

(eight cases out of 60) are excluded for the generation of the probabilistic seismic demand models. Since the IEMS and 

ITERSA provide similar results in terms of performance assessment (Figure 12), only the latter is used for calculating fragility 

curves.  

 

Figure 13. Probabilistic seismic demand model for B1 (a) and B221 (b) considering the DS3 of the critical tower, and for B212 (c) concerning 

bridge serviceability.  

The probabilistic seismic demand models for three sample cases are reported in Figure 13, while the fragility curves for DS3 

of the critical tower (continuous line pattern) and serviceability (dotted line pattern), related to the six case studies, are shown 

in Figure 14. The NLTHA-based fragility curves show that the serviceability DS anticipates the DS3 of the towers for these 

investigated case-study bridges. The fragility curves for DS3 of the critical tower approximately reflect the abovementioned 

results in terms of CDR (Figure 11a). Therefore, the DBA and nonlinear static approaches lead to satisfying accuracy. Indeed, 

the relative errors with respect to NLTHA on the median fragility (𝑎𝑔 related to a 50% exceedance probability) are generally 
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lower than 20% for S-IRSA and PUSHu. A lower accuracy of the investigated simplified approaches is registered for the 

PUSHm, leading to errors on the median fragility higher than +29% for the B212 and B221. The ITERSA underestimates (-

27%) the NLTHA-based median fragility for the B121. The PUSHm provides a strong overestimation (+30%) of the NLTHA-

based median fragility for the B221. Referring to the serviceability limit state, the effectiveness of the adopted approaches is 

related to the corresponding accuracy in predicting the maximum deformation of the superstructure approaching the abutments. 

The ITERSA strongly overestimates the median fragility with respect to NLTHA for the B121 and B212 bridges, reflecting 

the inaccuracies in the deformed shape prediction shown in Figure 12d (errors on the median higher than 100% and equal to 

37%, respectively). The other approaches generally provide higher accuracy with relative errors on median fragility lower than 

20% with respect to the NLTHA results. Despite the promising results, further investigations should be performed on the 

effectiveness of the investigated simplified approaches for fragility analysis. Indeed, their accuracy could be sensitive to factors 

such as the adopted IM, the EDP or the input ground-motion suite. Moreover, to definitely assess the suitability of these 

approaches for bridge portfolio seismic assessment, the influence of the inaccuracies on fragility analysis should be evaluated 

with reference to the calculation of seismic risk metrics. 

 

Figure 14. Fragility curves calculated via pushover (PUSHm and PUSHu), direct DBA (ITERSA and S-IRSA) procedures and NLTHA. 

6. Conclusion 
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This study discusses the applicability and effectiveness of direct displacement-based assessment (DBA) and nonlinear static 

procedures for the seismic performance analysis of multi-span steel truss railway bridges with steel braced towers. An existing 

case-study historical European steel truss railway bridge is used as an archetype structure. 

The first discussion presented in this study addresses some applicability issues of DBA or nonlinear static procedures 

concerning steel truss bridges, as opposed to widely analysed “conventional” RC bridges. A simplified pseudo-pushover 

procedure to compute force-displacement relationships of steel braced towers is proposed. Its accuracy is proved through 

comparison with numerical pushover analysis. Moreover, an equivalent viscous damping formulation to simulate the hysteretic 

response of steel braced towers is identified among several literature-based candidates. The proposed formulation, used within 

the capacity spectrum method, provides errors lower than 20% with reference to nonlinear time-history analysis (NLTHA) for 

the analysed case-study steel towers.  

The second discussion evaluates the effectiveness of novel and state-of-the-art DBA algorithms considering higher-mode 

contributions and numerical pushover analyses coupled with the capacity spectrum method for the seismic performance 

analysis of continuous-superstructure steel truss bridges. Six case-study bridges with different substructure layouts and number 

of spans, generated by using the archetype structure, are analysed via three ground-motion suites having different intensity 

levels. It is observed that the investigated DBA approaches, thanks to the consideration of higher modes, can accurately be 

applied for the deterministic seismic assessment in terms of displacement demand on the critical tower and bridge performance 

displacement profile (i.e. errors generally lower than 20% with respect to NLTHA). The DBA approaches can be less accurate 

if the modal shapes are updated based on the secant-to-target-displacement stiffness of the substructure members. Also, 

uniform-load nonlinear static procedures provide a satisfying accuracy for the seismic performance assessment of this bridge 

typology. The accuracy of the investigated simplified methodologies is also reflected in the probabilistic seismic assessment 

considering the severe damage of the supporting towers and limits of superstructure transverse deformation.  

This study is deemed to extend the current state-of-the-art research, which includes poor results on the seismic performance 

or fragility assessment of steel truss railway bridges. The findings achieved can be used for the seismic risk assessment of 

bridge portfolios including the investigated bridge typology. Further developments can be addressed to extend the proposed 

simplified procedures for the calculation of risk metrics (e.g. financial losses, expected network downtime) which can be 

directly used for modelling the vulnerability of transport networks or resilience analysis of populated contexts.  
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7. List of abbreviations 

BI bridge index IM intensity measure 

CDR capacity demand ratio NLTHA nonlinear time-history analysis 

CSM capacity spectrum method PUSHm first-mode-load pushover analysis 

DBA displacement PUSHu uniform-load pushover analysis 

DS damage state RC reinforced concrete 

EDP engineering demand parameter RS relative stiffness index 

ITERSA iterative response spectrum analysis SDoF single-degree-of-freedom 

IEMS iterative effective mode shape S-IRSA simplified iterative response spectrum analysis 
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