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EXTENDED ABSTRACT  
 

The issue of seismic assessment of existing RC buildings has been extensively 

studied in the last few years and the international reference framework, both with regard 

to the scientific research and the development of technical codes, is very wide. Never-

theless, there are still a lot of challenging questions about the definition of reliable nu-

merical models and methods of analysis, which are strongly affected by many uncer-

tainty sources (knowledge of structural details, material properties, seismic input; ac-

curacy and reliability of capacity models and discretization strategies). The manage-

ment of these issues, especially in view of practice-oriented applications, requires the 
availability of effective strategies, so to allow a probabilistic assessment approach that 

can be relatively accessible in terms of implementation hurdle the computational time.  

After an extensive background about the approaches to vulnerability assess-

ment proposed by recent scientific literature and technical codes, the dissertation dis-

cusses the critical aspects related to some assumptions commonly adopted in the 

seismic modelling of existing RC buildings, with the aim of proposing proper sanitiza-

tion strategies, which can be particularly useful in view of practical applications. As a 

first issue, the influence on the global response of alternative modelling assumptions 

for secondary structural elements such as slabs is investigated. The usual hypothesis 

of rigid floor is assessed by performing a sensitivity analysis based on several param-

eters, which are particularly significant for the structural response evaluation. Then, 

based on the results of the analyses, a numerical procedure for modelling the floor 

system is proposed, defining an orthotropic equivalent shell element capable to simu-
late the in-plan stiffness of the floor. The methodology actually increases the computa-

tional efforts, but has the significant advantage of avoiding aprioristic assumptions 

about the floor stiffness. An application of the method to the numerical modelling of 

existing RC buildings is then proposed, by appraising the variation of results in com-

parison with alternative models for considering in-plan stiffness (namely, equivalent 

strut models). Lastly, the application possibilities of the proposed procedure are ap-

praised, by presenting a number of examples. As an additional effect, the presence of 



 

infill panels is considered, in the perspective of retrofit solutions. More specifically, the 

possibility of increasing the capacity to horizontal actions by reinforcing the infilled 

frames or by introducing additional RC shear walls on the building perimeter is ap-

praised. 

The second issue addressed in the dissertation is the definition of the most 

effective methodology to be used for identifying the structural response both in the 

elastic and inelastic field. After a review of the nonlinear methods of analysis provided 

by the scientific literature, both static and dynamic, the dissertation presents some ap-

plications of the pushover method, which is by far the most popular choice of practi-

tioners. Firstly, an application of conventional pushover analysis is performed on a set 
of ideal buildings, with the aim of appraising the role of the control node position. Any-

way, as highlighted by current technical laws (Italian building code and Eurocode 8), 

nonlinear static procedure cannot be always applied in its conventional formulation. In 

particular, some limitations arise in the presence of structural irregularities or in the 

cases where higher modes have a strong influence. With the aim to bridge these gaps, 

a solution can be represented by non-conventional methods as multimodal or adaptive 

pushover analysis. With regard to this question, a simplified multimodal pushover pro-

cedure is proposed in the dissertation. The main advantage of the proposal is repre-

sented by the easiness of application, thanks to the adoption of a single load profile in 

the computation, which is moreover an approach very familiar to practitioners. For as-

sessing the reliability of the procedure, it is tested on a real case study characterized 

by relevant dynamic irregularity and a consistent inhomogeneity of in-situ materials.  

The final part of the dissertation is devoted to the possibility of extensively bring-
ing the concepts at the base of Performance Based Earthquake Engineering (PBEE) to 

a wider audience of users, considering that this method has a high scientific relevance  

for the assessment of existing RC buildings. Generally, the application of PBEE needs 

a specialist knowledge about probability theories and about nonlinear modelling and 

analysis, which are skills not always common among practitioners. With the aim of 

reducing these obstacles, a methodology of nonlinear dynamic analysis is proposed, 



 

which consists in an application of the multi-stripe analysis on numerical models im-

plemented through a commercial software. In particular, the new procedure, called Few 

Stripe Analysis (FSA), is applied on a sample of 15 existing RC school buildings (lo-

cated in the province of Foggia, Southern Italy) and the results, in terms of damage 

states, are compared with the ones obtained from SPO2FRAG software, an user-

friendly tool able to compute the fragility curves starting from pushover curves. 

Finally, a new simplified modelling procedure for estimating the global response 

of existing RC buildings is presented. It is able to produce 3D reduced-order models 

(characterized by very few degrees of freedom) starting from the geometrical and me-

chanical features of the case study. The main advantage of the present approach is to 
account for the effects predictable with MDoF models, but with low analysis time and 

computational efforts, with elevate convergence capacity, typical of the SDoF models. 

The performance of this simplified numerical modelling procedure has been tested by 

the application on the previously mentioned sample of school buildings and comparing 

the results, in terms of structural response, damage states and confidence levels, with 

the ones previously obtained from the application of FSA. The relevance and perspec-

tive impact of the research work here presented should be seen in the wider field of the 

vulnerability analysis of the building stock at the regional scale, which is a crucial issue 

for the scientific community and for the civil society. Governments and administrations 

are invested with the difficult task of providing mitigation strategies for the seismic risk 

for a very wide and inhomogeneous portfolio of buildings and the economic resources 

are often very limited. Therefore, the development of methods for estimating the vul-

nerability with limited data has been a subject of intense research activity. The frame-
work that is depicted in the dissertation can provide a tool potentially very impactful, 

since it could allow, by the exploitation of  the 3D Reduced Order Models combined 

with FSA, to overcome the well-known limitations of empirical vulnerability approaches 

in favor of mechanical based methods managed in a full probabilistic framework.  

 
Key words: Existing RC buildings; Seismic Assessment; Numerical Modelling; PBEE; 

Few Stripe Analysis; 3D Reduced-Order Models 



 

SOMMARIO ESTESO 

 
Il problema della verifica di vulnerabilità sismica di edifici esistenti in calce-

struzzo armato è stato oggetto negli ultimi anni di studi approfonditi, che hanno favorito 

lo sviluppo di un quadro di riferimento internazionale sul tema molto ampio, sia dal 

punto di vista della ricerca scientifica che da quello delle normative tecniche vigenti. 

Tuttavia, sono ancora molte le questioni irrisolte a riguardo di temi come la modella-

zione numerica e i metodi di analisi sismica, fasi fortemente influenzate da continue 

fonti di incertezza (conoscenza dei dettagli geometrici e strutturali, proprietà dei mate-

riali, input sismico, accuratezza e affidabilità di modelli di capacità e strategie di discre-
tizzazione). Ai fini di una valutazione affidabile delle prestazioni sismiche, tali problema-

tiche richiedono lo sviluppo di strategie di modellazione e analisi innovative ed efficaci, 

soprattutto da un punto di vista di una accurata valutazione probabilistica e con uno 

sguardo attento alla pratica progettuale, dove la facilità di implementazione e i tempi di 

calcolo assumono un’importanza prioritaria. 

Dopo un’estesa ricerca bibliografica degli approcci proposti e utilizzati per ef-

fettuare verifiche di vulnerabilità sismica di edifici esistenti in calcestruzzo armato, pro-

posti dalla letteratura scientifica e dalle normative tecniche vigenti, nella tesi sono stati 

discussi inizialmente alcuni aspetti critici di modellazione, relativi alle consuete ipotesi 

semplificative adottate. Nella fattispecie, l’influenza dell’ipotesi di piano rigido, con rife-

rimento agli elementi strutturali secondari come il solaio, è stata analizzata, con l’obiet-

tivo di proporre un’idonea strategia efficiente di modellazione per una pratica applica-

zione, rivolta a ricercatori e professionisti. Ciò stante, un’analisi iniziale di sensibilità è 
stata condotta, investigando quali parametri influenzano significativamente la risposta 

sismica globale della tipologia di edifici in oggetto. Sulla base dei risultati ottenuti, una 

nuova procedura numerica di modellazione dell’impalcato è stata proposta, atta a defi-

nire una piastra ortotropa equivalente capace di simulare la reale rigidezza nel piano, 

per azioni orizzontali. La metodologia adottata, nonostante incrementi lo sforzo com-

putazionale dell’analisi, ha il vantaggio di evitare le assunzioni aprioristiche sulla rigi-

dezza dell’impalcato. Al fine di validare quanto proposto, il metodo è stato applicato ad 



un edificio esistente in calcestruzzo armato, valutando i risultati e comparandoli con 

altre metodologie proposte dalla letteratura scientifica per considerare il comporta-

mento nel piano dell’impalcato, come quella a puntoni equivalenti. Infine, è stata valu-

tata la possibilità di applicare la procedura nei casi in cui si considera l’influenza delle 

tamponature esterne e successivamente, in una prospettiva di miglioramento o ade-

guamento sismico dell’edificio. In quest’ultimi casi, la prestazione dell’edificio alle 

azioni orizzontali è stata migliorata, mediante l’uso di tamponature rinforzate e mediante 

l’inserimento di pareti in calcestruzzo armato sul perimetro dell’edificio.   

Per quanto riguarda la fase di analisi sismica, stabilire quale sia la metodologia 

più efficace per identificare la risposta strutturale in campo elastico e inelastico assume 
una grande importanza, considerando soprattutto la vasta casistica di procedure pro-

poste dalla letteratura scientifica e dalle normative tecniche vigenti. A valle di un’estesa 

valutazione di quest’ultime, con particolare attenzione ai metodi di analisi non lineari, 

sia statici che dinamici, la dissertazione presenta alcune applicazioni di analisi statiche 

non lineari, metodo che rappresenta la prima scelta da parte dei professionisti. Inizial-

mente, un’applicazione di analisi statica non lineare convenzionale è stata condotta su 

un campione di edifici esistenti ideali in calcestruzzo armato, con l’obiettivo di verificare 

il ruolo del nodo di controllo. Tuttavia, come già evidenziato dalle normative tecniche 

vigenti (Normativa Tecnica Italiana e Eurocodice 8), le procedure di analisi statica non 

lineare non possono essere sempre applicate, a causa di alcune limitazioni dovute alle 

caratteristiche dell’edificio analizzato, come le irregolarità e la forte influenza dei modi 

superiori. Con l’obiettivo di proporre una strategia che possa colmare i limiti sopraelen-

cati, una possibile soluzione è rappresentata dai metodi non convenzionali come le 
analisi statiche non lineari multimodali o adattive. A questo proposito, una procedura 

semplificata di analisi statica non lineare multimodale è stata proposta. La peculiarità 

di tale metodologia è dovuta ad un algoritmo capace di fornire un singolo profilo di 

carico, facilmente implementabile nelle stesse modalità di un’analisi convenzionale. Al 

fine di verificare l’efficienza del metodo, quest’ultimo è stato applicato ad un edificio 

esistente in calcestruzzo armato, caratterizzato da irregolarità dinamiche e da elevata 

inomogeneità dei materiali in situ.  



 Nella parte finale della tesi, è stata analizzata la possibilità di implementare i 

concetti alla base del Performance Based Earthquake Engineering (PBEE), metodo di 

elevata rilevanza scientifica, per applicazioni pratiche nella verifica di vulnerabilità si-

smica di edifici in calcestruzzo armato. Generalmente, l’applicazione del PBEE richiede 

conoscenze specifiche circa le teorie della probabilità e competenze specialistiche nel 

campo della modellazione e analisi non lineare, qualità non sempre comuni tra i pro-

fessionisti. Con l’obiettivo di ridurre i sopramenzionati ostacoli, una metodologia di ana-

lisi dinamica non lineare è stata proposta, consistente in un’applicazione del metodo 

“multi stripe analysis” su modelli numerici redatti con programmi di calcolo commer-

ciali. Nella fattispecie, la nuova procedura, chiamata “Few Stripe Analysis” (FSA) è stata 
applicata e testata su un campione di 15 edifici scolastici esistenti in calcestruzzo ar-

mato (nella provincia di Foggia, Sud Italia) e i risultati ottenuti, in termini di stato di 

danno e curve di fragilità, sono stati confrontati con quelli ottenuti utilizzando il pro-

gramma di calcolo SPO2FRAG. Quest’ultimo consente di calcolare curve di fragilità, 

partendo da curve di capacità ottenute da analisi statiche non lineari.  

Infine, una nuova procedura di modellazione per valutare la risposta sismica 

globale di edifici in calcestruzzo armato è stata proposta. In particolare, la metodologia 

consente di produrre modelli 3D ad ordine ridotto (caratterizzati da pochi gradi di li-

bertà), partendo dalle caratteristiche geometriche e meccaniche di un edificio esistente. 

Il vantaggio principale del presente approccio è quello di cogliere molti degli effetti pre-

dicibili con un MDoF, ma con bassi tempi di calcolo e analisi e elevata capacità di 

convergenza, caratteristiche tipiche dei modelli SDoF. L’efficienza di questi modelli 

semplificati è stata testata sul campione di edifici esistenti sopramenzionato e i risultati, 
in termini di risposta strutturale, stato di danno e livello di confidenza, sono stati con-

frontati con quelli ottenuti precedentemente dall’applicazione della metodologia FSA. La 

rilevanza e l’impatto futuro del lavoro di ricerca presentato può essere valutato in una 

prospettiva più ampia e relativa ad un’analisi di vulnerabilità del patrimonio costruito a 

scala territoriale, che risulta essere attualmente un aspetto critico sia per la comunità 

scientifica che per le autorità governative. Infatti quest’ultime hanno il difficile compito 

di proporre strategie di mitigazione del rischio sismico per un ampio e disomogeneo 



patrimonio strutturale, ma con risorse economiche spesso molto limitate. Pertanto, lo 

sviluppo di metodologie per la stima della vulnerabilità basata su dati limitati è un tema 

soggetto ad intense attività di ricerca. Le proposte presentate nella tesi possono fornire 

un potenziale strumento di analisi di grande utilità, in quanto potrebbero consentire, 

attraverso l’uso dei modelli 3D ad ordine ridotto combinati con la metodologia FSA, di 

superare le ben note limitazioni mostrate dagli approcci empirici, a favore di metodi 

meccanici, utilizzati in un quadro completo di analisi probabilistica. 

Parole chiave: Existing RC buildings; Seismic Assessment; Numerical Modelling; 

PBEE; Few Stripe Analysis; 3D Reduced-Order Models 
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1. Introduction

1.1 Motivations 
The seismic vulnerability of existing buildings is one of central issues on which 

the scientific community has focused its attention in the last few years, exploiting the 

experience matured after the effects of the last earthquakes events, especially in the 

Mediterranean area. The necessity of a systematic evaluation of the safety level of the 

existing buildings is strictly related, firstly, to the nature of the seismic events, which 

are unpredictable phenomena characterized by significant uncertainty both in their in-

tensity and recurrence and secondly, to the nature of the existing building stock. With 

this regard, a lot of existing buildings were designed by using old technical codes, 
which did not take into account the effects due to the seismic actions, besides not 

considering the modern design philosophy based on the concepts of capacity design. 

Despite the consistent presence of masonry buildings within historical centres, there is 

a widespread presence of reinforced concrete (RC) structures characterized by a po-

tential high vulnerability to seismic actions. For example, in Italy, Istat Census Data 

(Istat, 2011) show that more than 50% of the RC building stock was built in early after 

World War II, before the first seismic code was issued, and almost 85% of RC struc-

tures was built before the 1991, when the seismic hazard was considered only in a little 

part of the territory. Furthermore, it should be considered that the quality of structural 

materials used in these buildings was often inadequate to actual code prescriptions 

(low materials’ quality and strength, poor execution quality) and this aspect, associated 

to the lack of durability of old concrete, to the decay of the strength due to environmen-

tal conditions, leads to a low performance towards seismic actions. This evidence is 
highlighted by the observation about the damage suffered by existing buildings during 

recent earthquakes, as reported by many documents. Looking at the most recent 

events, it is worth mentioning the reports about the Molise Earthquake, in 2002 (Augenti 

et al., 2004, Maffei and Bazzurro 2004, Decanini et al., 2004), Aquila Earthquake, in 

2009 (Dolce et al., 2015, Dolce et al., 2017, Giordano et al, 2009, Salvatore et al., 

2009, Verderame et al., 2009, Bursi et al., 2009, Augenti and Parisi, 2010, Ceci et al., 
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2010, Toniolo and Colombo, 2012, Verderame et al., 2011a, Ricci et al.,2011), Emilia-

Romagna Earthquake, 2012 (Savoia et al., 2017, Liberatore et al., 2013), Centre Italy 

Earthquake, in 2016 (Santarsiero et al. 2016, Masi et al., 2017). 

In view of the seismic risk mitigation of the built environment, the role of the 

scientific community is to support governments and local administrations in the deci-

sion making and in the development of plans for the disaster prevention and emergency 

management. In addition, the research community should also provide guidelines use-

ful for practitioners, who represent the main actors involved in the process of seismic 

assessment of existing buildings, in order to promote a conscious and correct “way to 

do”. To this aim, a solution can be represented by the proposal of methodologies and 
instruments easy to use and cheap from point of view of the computational efforts and 

time analysis. Another key point, in this sense, is the promotion of a greater awareness 

about the role of the practitioner as a “modeller”, by providing a reference framework 

for rationally evaluating the significance of the hypotheses assumed and their possible 

effects on the final results. In this dissertation, the first part is devoted to the discussion 

and management strategy of some critical issues about the phases of modelling and 

analysis of existing RC buildings are discussed. In particular, the focus is on the effects 

induced by some simplified hypotheses that practitioners usually adopt, in order to 

discern common errors and shift towards a more critical approach.   

The second part is focused on the definition of effective, simplified methods of 

analysis and modelling, with the aim to open up the framework of Performance Based 

Earthquake Engineering (PBEE) more effectively to practitioners and also in view of the 

possibility of performing fragility analyses at the regional scale according to a con-
sistent mechanical probabilistic approach. 

 
1.2 Objectives 

This research work is aimed investigating several aspects about the seismic 

assessment of existing RC buildings. In particular, the interest is focused on the prob-

lems that can be encountered by practitioners in the process of the vulnerability analy-

sis of existing buildings. The general objective is to propose methods and procedures 
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that provide, on the one hand, solutions to ambiguous situations in which the analyst 

is forced to assume subjective decisions and, on the other hand, allow a simplification 

of some phases of the assessment path, which are based on a forefront approach like 

the PBEE.  

In the modelling phase and the subsequent evaluation of the structural re-

sponse, practitioners are usually engaged in the definition of a finite element (FE) model 

that should be realistic as much as possible and able to predict the global response 

both in the elastic and inelastic field. Generally, in order to simplify the modelling phase, 

simplifying hypotheses about secondary and non-structural elements are assumed. 

The dissertation investigates the possibility to take into account the elements usually 
neglected in FE models, such as the slab, which is often considered as a rigid dia-

phragm. In particular, it is assessed how the structural response changes when the 

floor system is explicitly considered in the numerical model by proposing a simplified 

numerical procedure, compared with other ones from the scientific literature. Effects 

are evaluated in terms of variation of the capacity curve, considering also the contribu-

tion of non-structural elements such as infill panels and, in a perspective of retrofit 

solutions, the addition of RC walls or reinforced infill panels. 

The second issue that is faced is related to the variability of the parameters 

involved in the knowledge phase of an existing building. Geometrical and mechanical 

parameters are defined on the base of the results of in-situ investigations and accurate 

surveys. Building codes provide some prescriptions in this sense, but in many cases, 

there is still a large margin of discretion about the values to assume in the FE model. In 

addition, depending by the method of analysis applied and by the input parameters, the 
results of the structural FE analysis can lead to appreciable differences in the results. 

In order to understand how the structural response can change, the above-mentioned 

problems are then discussed in the dissertation from the deterministic approach point 

of view, by evaluating the possible variation of the capacity curves and modifying the 

assumption about the in-situ materials and the typology of nonlinear static (NLS) anal-

yses (by considering conventional and non-conventional methods). 
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Finally, the dissertation deals with the possibility to apply the concepts of PBEE, 

which is actually the forefront approach for the assessment of existing RC buildings, in 

a form that is parsimonious but still effective and, at the same time, operational and 

accessible also to practitioners, who still encounter too many difficulties in its ap-

plication. Thanks to the availability of a sample of 15 existing RC school buildings, 

located in the Province of Foggia, Southern Italy, it has been possible to investigate, 

firstly, the structural response by using nonlinear dynamic (NLD) analyses in a proba-

bilistic framework, with a special attention to the practitioners’ needs (reduced time of 

analysis and computational efforts). Furthermore, the possibility of defining suitable 

simplified models to estimate the global response of the case studies is assessed. With 
this regard, it is worth noting that when adopting a simplified model, some effects are 

inevitably lost, both in the mechanisms of individual components and the accuracy of 

the structural behaviour, as shown by a full FE model. On the other hand, there is an 

unquestionable advantage in practical applications: using simplified models based only 

on the knowledge of the geometrical and mechanical information, practitioners can 

provide quantitative measures of performance, damages and losses for an existing RC 

building (o for a sample of buildings) with fully compatible times and costs. 

 
1.3 Outline and organization of the thesis 

In the first part of Chapter 2, a section about the recurring features of existing 

RC buildings, according to the observation of the Italian building stock, is presented, 

highlighting the main sources of irregularity and variability that influence the global 

structural behaviour. Then, the problem of vulnerability analysis of existing RC buildings 

is discussed, with reference to the methods provided by the most recent scientific lit-
erature. In particular, the focus is on the different methodologies developed for studying 

the seismic vulnerability at different observation scales, starting from the regional scale 

up to the level of detailed analysis of single buildings. With regard to the regional scale, 

it is important to distinguish two approaches for the analysis: empirical and analyti-

cal/mechanical methods. Considering the objectives of the thesis, the focus is then 

shifted on the full assessment of a single existing RC building, for which technical codes 
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provide some procedures that allow of following a well-defined path for computing the 

current safety level of the case study. With this regard, the deterministic and probabil-

istic assessment approaches are presented, highlighting the advantages and disad-

vantages from the practitioners’ point of view. 

In Chapter 3, an extensive discussion about the modelling methods of existing 

buildings is treated, considering the necessity to have FE models investigable in both 

elastic and inelastic fields. To this aim, firstly, the scientific literature about the NL mod-

elling of structural elements is reported, discussing the different approaches that can 

be adopted to model the non-linearity and the behaviour to cyclic loadings. Then, the 

influence of secondary structural elements, such as the slab and of non-structural ele-
ments, such as infill panels, is discussed, appraising the variation that the explicit mod-

elling of these components introduce in the results of FE analysis in terms of global 

response. Regarding the modelling of the floor system, a numerical simplified proce-

dure is proposed, in order to simulate the slab through an equivalent orthotropic shell. 

The new element, calibrated on the base of a sensitivity analysis on the most significant 

parameters, can be used in the numerical model regardless of any aprioristic assump-

tion about the hypothesis of rigid behaviour of the floor. Furthermore, the effect of the 

explicit modelling of floor deformability is evaluated in the presence of non-structural 

elements, such as infill panels, in the FE model. The same analysis is performed when 

a retrofit solution is designed, by appraising the effects on the case study. In particular, 

two practical applications are proposed, also accounting for the reduction of the hori-

zontal displacement, obtained through an increment of effective stiffness: presence of 

reinforced infill (with reinforced plaster) and presence of RC walls added at the building 
perimeter.  

In Chapter 4, an extensive discussion about the methods of seismic analysis 

for existing RC buildings is presented. With this regard, it is well-established that non-

linear (NL) analyses are necessary in order to characterize the global structural behav-

iour of an existing RC building both in the elastic and inelastic fields. The main methods 

of seismic analysis, also proposed by technical laws, are the NLS analysis, or pusho-

ver, and NLD analysis. The scientific literature proposes several  methodologies for 
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each of the two types, with the objective of considering the peculiarities that character-

ize, on the one hand, the seismic hazard and, on the other hand, the modelling and the 

analysis of the building.  

With regard to NLS analyses, conventional and non-conventional methods are 

described. Subsequently, an evaluation of conventional pushover method is investi-

gated, assuming a sample of 92 ideal existing RC frame buildings and studying the 

influence of the control node position. Concerning the non-conventional NLS methods, 

a multimodal pushover analysis procedure is thence proposed, which can be very use-

ful for practical application. The method is applied to a real case study, which is an 

irregular existing RC school building characterized by a large dispersion of the mechan-
ical properties of the in-situ concrete strength. Investigating the seismic response of 

the building through some analysis methods, the efficiency of the proposed multimodal 

pushover analysis procedure has been assessed, also accounting for several scenarios 

about the in-situ mechanical parameters. At the end of the Chapter, the most important 

methods of NLD analysis are then discussed, with specific reference to the input of 

analysis (records selection, number and scaling option) and the several methodologies 

of NLD analysis, developed by scientific literature.  

In the first part of Chapter 5, the simplified methodologies proposed in the sci-

entific literature for simplifying the operations of modelling and analysis in the field of 

existing RC buildings are presented. These models are usually aimed at reducing the 

time and computational efforts of NL analyses, but mainly in view of research applica-

tions. Starting from this base, in the following part of the Chapter, a new procedure of 

analysis is proposed, with the objective of applying the concepts at the base of the 
PBEE to the assessment of existing RC building, in a form suitable for the use by prac-

titioners. With this regard, the main concern of practitioners is to spend little time for 

the analysis and to use commercial software with a low computational effort. Hence, 

the proposal is an application of the Multi Stripe Analysis (MSA) method, a very pow-

erful approach of NLD analysis, able to investigate the full structural response of a 

building both in the elastic and inelastic fields. The novel procedure is based on the 

execution of few stripe analyses (FSA) on FE models, which can easily be performed 
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by using commercial software. In order to test and validate the procedure, it is applied 

on a sample of 15 real existing RC school buildings located in the province of Foggia 

(Southern Italy), for which a full knowledge of the geometrical features and mechanical 

parameters was available. For each building, the application of the procedure provides 

the structural response and the damage state at the different limit states (LSs), allowing 

the computation of the fragility curves. In order to assess the efficiency of the proce-

dure, the results are compared with those obtained by the SPO2FRAG software, an 

user-friendly tool able to compute the damage states of buildings in a practical way. 

The final part of the Chapter illustrates the definition, application and validation 

of a new procedure for making simplified models able to predict the global response or 
existing RC buildings, by using the concept of 3D reduced-order model. The proposed 

procedure provides the possibility of creating a FE model starting from the available 

information about the building, such as geometrical and mechanical features of struc-

tural elements. The 3D reduced-order model allows of performing a lot of NLD analyses 

and thence adequately characterize the structural response. Being able to substitute the 

full numerical model in the global assessment, the proposed modelling approach is 

particularly effective to meet the needs of practitioners (such as the reduction of com-

putational time and efforts). The proposed novel 3D reduced-order modelling is applied 

to the sample of RC school buildings previously mentioned, preforming the seismic 

assessment and computing  the structural response, the damage states and determin-

ing the confidence levels. Finally, in order to assess the effectivity of the proposal, the 

obtained results are compared with those obtained by applying the FSA on the full FE 

models. 
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2. Vulnerability analysis of existing RC buildings 

 
2.1 Overview 

In the last few years, the assessment of RC existing buildings has been a central 

issue in the interest of scientific and technical community, considering the relevance of 

damages caused to the building stock during recent seismic events. One of the main 

reasons is the presence of lot of buildings designed according to old code and charac-

terized by significant limitations in their structural response. In order to verify the ac-

ceptability of the seismic performance of an existing RC building, practitioners need to 

carry out several phases, which finally allows to determine the safety level and to design 

a retrofit solution. The scientific literature provides a lot of methodologies for estimating 
and quantifying the vulnerability of RC buildings. This can be obtained through empirical 

or analytical procedures, as discussed in this Chapter. From the practical point of view, 

practitioners can refer to current technical codes that provide information about the 

assessment process of existing buildings, through the regulation of a logic path, which 

consists in the phases of knowledge of the structure, modelling, analysis and assess-

ment of the safety level. Anyway, the approaches proposed by the technical codes, 

which are adopted in different countries, are different. Assessment procedures can be 

mainly distinguished in deterministic approach, such as the one implemented in Euro-

code 8 (2005) and probabilistic approach, which is adopted in the FEMA 356 (2000) 

and FEMA P695 (2009). With this regard, a presentation about the two methods is 

proposed, highlighting the differences from the scientific and practical point of view. 

 
2.2 Critical issues in the design approaches according to old technical codes  

 The problem of the seismic risk represents a relevant issue in the countries in 
which the seismic hazard is medium-high, such as Italy, Greece, Turkey and in the 

Mediterranean area. As reported in (Manfredi et al., 2007), in the last century we have 

had 120.000 losses in terms of human lives and, in the last 25 years, 145.000 billion 

euros have been spent for repairing post-seismic damages and rebuilding new substi-

tute buildings. Especially in Italy, cities are characterized by historical centres made of 
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masonry buildings, while surrounding areas and suburbs are rather constituted by RC 

buildings, characterized by a significant fragility due to the old age of the structures and 

the unsatisfactory design approaches adopted at the time of construction. With regard 

to the age, it is interesting to analyse figure 2.1 that shows a classification of the age 

of about 85% of existing RC buildings in Italy, as reported in the ISTAT Census of 2001 

(ISTAT, 2001).   

 

Fig. 2.1 – Age of the Italian buildings up to 1991, as shown in (ISTAT, 2001) 

 

The pie chart shows that the major part of Italian buildings was built starting 

after Second World War, with a trend that quickly increases up to the end of the last 

Century. This situation was due to the great development of the building industry during 

the post-war reconstruction, boosted by the big economic boom occurred in the ‘70s. 

With regard to the design features, the existing RC building stock is generally charac-

terized by structures designed according to old technical laws, which often did not take 

into account seismic actions and by the use of construction materials of low quality. It 

is even possible to find cases in which there are design mistakes, also according to the 

prescriptions of technical laws, poor maintenance and visible decay phenomena. A 
summary of the above-mentioned problems is reported in figure 2.2, showing the 
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causes of vulnerability in existing RC buildings, such as reported in a RELUIS report, in 

2007. Generally, common critical issues characterize the existing RC buildings, which 

have been object of investigations by the scientific community. Typically, the design of 

existing RC buildings ignored the rules of the “conceptual design” and this circum-

stance has led to summarize these critical issues as in the following list: 

 Irregularity in-plan; 

 Irregularity in-elevation; 

 Poor mechanical properties of concrete (design mistakes and degradation); 

 Poor details about longitudinal and shear reinforcement; 

 Poor details about beam columns joints. 

 

 

devi specificare le criticità: “armature longitudinali” non è di per se una criticità. 

 

Fig. 2.2 – Causes of vulnerability of existing RC buildings 
 

2.2.1 Irregularities in-plan and in-elevation 
Concerning the irregularity in-plan, many existing buildings are characterized 

by a shape that does not account at all for the concept of “regularity”. The trend, in 
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fact, was to design buildings mainly based on functional considerations. For example, 

a lot of existing RC school buildings have a very irregular shape, in order to accommo-

date as much classrooms as possible. Generally, we can say that a building is regular 

in-plan if designed following the criteria provided by the Eurocode 8 (EC8): 

 Building structure must be symmetric along two orthogonal axes; 

 In-plan configuration must be compact. Limited re-entrances are allowed, in 
order to do not influence in-plan stiffness; 

 In-plan stiffness must be enough with respect to vertical one. In this regard, in-

plan shapes as L, C, H, I, X must be carefully analysed, in order to assess the 

validity of the rigid floor assumption;  

 The ratio between maximum and minimum dimensions of building must be 

lower than 4; 

 For each level and analysis direction, the eccentricity e0 and the torsional radius 

r must respect the following prescription: 
- e0 ≤ 0.3 rx; 

- rx ≥Js 

where rx is the square root of the ratio between the torsional stiffness and the 

lateral stiffness in Y direction and Js is the radius of gyration of the storey mass. 

  

Irregularities in-plan provide a torsional behaviour of the building, due to a dif-

ferent position of the centre of the mass (CM) and the centre of the stiffness (CS), 

which is symptom of irregular distribution of mass, strength and stiffness (figure 2.3). 

In particular, this torsional behaviour is enhanced by the seismic action, which is an 

inertial force and then acts on the CM, generating an in-plane torque with CS. More 

distant are CM and CS, more consistent is the torsional effect. This latter effect causes 

an increase of the seismic demand in some parts of the building and, in particular, an 
increment of the stresses in the external and internal structural elements. If not accu-

rately designed, they can suffer of brittle mechanism collapse (ductility reduction). 

Clearly, when some structural elements enter in the inelastic field, we can have some 
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effects, among which the change of CS and centre of strength (CV) positions, with 

subsequent variation of the previous equilibria.  

 

Fig. 2.3 – Torsional behaviour of RC buildings due to irregularity in-plan  

 

 Several studies about these and other effects, both in the elastic and inelastic 

field, are available in the scientific literature (Rutenberg, 2002, De Stefano and Pin-

tucchi, 2008, Varadharajan et al., 2013, Anagnostopoulos et al. 2015). The first works 

about the study of torsional behaviour of buildings were conducted on single-storey 

asymmetric buildings. Among these, in (Dutta and Das 2002a and Dutta and Das 

2002b) the strength degradation effects on an asymmetric one-storey building are stud-

ied by analysing the bidirectional response (with a bidirectional input) of a  numerical 

model. The results of the analyses showed that unidirectional loading can underesti-

mate the real response. Furthermore, the authors observed that the seismic demand in 

terms of displacement and ductility was greater when stiffness deterioration was taken 

into account, considering both sides of building considered. In (De Stefano and Pin-
tucchi, 2002), a single-storey model was analysed in order to investigate the inelastic 

interaction between bidirectional loading and axial forces on structural elements. In par-

ticular, they found that, neglecting the previous interaction, the torsional response was 
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overestimated, due to the floor rotation in the inelastic field. In (Tso and Myslimaj 2003; 

Myslimaj and Tso 2005), authors investigated the correlation between strength and 

stiffness on a 1-storey model subjected to bidirectional actions. In particular, they as-

sessed how to balance the strength and stiffness distributions, providing some criteria 

for locating the CV and CS in order to reduce the torsional behaviour. In addition, they 

showed that when one element reaches the yielding, a greater torque is generated due 

to the redistribution of the action towards other elastic structural elements. In (Pettinga 

et al., 2005), authors analysed the behaviour of a single-storey model under unidirec-

tional and bidirectional earthquake excitation through a sensitivity analysis and as-

sessed the influence of some parameters (hysteretic behaviour, P-Delta effects, seis-
mic intensity, ductility) on the residual deformations of structural elements. They con-

cluded that in the systems with low torsional restraints (Paulay, 1998), the buildings 

had an improvement in terms of residual displacement and residual rotational behav-

iour. In (Peruš and Fajfar, 2005), a general discussion about several problems is pre-

sented, with regard to the torsional behaviour of a 1-storey building in the elastic and 

inelastic field (in the cases of mass-eccentricity, strength eccentricity and stiffness ec-

centricity). In particular, they evaluated the behaviour change from the elastic to inelas-

tic field, concluding that the response in the two configurations were similar. Further-

more, the excursion in the inelastic field provided a reduction of torsional effects, in 

favour of a translational behaviour. All systems investigated by the authors presented 

the same behaviour. In (Aziminejad and Moghadam, 2010), the performance of 1-sto-

rey building designed with irregular configuration was investigated in order to optimize 

the position of CV, CS and CM, based on the plasticity occurrence. Based on the dam-
age observed, they provided criteria for establishing the best position of CV and CS. 

Focusing on researches about multi-storey buildings, Paulay (Paulay, 2001, 

Paulay, 2002) redefined the criteria for designing the dual wall-frame systems. In par-

ticular, their most important deduction was the independence between the yield dis-

placement and strength. The authors estimated that the stiffness was proportional to 

the nominal strength: if the value of the strength is fixed, automatically stiffness is de-

termined. This result was also confirmed by Tso and Myslimaj (Myslimaj and Tso 
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2005), as previously mentioned, and subsequently by (Sommer and Bachmann, 2005), 

who defined design criteria from a practical point of view. After checking the interde-

pendence between strength and stiffness, as shown in figure 2.4, they provided some 

prescriptions for a reliable design. Based on their study about a multi-storey model with 

RC walls, the authors suggested how to locate the CV with respect to CS and CM in 

order to have a uniform distribution of the ductility demand, based on the location of 

steel reinforcement in RC walls.  

 

 Fig. 2.4 – Force-displacement relationship, based on the interdependence between strength and 

stiffness, assuming independence from yield displacement (Sommer and Bachmann, 2005) 

 

In (De Stefano et al., 2002), a 6-storey frame building was studied by  as-

sessing the code-design prescriptions. In particular, they found that their model had an 

excessive ductility demand due to a wrong location of the over-strength. They con-

cluded that the prescriptions of the code were not able to provide a good torsional 

behaviour to the building because they were calibrated on a single-storey model. To 

confirm this, in (De la Colina, 2003), a sensitivity analysis was performed on a 5-storey 
building with eccentric stiffness, under bidirectional actions. They analysed the problem 

considering the ductility demand and identified practical cases in which eccentricity 

should be considered in the design. In (Anagnostopoulos et al., 2010), the authors 

demonstrated that the inelastic response of an asymmetric multi-storey building could 

be predicted with simplified models having a dynamic behaviour close to the original 

building, in terms of the first three natural periods, as soon as in terms of total strength. 

In the field of laboratory tests, it is worth mentioning the investigation performed in the 

SPEAR project (2005), where a full-scale 3-storey building was investigated by 
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pseudo-dynamic tests by using a bidirectional excitation (Mola et al., 2004). They as-

sessed that the global behaviour of the building was underestimated by using conven-

tional NLS analysis, due to contribution of the higher modes related to torsion, and, 

more in general, that some effects, such as the soft storey at second floor, was unpre-

dictable using NLS analysis. In addition, in the works about the torsional behaviour of 

RC buildings with irregularity in-plan highlight the necessity to investigate the structural 

inelastic response through non-conventional NLS procedures calibrated on experi-

mental or numerical results based on NLD analysis. Some aspects and scientific liter-

ature about this topic will be presented in the next section. 

With regard to the irregularity in-elevation, several existing buildings are char-
acterized by the presence of  parts with different heights, sometimes related to unreg-

ulated building activities in which storeys were added in order to accommodate the 

functional needs of the users. Also in this case, EC8 provides some prescriptions, sum-

marized below: 

 Each structural vertical element must extend along the whole height of building, 

from foundation to the top storey; 

 The mass of each storey must be constant or can change without abrupt vari-
ation; 

 The stiffness of each storey must be constant or can change without abrupt 

variation; 

 Re-entrances of each storey must be less than 20% of dimension considered; 

 In the case of re-entrance that does not exceed the 15% of the total height of 

the building, it cannot be greater than the 50% of the correspondent in-plan 

dimension; 

 In the case of asymmetric re-entrances, their sum on all storeys, in one direc-
tion, must be not greater than the 30% of the correspondent in-plan dimension. 

 

Irregularity in-elevation can represent a critical issue mainly because it induces 

an increment of the plastic demand at particular points of the building that do not re-

spect the rules of “hierarchy strength” design. Generally, this problem consist in an 
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irregular distribution of stiffness, strength and masses, causing an increment of the 

inter-storey drifts (θi) at some levels of the building and, consequently, an increment of 

structural and non-structural damage. 

The scientific literature provides several studies about the irregularities in-ele-

vation, and a lot of researchers have developed sensitivity analyses for understanding 

the parameters that influence the question. In (De Stefano and Pintucchi, 2008), an 

extensive state of art can be found. In (Magliulo et al, 2002), some case studies char-

acterized by irregular distribution of mass, stiffness and strength are analysed. The 

authors assessed the code prescriptions about this topic, comparing the performance 

of the investigated structures with the ones obtained from regular cases with analogous 
configuration. The results suggested that criteria provided by international codes were 

not able to identify all the effects about the irregularity buildings. In (Magliulo and 

Ramasco, 2008), the irregularity in-elevation, in terms of strength, is investigated in the 

case of high ductility classes, according to EC8 definition. The results of the analyses 

performed on a 5-storey model showed that the performance was largely verified at 

safety LSs, but the regularity thresholds, assessed with the most important international 

code prescriptions, were different. In (Magliulo et. al, 2012), a study about the in-ele-

vation irregular distribution of overstrength, among structural elements, is presented 

through the performance of NLS and NLD analyses on regular and irregular buildings 

designed with EC8 prescriptions. The authors suggested of improving the code provi-

sions about the strength irregularity, which can be checked only at the end of the as-

sessment, to difference of other properties as geometry, mass and stiffness. This in-

duced to revise the behaviour factor (q) in practical application, at the end of the as-
sessment. In (Romão et al., 2004) the influence of the axial force’s variation in the 

columns on the global behaviour of RC buildings is studied. In particular, three case 

studies were investigated, which were characterized by different in-elevation irregular-

ities. The comparison of the results with the ones obtained from ideal regular building 

showed that the axial force’s variation only influences the lateral deformability, but not 

the ductility demand. In (Tena-Colunga, 2004), two irregular one-bay buildings, de-

signed according to the Mexican code, were investigated in the weak direction by NLD 
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analyses. Based on the results showing that the performance of the building was very 

low, they provided suggestions for introducing penalty factors in the code prescriptions. 

In (Fragiadakis et al., 2005), the authors analyse the strength and stiffness of a steel 

frame structure with irregularities in-elevation, highlighting the variation of the effects 

according to the different the kind of irregularity, its location and the intensity of seismic 

excitation. In (De Stefano et al., 2005), a sensitivity analysis about the P-Delta effects 

for RC buildings designed according to EC8 and having irregularity in-elevation is pre-

sented. The results, in terms of fragility curves, suggested the relevance of the above 

effects, which can vary the structural performance estimation. In (Sarkar et al., 2010), 

a new “regularity index” for computing the fundamental period T of the structure is 
proposed. The procedure was assessed on an extensive sample of buildings with dif-

ferent kinds of irregularities. In the field of experimental tests, Reinhorn et al. preformed 

experimental tests on a 3-storey steel building in which there were irregularities in-

elevation (Reinhorn et al., 2005). The observation about the structural damages in-

duced the authors to suggest some techniques for designing this kind of structures, 

besides proposing a new numerical model able to simulate the steel connections. 

 

2.2.2 Assessment of structural materials and compliance criteria 
Concerning to the features of the concrete used in the existing RC buildings, it is 

well-known that it is often characterized by a low quality of the mechanical properties 

because of several factors, such as the limited knowledge about the techniques of mix 

design, the low accurateness of the concrete casting phase, the lack of acceptance 

controls (as imposed by present codes). In addition, the mechanical features of in-situ 
concrete, such as the strength, are usually strongly modified by degradation phenom-

ena occurring during the life cycle of the building because of particular environmental 

conditions (Collepardi, 1992). The main consequence is a change of the structural re-

sponse, with the reduction of the performance under seismic actions. For a correct 

evaluation of the structural response of existing RC buildings, it is necessary to char-

acterize the properties of in-situ concrete, such as the compressive strength (f’cm), the 

concrete elastic modulus (Ec), the yielding and ultimate strains (εcy and εcu). To this 
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aim, a detailed investigation plane should be prepared, in which the necessary in-situ 

investigations to be performed on the structural elements of the case study  are defined. 

The most effective way for characterizing the mechanical parameters of the concrete 

is represented by destructive tests (DTs), which consist in the extraction of concrete 

specimens from the structural elements that will be analysed in laboratory (drilling core 

test). With this regard, it is important to specify that the operations that allows to meas-

ure the value f’cm of in-situ concrete strength are affected by practical events that can 

alter the results, such as the dimensions of the core, the presence of reinforcement 

bars in the specimen, the disturbance induced by the drilling phase and so on. In order 

to consider the influence of these elements, the scientific literature provide some for-
mulations, such as the one by Masi (Masi, 2005): 

    . , =  퐶 퐶 퐶 퐶 푓 ,  (2.1) 

in which the in-situ compressive strength of the specimen (fcis,j) is provided by 

the compressive strength of the core (fcar,j) modified by the coefficients CH/D, which 

depends from the specimen’s dimension; Cdia, which is a function of the specimen’s 

diameter; Ca, which depends from the reinforcement embedded in the specimen and 
Cd, which depends from the disturbance degree during the drilling phase. Considering 

that in an existing RC building the number of DTs should be reduced as much as pos-

sible in order to limit damage, the previous investigations can be integrated by non-

destructive tests (NDTs), which provide the values of some mechanical parameters that 

must be calibrated with the result of DTs. Table 2.1 summarizes the typologies of DTs 

and NDTs for assessing concrete compressive strength. The execution modalities of 

the tests will not be here described, but the discussion will be rather focused on the 

data that can be derived by investigation plans, considering that the definition of the 

values of the parameters that characterize in-situ concrete of existing RC buildings, 

which of course assumes a crucial role in the safety assessment, depends on the num-

ber of tests performed. A first crucial aspect is the choice of the representative struc-

tural elements to be investigated, that  depends on the sensitivity and experience of the 

practitioner, should be performed in the lowest invasive way and consider the local 
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conditions for executing the tests (for example isolated elements). Clearly, the investi-

gation should cover all the typologies of structural elements (beams, columns, slabs, 

beam-column joints …). 

 
Tab. 2.1 – NDTs and DTs about in-situ concrete 

CONCRETE tests 
NDTs DTs 

Ultrasonic test Drilling core 
Rebound hammer test Pull-out test 
Windsor Probe Test Pull-off test 
Georadar scanning  

Ultrasonic tomographic test  
 

The number of in-situ tests depends from the accurateness degree that practi-

tioners want to achieve, according to the EC8 prescriptions (as discussed in the next 

Section). Even DTs represent the most significant measure, the minimum number re-

quired by EC8 is quite low, since they can cause damage on the structure. Precious 

additional information can be provided by NDTs, which are faster, easier, induce a very 

limited damage on the structure and can extensively performed on the whole structure. 

One of the main practical problem is represented by the dispersion of the values pro-

vided by the tests for the mechanical parameters. To this scope, technical codes sug-

gest to evaluate the dispersion degree of the mechanical parameters through the com-
putation of the Relative Standard Deviation (RSD), which is a dimensionless coefficient 

that, according to the American Code (FEMA 356, 2000), should not be greater than 

14%. EC8 defines RSD as a coefficient of variation (CoV). Numerically, RSD is provided 

by the ratio between the standard deviation and the mean value of the parameter meas-

ured on the sample investigated, expressed in percentage. On the base of the number 

of analysis performed, the design values of the materials are properly reduced, which 

can be strongly penalizing for the analysis results. In order to improve the accuracy and 

quality of the information and to avoid excessive penalizations of materials’ strength, 

the number of DTs and NDTs can be increased, but this also increases the costs. Usu-

ally, the dispersion of the materials’ parameters depends by several factors, such as 
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mistakes in the concrete casting phase, different concrete suppliers (Giannini et al., 

2014), errors in the concrete design and the well-known problem of the ineffective 

compaction during the casting phase. The scientific literature about these topics is 

widely extended and includes many studies in which real data of in-situ concrete me-

chanical parameters sourced from existing RC buildings have been gathered and pro-

cessed, estimating the dispersion and trying to limit the abovementioned problems. In 

(Masi et al., 2014), a large database of 1500 DTs on 300 RC public buildings in Basil-

icata Region is presented. This database has been processed in order to provide sta-

tistic distributions of data, according to the period of construction. Finally, some indi-

cations about the evaluation of the concrete strength mean are provided, in order to 
avoid possible mistakes in the subsequent analyses. In (Masi, 2005) the widely used 

formulation about the determination of f’cm, reported in eq. 2.1, was proposed. About 

the same topic, in (Fiore et al., 2013) the authors performed a wide investigation about 

the dispersion of data collected by in situ diagnostics of the existing concrete by pro-

cessing and analysing the results of DTs performed on seven existing RC school build-

ings in the province of Foggia. In particular, it was observed that the values of RSD 

were higher than the threshold indicated by FEMA documents. An extensive analysis 

was also performed on one of the buildings, by processing and correlating additional 

results provided by NDTs (ultrasonic and rebound hammer tests), which showed to be 

homogeneous and consistent and allowed of improving the estimation of the RSD (that 

resulted to be lower). In (Cristofaro et al., 2015), an extensive investigation was per-

formed on a large sample of existing RC buildings in Toscana Region. In particular, the 

authors investigated a database of 1000 DTs and NDTs regarding a portfolio of build-
ings dated back from 50’ to 70’, founding RSD values of about 50%. Using these latter 

data collected, other authors showed the effect of the variability of the in-situ concrete 

mechanical parameters in the seismic analyses. In fact, in (De Stefano et al., 2012 and 

De Stefano et al., 2013) authors showed the weight of the variability of the concrete 

features in the structural elements of existing buildings, in the computation of the seis-

mic performance. In fact, this can cause problems about in-plan or in-elevation irregu-

larity. Furthermore, other researchers investigated some aspects about the variability 
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of mechanical parameters of in-situ concrete in existing buildings (Masi and Chiauzzi, 

2013, Pucinotti, 2013, Vona and Nigro, 2013, Quagliarini et al., 2016, Masi et al, 2016).   

Another crucial issue is the execution of the compressive tests on in-situ con-

crete specimen, since the measured values can be influenced by various factors, such 

as the confinement effect, the aspect ratio of specimen, the presence of embedded 

reinforcements, and so on.  In order to obtain reliable design value, the f’cm values 

provided by laboratory tests should be properly corrected. In the scientific literature, 

there are some research studies about this topic, in which the quantification of degra-

dation and damage due to concrete core sampling is investigated. In (Uva et al., 2014), 

a procedure for assessing the reliability of in situ concrete tests and improving the 
estimation of the compressive strength is proposed. This procedure was based on the 

determination of a coefficient called CDD, which estimates the decrement of in-situ-con-

crete strength in drilled cores as a function of the concrete compaction degree, in order 

to account for the effects due to the alterations induced by extraction and the prepara-

tion of samples in the concrete strength evaluation. The same authors, in (Porco et al., 

2014), have proposed an improvement of the procedure by correlating the results of 

DTs, NDTs and data documenting the compressive strength tested during the construc-

tion phases. 

The problems about the characterization of in-situ materials of existing RC 

buildings regard also the type of reinforcement and its arrangement in the structural 

elements. Regarding the type of steel employed in the structural elements, especially 

in Italy, the major part of existing RC buildings was characterized by the use of smooth 

bars. In this case, the main problem is the well-known phenomenon of bond-slip be-
tween concrete and steel, which increases the deformations of the building and reduces 

its capacity in terms of strength, ductility and cyclic behaviour. For avoiding the bond-

slip effect, the Italian building code (NTC, 2008) proposes a formulation based on the 

equilibrium of tangential forces developed on the contact surface between the concrete 

and a longitudinal bar subjected to tensile force. The formulation allows of computing 

the anchorage length (lanc), such as reported below: 

    푙 = 푑
휎

4휏  (2.2) 
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where d is the diameter of the bar and τad and σs are defined in the code de-

pending on the properties of the materials used. Furthermore, in order to assess the 
seismic performance of existing RC buildings, it is necessary to investigate the me-

chanical properties of in-situ steel bars, such as in-situ tensile strength (f’ym), elastic 

modulus (Es), following a suitable investigation plan. As for concrete, steel is investi-

gated through destructive in-situ tests (DTs), which consist in the extraction of steel 

specimens from structural elements, which will be analysed in laboratory. In addition, 

NDTs are useful for determining the position of the bars. Table 2.2 summarizes some 

typologies of DTs and NDTs about in-situ steel. In this work, the execution modalities 

of the tests will not described. 
 
Tab. 2.2 – NDTs and DTs about in-situ steel 

STEEL tests 
NDTs DTs 

Pacometric test Tensile test 
 Bending test 

 

The characterization of in-situ steel is generally easier than concrete. Generally, 

according to old codes, about 3-4 steel classes were usually adopted in the existing 

buildings. Each class corresponded to ruled mechanical parameters. In (Verderame et 

al., 2001) the mechanical properties of steel bars extracted from a sample of existing 

RC buildings (built in 60’) were investigated and organized into a database. The authors 

identified 3 class of steel, called Aq. 42, Aq. 50 and Aq. 60, where the number indicates 

the design value f’ym. They demonstrated that the factors that influence most the me-
chanical parameters of steel are the bars’ diameters, the yielding tension (f’ym), the 

ultimate tension and the percentage stretching of bars (due to tensile tests) up to the 

collapse for 10 different bars’ diameters. In conclusion, authors assessed the corre-

spondence between the mechanical parameters of the in-situ steel class and the ones 

of the steel designed according to the classification above. This study was improved in 

(Verderame et al., 2011b), where after the 70’, the steel adopted for reinforcing the 

concrete was substituted with new typologies, called FeB22k and FeB32k. Processing 
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the database through statistical distributions (Gaussian and Lognormal), the authors 

provided statistical information about the features of in-situ steel, useful in order to 

support the practitioners in the characterization of the steel mechanical parameters. 

The behaviour of the structural elements with smooth steel bars has been investigated 

by some researchers by using laboratory tests. In particular, in (Cosenza and Prota, 

2006), an experimental program about the structural elements of existing RC buildings 

with smooth bars and inadequate stirrups spacing is presented. Varying some geomet-

rical parameters, such as the diameters of bars and the value of the stirrups spacing, 

authors established the limits for avoiding the buckling phenomena highlighted in the 

monotonic compressive tests. In addition, authors compared the experimental results 
with the ones obtained by theoretical formulations. Based on the previous work, in 

(Prota et al., 2009), a study of the cyclic behaviour of RC structural elements with 

smooth bars is presented through other experimental tests. Authors conducted experi-

mental tests on some specimens and compared the results obtained with the ones 

computable by using the most common numerical models provided by scientific liter-

ature (Giuffrè and Pinto, 1970, Menegotto and Pinto, 1973, Monti and Nuti, 1992). In 

(Melo et al., 2015), the results of experimental tests on an extensive sample of speci-

mens (about 30) is presented. In particular, using monotonic and cyclic pull-out tests, 

the authors propose an empirical formulation that takes into account the bond-slip ef-

fect (discussed in Melo et al., 2011) and  compare it with similar models in scientific 

literature. 

 

2.2.3 Design criteria for brittle mechanisms: shear and beam-column joints 
Another issue is related to the shear reinforcement. In RC buildings designed 

only for vertical loads, the original design procedure was based on the use of shear 

reinforcements constituted by smooth stirrups with a very large spacing. Clearly, the 

presence of seismic action increases the stress in the end sections of columns and 

beams, and existing shear reinforcements turn out to be insufficient. The immediate 

effect, often manifested in several buildings after earthquakes events, is the develop-

ment of cyclic damage, spalling of concrete cover and, buckling of longitudinal bars. 
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Of course, these effects occur near to the beam-column joints. In newly designed build-

ings, the occurrence of these mechanisms in the structural elements is inhibited 

through the adoptions of specific structural detailing, as suggested by the actual design 

methodologies that impose the increase of stirrups in the end parts of structural ele-

ments, called critical zones. In fact, shear mechanisms are considered to be brittle (or 

better,  significantly less ductile than flexural mechanisms),  and determine a significant 

and rapid strength decay of the structural capacity and performance. It is worth men-

tioning the mechanisms due to the degradation of the shear strength with cycling load-

ing (Biskinis et al., 2004), such as:  

 The reduction of the interlocking effect along diagonals, due to the change of 
smoothness of the ground parts; 

 The degradation of dowel action, with accumulation of inelastic strain in the 

bars;  

 The development of flexural cracks and the subsequent reduction of shear re-
sistance contribution in the compressed zone;  

 The reduction of the aggregate interlocking effect along diagonal cracks, due to 

the increase of the inelastic strain in the stirrups and the bond slippage;  

 The softening of concrete in the diagonals subjected to compression, caused 
by the transverse tensile strain.  

 

EC8 provides a formulation for computing the cyclic shear strength, proposed 

in (Biskinis et al., 2004): 

푉 =
1

훾
ℎ − 푥
2퐿

푚푖푛(푁; 0.55퐴 푓 )  + 1 − 0.5푚푖푛 5; 휇 0.16푚푎푥(0.5; 100휌 ) 1 − 0.16푚푖푛 5;
퐿
ℎ

푓 퐴 + 푉  
(2.3) 

where γel is a factor depending on the typology of the element (primary or sec-

ondary), h is the depth of the transversal section, x is the height of the neutral axis, N 

is the axial force, Ac is the area of the transversal section, ρtot is the longitudinal rein-

forcement ratio, Vw is the contribution of transverse reinforcement to the shear re-

sistance and μΔ
pl is a term that expresses the ductility of the member. The Italian Code 
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(NTC08) provides another formulation, in which the shear capacity (VRd) is the mini-

mum between the compression shear strength (associated to the formation of com-

pression struts) and the tensile shear strength (associated to the strength of shear re-

inforcements), as displayed in figure 2.5: 

Compression shear strength: 

 푉 = 푓′ 훼 푏 0.9푑
(푐표푡푔 훼 + 푐표푡푔 휃)

(1 + 푐표푡푔  휃)  
(2.4) 

Tensile shear strength: 

 푉 = 푓 (퐴 푠⁄ )0.9푑(푐표푡푔 훼 + 푐표푡푔 휃) 푠푖푛 훼 (2.5) 

where f’cd is equal to 0.5 fc; αc is a coefficient dependent from the axial stress, 

bw is the length of the shorter section’s side; d is the height of the section less the height 

of the cover; cotgα is the inclination of transversal reinforcements; cotgθ represents 

the inclination of the diagonal concrete struts; Asw is area of the transversal reinforce-

ments and s is the stirrups spacing. As mentioned, the shear strength is given by: 

 
 푉 = min(푉 , 푉 ) (2.6) 

 

Fig. 2.5 – Strut model for computing the shear capacity in a RC structural element 

 

The scientific literature and technical codes provide a lot of methodologies for 
assessing the shear capacity of structural elements, useful also for practical applica-

tions (De Luca and Verderame, 2013). For example, in (Priestley et al., 1994), the shear 

behaviour of columns, coupled with the flexural one, is investigated. Using the results 

of experimental tests, authors provided predictive equations for characterizing the shear 

behaviour on the base of some contributions, as the concrete mechanisms (e.g. the 
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cracking), the axial load mechanism and the truss mechanism. In other research stud-

ies, the problem has been faced basing on the results of laboratory tests (Ritter, 1899, 

Sezen and Moehle, 2004, Biskinis et al., 2004, Elwood and Moehle, 2005, Sezen and 

Moehle, 2006, Mwafy and Elnashai, 2008). Based on the tests results, a lot of authors 

have proposed numerical models (Ceresa et al., 2007 and the references wherein, Ce-

resa et al, 2009, Mergos and Kappos, 2008, Sezen, 2008), which takes into account 

the above cited mechanisms and the cyclic and hysteretic behaviour.  

To conclude this brief overview about the main issues regarding existing RC 

buildings, it is necessary to spend some words on beam-column joints. Existing RC 

buildings are characterized by the absence of specific attention about reinforcements 
in beam-column joints, and therefore these are subjected to brittle failure mechanisms 

under earthquakes, compromising the entire structural performance. Generally, from 

the capacity design point of view, the constructive details in the beam-column joints 

should account for an adapt disposition of horizontal reinforcement, which come from 

the longitudinal bars of the beams and vertical reinforcement, which come from the 

longitudinal bars of the columns. In addition, in order to ensure the role of the beam-

column joints, which must be able to transfer the shear action from beams to columns, 

a functional reinforcement should be made according to a diagonal path of the load. To 

this scope, additional stirrups should be added to longitudinal bars. In the case of ex-

isting RC buildings, the absence of transversal reinforcements in the joints’ panels in-

duces the activation of a concrete strut that generates diagonal cracking and loss of 

strength, stiffness and deformation capacity. When approaching this question, the dif-

ferences between internal and external joints should be properly considered, account-
ing for the confinement effect of the adjoining structural elements and the presence of 

axial stress. In order to assess the strength capacity of beam-column joints, EC8 pro-

vides formulations for computing the maximum shear action in the joint panel, which 

represent the shear demand, both in internal and external joints: 

For interior joints: 

 푉 = 훾 ∗ (퐴 + 퐴 ) ∗ 푓 − 푉  (2.7) 

For external joints: 
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 푉 = 훾 ∗ 퐴 ∗ 푓 − 푉  (2.8) 

where As1 and As2 are the top and bottom areas of reinforcements in the beam; 

VC is the shear force in the column, derived from seismic analysis and γRd is the over-

strength factor. In addition, the EC8 provide a formulation for computing the compres-

sive capacity of the diagonal strut, which shall be compared with the tensile strength 

of the joint in order to avoid diagonal cracking: 

 
푉 ≤ η푓 1 −

휈
휂

 푏 ℎ  
(2.9) 

where η is a factor that depends on the joint’s position (external or internal); νd 

is the normalised axial force in the column; bj is the width of the joint and hjc is the 

distance between the external locations of the longitudinal bars in the column. Further-

more, EC8 allows to assess the shear reinforcement, in order to avoid the achievement 

of the concrete tensile strength (fctd), which means diagonal cracking: 

 퐴 푓
푏 ℎ

≥
푉  ℎ 푏⁄
푓 + 휈 푓

− 푓  
(2.10) 

where Ash is the total area of the horizontal stirrups in the joint; fywd is the yielding 

strength of the steel and hjw is the distance between the external locations of the longi-

tudinal bars in the beam. For existing RC buildings, NTC08 provides a formula for com-

puting the maximum diagonal tensile and compressive strength of the external joints 

and comparing them with threshold limits: 

Maximum diagonal tensile strength: 

 
휎 =

푁
2 퐴 −

푁
2 퐴 +

푉
퐴  ≤ 0.3 푓  

(2.11) 

Maximum diagonal compressive strength: 

 
휎 =  

푁
2 퐴 +

푁
2 퐴 +

푉
퐴 ≤ 0.5푓  

(2.12) 

where N is the axial stress in the upper column; Vn is the shear stress acting on 

the joint (considering the shear in the upper column and the tensile stress in the top 

longitudinal bars); Ag is the area of the horizontal section of the joint and fc, expressed 
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in MPa, is the compressive strength of the concrete.  The above-mentioned formulation 

evaluates the shear strength of the joint through the equilibrium of the principal stresses, 

according to the Mohr’s circle, as shown in figure 2.6, that is to say, by referring to the 

average stresses acting on the joint’s panel. 

 

 

 

Fig. 2.6 – Evaluation of joint’s shear strength through Mohr’s circle (Gentile, 2017) 
 

In the scientific literature, there are some research works about this topic, which 

are usually based on laboratory tests. In (Priestley, 1997), a discussion about the as-

sessment of existing buildings is presented, where the author reports some simplified 

formulas for checking the shear strength of beam-column joints, both internal and ex-

ternal, based on available test data. In (Pampanin et al., 2002), an experimental labor-
atory campaign performed on typical Italian beam-column joints (reproduced in a 2/3 

scale) subjected to seismic actions is presented. Based on the results obtained for 3 

types of beam-column joints (knee-joints, tee-joints and cruciform joints), the authors 

have derived a trend of the degradation behaviour of the specimens with no shear rein-

forcements and adequate anchorage. Subsequently, in (Pampanin et al., 2003), a sim-

plified numerical model that simulates the results of the mentioned experimental tests 

is proposed. (Masi et al., 2013) have studied the cyclic behaviour of external beam-

column joints on 26 specimens, evaluating the role of the axial load and the type of 

failure occurred. In (De Risi et al., 2016 and Ricci et al., 2016), 2 specimens of beam-
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column joints are investigated, considering plain and deformed bars. The authors com-

pared their results, in terms of shear strength, with the main formulations provided by 

scientific literature. Furthermore, they assessed the condition in which the failure mech-

anisms in the joints were represented by the cracking of the concrete or by the rotation 

of beams or columns.  

 

2.3 Vulnerability analysis at the regional scale 
Earthquakes are among the most destructive natural disasters, which can 

cause severe physical losses in terms of human lives, damage on buildings, infrastruc-

tures and lifelines, disruption of economic activity. Therefore, considering the intrinsic 

randomness of the hazardous event, the engineering approach for limiting losses is 
trying to predict the behaviour of elements at risk, that is to say to propose predictive 

vulnerability models, in order to mitigate risk and adopt effective disaster prevention 

policies. To this scope, the scientific community has been intensely working for sup-

porting governments in the management of risk mitigation strategies, also from an eco-

nomic perspective. The main problem, in fact, is that available public funds are often 

limited, which means that a primary objective is the optimization of economic re-

sources. In the field of vulnerability analysis of existing buildings, the above-mentioned 

issues require the development of models for predicting the expected losses in terms 

of repair costs or disruption of regular activities, accounting for the specific features of 

the local building stock (Calvi et al. 2006). In the framework of regional scale analysis, 

a vulnerability analysis means that it is provided a quantitative measure of damage. It 

can intuitively be expressed through the probability of occurrence of a given damage 
level, conditioned by a seismic intensity measured for example as the peak ground 

acceleration (PGA). This definition should not be confused with fragility idea. It is worth 

reminding that, as reported in (Porter, 2018), the vulnerability is not fragility, because 

the vulnerability measures the losses while the fragility measures the probability. On 

the other hand, the vulnerability functions usually implied the losses as function of the 

environmental excitation. It is evident that regional scale methodologies, for being able 

to estimate which buildings are more vulnerable for seismic actions within a very large 
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portfolio, must be simplified. Once that the more vulnerable buildings are identified, the 

focus can be shifted on the vulnerability assessment of the single buildings, applying 

the procedures prescribed by technical codes (as described in detail in the next Sec-

tion). In the following paragraphs, the most important simplified methods adopted for 

the regional scale analyses in the scientific literature will be described, with reference 

to the two main types of vulnerability methods - empirical and analytical/mechanical 

approaches – and their combination into hybrid methods.  

 

2.3.1 Empirical approaches 
In empirical methods, the prediction of the damage state is performed by pro-

cessing damages observed after earthquake events. The main advantage of these 
methods is the reliability of the damage estimated, which can be applied to buildings 

with similar features. On the other hand, they can be developed only if post-earthquakes 

data are available and, strictly speaking, cannot be extended to different typological or 

constructive classes. Moreover, the heterogeneity of data should be properly calibrated 

for obtaining results about homogenous classes of buildings. As reported in (Del Gau-

dio, 2015 and Calvi et al., 2006), the different existing empirical methods can be sum-

marized as follow: 

 Damage Probability Matrices; 

 Empiric vulnerability functions;  

 Vulnerability Index; 

 Screening methods. 
 

Damage probability matrices are based on the definition, in a discrete form, of 

the conditioned probability of obtaining a certain structural or non-structural damage 

level due to a ground motion intensity (Calvi et al., 2006). The first proposal is present 

in (Whitman et al., 1973), where this concept is developed through a classification of 

the structural typologies and information about the costs of repair and retrofit. In (Braga 

et al. 1982), based on the Irpinia Earthquake, authors define a damage probability ma-
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trix with 3 vulnerability classes, related to different structural systems, linked to a seis-

mic intensity measure provided by MSK scale. Later, in (Di Pasquale et al., 2005), the 

seismic intensity measure has been replaced by MCS scale and, moreover, the number 

of vulnerability classes has been increased. A similar application is presented in (Dolce 

et al., 2003), where authors have adopted the seismic intensity and vulnerability clas-

ses proposed in EMS-98 scale (Grünthal, 1998). As shown in figure 2.7., EMS98 pro-

vides 6 vulnerability classes and, for each class, a classification of the damage level. 

The method of the damage probability matrix is characterized by some drawbacks, 

such as the presence of purely qualitative descriptions of buildings and the incomplete 

correlation between each damage state with each seismic intensity. Furthermore, the 
method does not allow of accounting for the different typologies of buildings, which 

means that the sample of building investigable is limited. 

 

Fig. 2.7 – Example of damage model for a vulnerability class according to EMS-98 scale (Calvi et 
al., 2006) 

 

With regard to empiric vulnerability functions, the method consists in the deri-

vation, from observational data, of continuous functions, that relate the seismic inten-

sity to the expected damage level. The vulnerability curve is obtained by fitting the data 
evaluated as shown for the damage probability matrix method (figure 2.8). Finally, data 

are classified in vulnerability classes related to damage states. In Sabetta et al. (1998), 
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vulnerability curves are derived by using as seismic intensity the PGA and the Arias 

Intensity, applied on the data available at that time for Italian earthquake. About 50.000 

building were involved in the computation and the authors concluded providing a mean 

damage index, expressed as the weighted average of the frequency of each damage 

level for each building typology. In (Rossetto and Elnashai, 2003), the authors have 

provided vulnerability curves for homogenous classes of existing RC buildings, as 

shown in figure 2.8, exploiting available data about the damage state of European RC 

buildings observed after different earthquakes. The seismic intensity parameter used is 

strictly related to the spectral acceleration of the fundamental period (Sa(T)) and results 

show a good estimation of the capacity, justifying the efficiency of the choice. In (Rota 
et al, 2008), typological fragility are provided on the base of the damage data recorded 

on 150.000 Italian buildings after the seismic events occurred in the last years. 

 

Fig. 2.8 – Example of vulnerability curves obtained by fitting observational data (Rossetto and 
Elnashai, 2003) 

 

In (Del Gaudio et al., 2015), a database of almost 8000 RC buildings surveyed 

after the Aquila Earthquake is analysed. The buildings were classified in terms of PGA 

demand and morpho-typological features, such as the number of storeys and presence 
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of non-structural elements. The final output were the fragility curve at each LS, for the 

classes produced and the damage probability matrices were estimated, mainly high-

lighting the strong influence of infills in the above computations. 

Concerning to the vulnerability index method, it is an indirect approach that cor-

relates surveyed data about damages with the seismic action. More precisely, the 

method provides a vulnerability index that takes into account the seismic response of 

the building by means of some influencing parameters, such as in-plan shape, founda-

tion, structural and non-structural elements, mechanical and geometrical materials 

properties. The first proposal of this method was made by (Benedetti and Petrini, 1984), 

who assumed a vulnerability index according to the following relationship: 

퐼 =  퐾 푊  
(2.13) 

In the sum, there are 11 vulnerability parameters, evaluated by compiling a spe-

cific form. The parameters are identified with coefficients Ki, identified with a score 

related to some classes (from A to D) and these coefficients are weighted by Wi. By 

using the vulnerability index, it is possible to define vulnerability functions, such as 

shown in figure 2.9. Other applications of the method can be retrieved in the literature, 

such as (Faccioli et al., 1999, Mouroux and Le Brun, 2006).  

 

Fig. 2.9 – Example of vulnerability functions computed using different values of the vulnerability 

index (Guagenti and Petrini, 1989). 
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For example, in (Uva et al., 2015), a modified algorithm has been proposed and 

tested within the ANTEUS project, where using the data of almost 5.000 buildings in 

the Province of Foggia, South Italy, a vulnerability classification was provided through 

GIS maps. The vulnerability index method has the undisputed merit of considering the 

building stock features. Still, the application as eq. 2.13 needs expert judgements, 

which are usually subjective. 

Screening methods allow of estimating the vulnerability of a building through 

the rapid computation of the seismic performance. The first application of this method 

was a Japanese model applied to existing RC buildings (JBDPA, 1990). In particular, 

the method provides the following formulation for computing the performance index Is: 

퐼 =  퐸 푆 푇 (2.14) 

where Eo represents the structural performance, computable through the defi-

nition of ultimate strength and ductility; SD is a sub-index that depends on the design of 

building and T is a sub-index dependent from the deterioration of the building. Once 

that Is has been estimated, it is compared with the judgement index IS0 that depends on 

the safety degree of the building. There are many other research works that report the 

application of  screening methods and the development of indexes, such as the priority 

index (Hassan and Sozen, 1997); the capacity index (Yakut, 2004) or the seismic safety 
screening method (Ozdemir et al., 2005). Despite the application of the screening 

method s can provide good estimation of the seismic performance, which can be com-

pared with the seismic action, the approach requires  the application to one building 

per time, and therefore still involves a big effort for performing the assessment at the 

regional scale,  

 
2.3.2 Mechanical/Analytical approaches 

In mechanical/analytical methods, the vulnerability assessment is performed 

through the direct derivation of the relationship between seismic intensity and damage 

state/losses by using the results of analyses on numerical models, which simulate a 

building or a class of buildings. This means that the model is able to take into account 
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the dynamic properties of the building simulated, besides the uncertainty in the capac-

ity. The main advantage is given by the possibility of explicitly considering the variability 

of the building features within a homogeneous class and to introduce additional aspects 

in the model, such as the presence of non-structural elements. Furthermore, unlike 

empirical methods, seismic hazard can be simulated through seismic hazard maps, 

which are expressed in terms of Sa(T) rather than using macro-seismic intensity.  How-

ever, for a realistic evaluation of the vulnerability, the numerical models must be varied 

using a lot of input data, increasing much the computational efforts compared with 

empirical methods. On the other hand, these methodologies can be used for supporting 

the simulation of damage probability matrices (hybrid methods). One of the most im-
portant analytical method for estimating the vulnerability at a regional scale is the 

HAZUS methodology (Hazard in United States, FEMA, 2001), developed by the Federal 

Emergency Management Agency (FEMA). The main objective of the method is to esti-

mate the losses of civil infrastructures due to natural disasters and a specific module 

for buildings subjected to earthquakes is included. The method allows of computing 

the buildings’ capacity and fragility, which represent the input for the computation of 

losses. Regarding the computation of capacity, a parametrization about 36 building 

typologies is established and the method provides the parameters for computing ca-

pacity curves for them, based on the yield and ultimate capacity. Figure 2.10 shows 

the concept of HAZUS capacity curve, where the yield capacity depends from design 

strength (accounting lateral one), material strength and technical code requirements, 

while the ultimate capacity depends from the maximum strength. Once that the capacity 

curve is defined, the method provides LS threshold, based on the NLD analyses previ-
ously performed on all building typologies and the related performance points. The 

comparison with the seismic demand is performed in the acceleration-displacement 

(ADRS) plane, in which the elastic spectrum for a 5% damping and the capacity spec-

trum are plotted, as shown in figure 2.11. 
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Fig. 2.10 – Definition of the buildings capacity curve in terms of yielding and ultimate points (FEMA, 

2001) 
 

 

Fig. 2.11 – Comparison between capacity and demand, through capacity spectrum method (FEMA, 

2001) 
 

Furthermore, HAZUS allows of computing fragility curves for each LS, account-

ing both for structural and non-structural elements. For each LS, the threshold is com-

puted in terms of displacement through the following equation: 
푆 =  푆 ,  휀  (2.14) 
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where Sd,ds is the median spectral displacement for the LS and εds is the lognor-

mal random variable, dependent from median and standard deviation values. In partic-
ular, the median value is computed as the average of θis of the building, which corre-

spond to the displacement of capacity curve related to the LS threshold; while the 

standard deviation, which rules the slope of fragility curve, accounts for the dispersion 

of seismic demand and capacity (further details will be provided in the next para-

graphs). Figure 2.12 depicts an example of fragility curve for a set of suggested LSs 

(Slight, Moderate, Extensive and Complete). One of the limitations of the method re-

gards the computation of dispersion, which is entrusted to the expert judgements of the 

user. This means that, for the same case study, it is possible to have a high variability 

of fragility and capacity curves. 
 

 

Fig. 2.12 – Fragility curves for the LSs suggested in HAZUS (FEMA, 2001) 

 

In the scientific literature, several mechanical approaches for estimating the 

vulnerability of buildings, with complex or simplified methodologies, are present. In 

some cases, the proposed methods are aimed at estimating both the capacity and the 

fragility of classes of buildings and finally are able to define the losses. For example, in 

(Singhal and Kiremidjian, 1996) authors present vulnerability curves for RC frames of 

different height, by varying the mechanical properties of concrete and steel. Using NLD 
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analyses and some earthquake records selected via a Monte Carlo simulation, the con-

ditioned probability of violating several given LSs for the case studies is provided. The 

results of the analysis are expressed in terms of vulnerability curves for all the building 

classes investigated, obtained by fitting all the points derived by the numerical analyses 

(figure 2.13). Finally, the authors have developed the damage probability matrices us-

ing, as seismic intensity, a modified Mercalli scale.  

 

Fig. 2.13 – Vulnerability curves for a class of RC buildings investigated in (Singhal and Kiremidjian, 

1996) 

 

A similar approach has been developed by Masi in (Masi, 2003) for character-

izing the vulnerability of some classes of existing RC buildings generated through a 

simulated design, taking into account different configurations and non-structural ele-

ments. The numerical models are excited with artificial accelerograms through NLD 

analyses and based on the results each building class is assigned to an EMS-98 vul-

nerability class.  
In (Cosenza et al., 2005), a procedure for evaluating the capacity of building 

classes is proposed, in which the elements of the class are generated by a simulated 

design procedure and then categorized according to the construction age and the num-

ber of storeys. By varying the geometrical and mechanical parameters of the models, 

the authors have defined the possibility to have a number of pre-defined mechanisms 
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equal to 3*N (N=number of storeys), which are computed through the evaluation of 

the seismic capacity, expressed in terms of a base-shear coefficient (ratio between 

base shear and total weight) versus the global drift. Global drift depends from the con-

sidered mechanism, as displayed in figure 2.14. For each building, all the possible 

mechanisms are computed and the one having the lowest value of the base shear co-

efficient is assumed to represent the failure mechanism of the building. At the end of 

the work, authors have investigated the influence of the parameters involved through a 

response surface method.  

 

Fig. 2.14 – Collapse mechanisms proposed in (Cosenza et al., 2005)  
 

In (Rossetto and Elnashai, 2005), the authors derive vulnerability curves for 

ideal sample of buildings, by considering the uncertainty of mechanical parameters of 

materials and the uncertainty of the seismic demand (through the use of a lot of accel-

erograms). Using an adaptive pushover procedure, authors estimated the performance 

points for each LS, through the Capacity Spectrum method and generated the vulnera-
bility curves, through the response surface method. After they compared the results 

obtained from numerical simulation with ones estimated from observational data. 

In (Crowley et al., 2004), a displacement based earthquake loss assessment 

(DBELA) procedure is proposed, based on the evaluation of building classes’ vulnera-

bility through a displacement based method, following the road mapped in former 

works (Calvi, 1999). The capacity of the building is computed in terms of displacement 

on an equivalent single degree of freedom (SDoF) system. Then, the capacity is com-

pared with the seismic demand, expressed in terms of displacement response spec-
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trum. The DBELA procedure, finally, establishes a relationship between the displace-

ment capacity and the height of building (directly related with the T), accounting for 

both structural and non-structural elements. Using the methodology, the authors have 

developed a probabilistic framework for vulnerability analysis in which the influence of 

the uncertainty due to geometrical and mechanical parameters and that related to seis-

mic demand are accounted for. The result is a joint probability density function that 

expresses a relationship between the displacement capacity and the period T. 

In (Borzi et al., 2008), a mechanical approach known as Simplified Pushover-

Based Earthquake Loss Assessment (SP-BELA) is developed, which is able to estimate 

the capacity curves of a class of buildings through simplified NLS analysis. In particular, 
through a mechanical procedure it is possible to determine the base shear capacity. By 

randomly varying geometrical and mechanical features, the authors define representa-

tive structures that are loaded with an inverse triangular distribution of forces. Using a 

method similar to the one proposed in (Cosenza et al., 2005), the possible collapse 

mechanisms are estimated, such as beam-sway or column-sway (figure 2.15). After 

defining the LS threshold in terms of element chord rotation, the capacity curve is com-

puted and, subsequently, it is compared with the seismic displacement demand, which 

is a function of PGA.  

 

Fig. 2.15 – The procedure for evaluating the collapse mechanisms proposed in SP-BELA (Borzi et 

al., 2008) 
 

In (Del Gaudio et al., 2015), a simplified procedure for assessing the vulnera-

bility to regional scale, known as PushOver in Shear Type models (POST), is presented.  

The numerical models are developed through a simulated design under gravity loads, 



 41

assuming the shear-type hypotheses. The novelty of the method consists in the con-

sideration of the contribution of infill panels, to which the damage state is assigned 

according to the EMS-98 scale. The classes of buildings are generated varying few 

parameters, according to the observational data in Campania region and the results 

obtained are compared with those obtained by other methods proposed in the scientific 

literature, accounting for the empirical and hybrid (Rota et al., 2008, Giovinazzi, 2005). 

In (Del Vecchio et al., 2018 and Gentile, 2017), a procedure called simple lateral 

mechanism analysis (SLaMA) is presented, which provides the estimation of the prob-

able global capacity through a NLS analysis performed by hand. The novelty of the 

procedure is the possibility to derive the global capacity from the local capacity of the 
elements of the building, such as structural elements and beam-column joints. The 

procedure is developed for many structural RC systems, such as moment-frame, dual 

system (figure 2.16) and infilled frame system. The possible effect of global irregularity, 

such as torsion, is also taken into account.  

 

Fig. 2.16 – SLaMA procedure applied to a dual-system example (Del Vecchio et al., 2018) 
 

2.4 Code-based approaches for the assessment of existing RC buildings 
In the last decades, the procedures prescribed by technical codes for assessing 

the seismic performance of existing buildings have been continuously and rapidly 

evolved, thanks to the improvement of scientific and technical knowledge. Furthermore, 
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this process has been also a consequence of the changes in the constructive systems 

and the experiences gained from past earthquakes in terms of building damages and 

seismic hazard. 

In particular, the codes have developed paths for driving the practitioners in the 

assessment of existing buildings, through the proposal of several phases. Generally, as 

for the new buildings design procedures, the assessment can be made through perfor-

mance-based approaches, where the aim is to define the real seismic response of the 

building study (and the possible losses), in order to establish the safety level of the 

building and to design the possible retrofit solution. We want to specify that, the word 

“performance” is related to the exposure to natural hazards, for identifying the building 
state after the seismic event. This concept can be summarized as level of damage 

expected on the building, due to a certain loading. The main problem of these proce-

dures is the presence of a lot of uncertainty sources, due both to the seismic action 

and to the nature of the structural system (uncertainty in the mechanical and geomet-

rical parameters, in the model and methods of analysis …). However, the procedures 

presented in the previous sections, which allow of deriving a priority scale for the ana-

lysed buildings, are very useful for public institutions in order to allocate available funds, 

which shall be focused on the most vulnerable buildings.  After the preliminary selection 

operated, the buildings identified must be analysed in detail. To this scope, a detailed 

vulnerability assessment procedure has to be defined, according to the following 

scheme: 

 Complete knowledge of the structural system in terms of geometry, vertical 
loads and mechanical properties of materials and their conservation state; 

 Definition of the target performance levels, according to the seismic hazard 

of the site; 

 Structural analysis of the existing building, through an accurate NL numer-
ical modelling in which both the existing vertical loads and the seismic ac-

tion are  simulated ; 

 Comparison of the structural performance with the target one and assess-

ment of the safety level; 
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 If the safety level is not sufficient, design of the retrofit solution and assess-

ment of the building in the new configuration. 

 

All the most recent technical codes around the world provide a procedure sim-

ilar to the one just sketched, generally known as Performance-Based Design, with some 

differences in the format and operational procedures. The performance-based design 
applied to existing buildings was firstly developed in a deterministic form, as provided 

in the EC8. Subsequently, the approach was re-edited by following PBEE concepts 

(Cornell and Krawinkler, 2000 and Cornell et al., 2002), in order to take into account 

the probabilistic nature of the problem. The rigours methodology of PBEE, adopted in 

FEMA P695 (2009), was written in (Jalayer and Cornell, 2003) in a simplified form, 

which is particularly user-friendly for practitioners, which provided a way for evaluating 

the structural performance through a load resistance factor design (or demand capacity 

factor design). 

The scope of the next Sections is to describe the features of the deterministic 

and probabilistic assessment procedures, highlighting the most important aspects, dif-

ferences, advantages and disadvantages from practitioners’ point of view. For the de-

terministic approach, the scheme provided by EC8 will be followed, with some addi-
tional notes about the real operational applications in assessment process. For the 

probabilistic approach, the steps of the procedure will be described with a reference to 

the already cited PEER report (Jalayer and Cornell, 2003). 

 

2.4.1 The deterministic approach of Eurocode 8 
The methodology proposed in EC8 for existing RC buildings (Design of struc-

tures for earthquake resistance - Part 3: Assessment and retrofitting of buildings EN 

1998:3: 2005) is focused on the definition of the structural performance for three LSs: 

Damage Limit State (DLS); Significant Damage or Life Safety Limit State (LSLS) and 

Near Collapse Limit State (NCLS). The first one is related to the serviceability concept 

whereas the others are ultimate LSs, which actually incorporate the concepts of ro-

bustness and resilience. The word LS is a synonymous of performance target level, 
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which means that to each LS a seismic demand defined in probabilistic terms is asso-

ciated. In particular, for each LS, it is possible to define an elastic spectrum (damping 

for RC structures is assumed as 5%), which expresses the probability of exceeding a 

certain seismic intensity measure in a certain time. To each LS, a return period (Tr) is 

associated. For ordinary RC buildings this is equal to 2475 years for NCLS (probability 

of exceedance of 2% in 50 years), 475 years for LSLS (probability of exceedance of 

10% in 50 years) and 225 years for DLS (probability of exceedance of 20% in 50 years). 

Clearly, the seismic demand varies based on the type of building, depending on the 

importance, exposure and site’s features (type of ground and geographical position). 

A crucial phase of the assessment, then, is the characterization of the structural 
system through an extensive phase of preliminary knowledge. With this regard, the first 

step is the historical analysis that includes the retrieval of original design drawings, 

information about foundations, ground conditions, dimensions and cross-sectional 

properties of building elements, properties of materials, constructive details. The doc-

umentation collected is useful for a providing a first vision of the structural system. In 

fact, the subsequent step shall be a complete survey of the building, in which the data 

gathered will be compared with the observed ones. If historical data are insufficient, it 

is necessary to “simulate” the design of the building at the construction time. To this 

scope, the prescriptions of the coeval technical codes or manuals written by expert 

engineers can be adopted. The building is accordingly modelled  by considering geom-

etry, materials, details and vertical loads of the construction time and analysed, obtain-

ing the stresses state of all structural elements. 

Simulated design is useful for having a general framework about the structural 
behaviour and it is propaedeutic for the phase of in-situ investigations, which is ruled 

by EC8 depending on the desired knowledge level (KL) about the building information. 

In fact, EC8 proposes 3 classes of KL; limited (KL1), normal (KL2) and full (KL3). For 

each class, the EC8 suggests qualitative and quantitative criteria in terms of minimum 

requirements to achieve, regarding the geometry, details and materials and the kind of 

analysis to use (table 2.3). For each KL, the achievement of a level of in-situ investiga-

tion, in terms of percentage of structural elements to be investigated, is required. This 
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level is defined as “limited” for KL1, “extended” for KL2 and “comprehensive” for KL3 

(Table 2.4). For each Knowledge Level, EC8 provides a confidence factor (CF), which 

is a safety factor that should be applied for reducing the mechanical properties of in-

situ materials. The role of CF is to take into account the uncertainties related to the 

knowledge of the building system, known as epistemic uncertainties. The knowledge 

state, also if comprehensive, regards only a part of all elements, which constitute the 

structural system. The incomplete knowledge of the system has the consequence of 

penalizing some mechanisms, such as shear. Hence, the most practical way for con-

sidering the intrinsic uncertainties is the use of a fixed factor. Regarding in-situ investi-

gations, practitioners have to draw up a plan of in-situ tests, including DTs and NDTs 
on structural and non-structural elements, as mentioned in tables 2.1 and 2.2.  

The next phase is the definition of a realistic numerical model that takes into 

account the information collected during the knowledge path. In particular, the numer-

ical model should be realized considering the NL mechanical and geometrical features 

of the structural elements, besides the loads acting on the building, with the aim to 

investigate the structural behaviour in both elastic and inelastic fields. As reported in 

table 2.3, for KL1 it is possible to use only linear methods of analysis (lateral force 

analysis method or linear static analysis; modal response spectrum analysis), by as-

suming q  1.5 in the response spectrum. The use of linear analyses is allowed only in 

the cases in which the ratio ductility demand/capacity is uniform for the structural sys-

tem. In other words, if the ductile behaviour of structural elements is not sufficiently 

investigated, it is preferred to assume a numerical model that provides conservative 

results, considering only the linear properties of the elements. It is clear that, for an 

effective assessment of the building capacity, it is necessary the use of NL analyses. 

Regarding NL modelling of existing RC building, more details are given in the Chapter 

3. Generally, the NL modelling of RC elements should take into account the yield and 

ultimate capacity, both for ductile and brittle mechanisms. By taking into account the 

geometry, loads and mechanical parameters of materials, suitable capacity models are 

defined in order to carry out the safety verifications for each structural element, based 

on the LS chosen and the acting seismic action. 
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Tab. 2.3 – Knowledge levels and methods of analysis (EC8 – part 3) 
Knowledge 

Level Geometry Details Materials Analysis CF 

KL1 

From original 
outline con-
struction 
drawings with 
simple visual 
survey of from 
full survey 

Simulated design 
in accordance 
with relevant prac-
tice and from lim-
ited in-situ inspec-
tion 

Default val-
ues in ac-
cordance 
with stand-
ards of the 
time of con-
struction and 
from limited 
in-situ testing 

Static 
analysis 
or Modal 
response 
spectrum 
analysis CF=1.35 

KL2 

From incomplete 
original detailed 
construction 
drawings with lim-
ited in-situ inspec-
tion or from ex-
tended in-situ in-
spection 

From original 
design speci-
fication with 
limited in-situ 
testing or 
from ex-
tended in-situ 
testing 

All CF=1.2 

KL3 

From original de-
tailed construction 
drawings with lim-
ited in-situ inspec-
tion or from com-
prehensive in-situ 
inspection  

From original 
test reports 
with limited 
in-situ testing 
or from com-
prehensive 
in-situ testing 

All CF=1.00 

Tab. 2.4 – Minimum requirements for each level of in-situ inspection and testing (EC8 – part 3) 
Inspection (of details) Testing (of materials) 

For each type of primary element (beam, column, wall) 
Level of inspection 
and testing 

Percentage of elements that are 
checked for details Material samples per floor 

Limited 20 1 
Extended 50 2 
Comprehensive 80 3 
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As method of analysis, the choice is between NLS analysis (or pushover) and 

NLD analysis (for which more details are given in the Chapter 4). It is worth of remem-

bering that, before performing a seismic analysis, practitioners must assess the capac-

ity of the building to resist to vertical loads. In the case in which this verification is not 

satisfied, seismic assessment is useless. Generally, NLD analysis provides results 

more accurate than other methods, thanks to the greater accuracy in simulating the 

seismic action. Nevertheless, NLD analysis is rarely used in ordinary engineering ap-

plications, because presents many difficulties, such as the selection of representative 

design accelerograms, the choice of constitutive laws able to consistently reproduce 

the post-elastic and hysteretic behaviour of the structure. Moreover, there is a relevant 
computational effort and the possibility of misinterpreting the results. In practical appli-

cations, NLS analysis has gained increasing importance, considering its good capacity 

to reproduce the response of building (even if only in under specific conditions), trying 

to represent the envelope of the dynamic response. The result of the NLS analysis is 

the capacity curve, usually depicted on the plane base shear (Vb) – roof displacement 

(δR). Once that the structural behaviour is defined, it is possible to perform the com-

parison with the seismic demand through local and global verifications. In other words, 

for the building and its structural elements, the practitioner should assess the safety 

level, expressed like capacity/demand ratio (CRD). Concerning to the local verifications, 

each structural element should be assessed for ductile and brittle mechanisms. For the 

first ones, the formulas proposed by the codes are expressed in terms of deformation, 

by evaluating the chord rotation capacity at the end section of the elements and com-

paring it with the chord rotation demand. The chord rotation is defined as the angle 

between the chord that connects the end section of the element to the section having 

a zero bending moment null and the axis of the same element. In this way, each element 

is ideally constituted by 2 cantilevers identified  by the shear span Ls (figure 2.17, left). 

The shear span is defined as: 

퐿 =  
푀
푉

 (2.15) 

where M and V are the bending moment and the shear demand, respectively. 

Ls is assumed equal as 0,5 L.  
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For columns (figure 2.17, centre), the demand in terms of rotation (θ) is eval-

uated as the difference between the nodal rotation θ1 and the drift at the end of the shear 

span length θ2: 
휃 =  휃 − 휃  (2.16) 

For beams (figure 2.17, right), the chord rotation is defined as the nodal rotation 

of the end section of the considered element. In order to define the rotation for different 
LS, the acceptance criteria are fixed as follow: 

 DLS: θ = θy; 

 LSLS: θ =¾ θu; 

 NCLS: θ = θu. 
 

where θy is the chord rotation at yielding, while θu is the ultimate chord rotation.  

 

 

Fig. 2.17 – Chord rotation with reference for beams and columns and indications for θ1 and θ2. 
 

For brittle mechanisms, the safety verifications are provided in terms of 

strength. In particular, for the LSs considered, the comparison is made between the 

acting shear stress and the shear strength, as reported in eq. 2.3. 

Regarding the global assessment, EC8 proposes a method called “N2 Method”, 

which is a "Displacement Based" methodology (Fajfar and Fishinger, 1989, Fajfar and 

Gasperic, 1996, Fajfar, 2000). The name of the method derives from two distinctive 
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features. The letter “N” indicates that the method is NL, whereas “2” refers to the use 

of two different computational models of the structure: a multi degrees of freedom 

(MDoF) model, on which a pushover numerical analysis is performed, and an “equiva-

lent” SDoF model, which is derived by the previous one trough proper manipulations. 

The steps of N2 method are summarized as follow: 

 Definition of the numerical MDoF model for the case study and of the elastic 
pseudo-acceleration spectrum at the considered LS, for a fixed value of 

damping. Execution of the NLS analysis and derivation of the capacity curve; 

 The capacity curve obtained for the MDoF system is scaled in order to rep-

resent the response of an SDoF system having an equivalent mass  

m∗ = {Φ} [M] =  m Φ  (2.17) 

by applying the modal participation factor: 

{Γ} = ∑
∑   (2.18) 

where [M] is the diagonal matrix of the storey masses; {Φ} is a proper 

displacement shape vector of fundamental vibration mode (normalized with 

respect to the δR, displacement monitored at the performance point or con-

trol node). In particular, both δR and Vb values are scaled for Γ, as indicated 

in the following relationships: 

 푑∗ =    (2.19) 

퐹∗ =    (2.20) 

where d* and Fb* indicate, respectively, the top displacement and the base 

shear of the equivalent SDoF system. It is worth observing that all the de-

scribed procedure is based on the assumption of a time-independent dis-

placement shape.  

 After determining the capacity curve of the SDoF system, it is transformed 

into a simplified bilinear capacity curve characterized by a yield and an ul-

timate point. To this scope, EC8 suggests that the yielding force Fy* repre-
sents the ultimate strength of the system, which is the Vb corresponding to 
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the first plastic mechanism occurrence. Subsequently, the linear elastic 

branch is defined based on an equal area criterion, as shown in Figure 2.18. 

 
Fig. 2.18 – Bi-linearization of the capacity curve of the equivalent SDoF system (EC8) 

 
From the curve obtained, it is possible to estimate the elastic period of the 

SDOF system, called T*, as follow: 

k∗ =
∗

∗   (2.21) 

 T∗ = 2π 푚∗ 푘∗⁄   (2.22) 

where Fy* is the yielding base shear, dy* is the yielding displacement, k* is 

the elastic stiffness of the SDoF system. 

 The final capacity curve obtained at the previous step can be directly com-
pared with the seismic demand evaluated for the SDoF system through the 

elastic spectrum. In particular, the elastic spectrum can be expressed in the 

ADRS plane (“Acceleration - Displacement Response Spectrum”), in order 

to graphically compare the seismic demand and the capacity curve. The 

relationship governing the ADRS spectrum format is: 

푆 = ∗   (2.23) 

Actually, the seismic demand should be referred to the inelastic spectrum, 

in order to consider the inelastic features of the structural system. This can 

be obtained by scaling the elastic design spectrum by a reduction factor 
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Rμ, which expresses the overall structural ductility. Rμ is calculated as fol-

lows: 

푅 =
푆
푆  

(2.24) 

where Sae is the value of elastic spectral acceleration for the period T* and 

Say is the spectral acceleration corresponding to yield force as well as ac-

celeration capacity. EC8 provides several mathematical relationships that 

relate the reduction factor Rμ, the ductility μ and the period T*, depending 

on the structural type: 

푅 = (μ − 1) + 1 for T < Tc (2.25) 

푅 =  μ  for T > Tc (2.26) 

Both in eq. 2.25 and 2.26, the inelastic seismic demand in terms of dis-

placement and acceleration corresponds to the intersection point of the ca-

pacity curve with the spectrum demand, which has ductility μ (figure 2.19). 

By using eq. 2.19, the displacement demand of the SDoF system can be 

transformed into the displacement demand of the MDoF, known as “target 

displacement”. Based on this value, the structural performance can be in-

vestigated comparing seismic demand with capacity at the different LS.  

 

 

Fig. 2.19 – Comparison between capacity and demand in the ADRS plane (Fajfar, 2000) 
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Following the procedure above described and considering the limits of pusho-

ver procedure, the capacity curve must be defined correctly, in order to do not distort 

the subsequently verification. The N2 method has been extended for in-plan irregular 

building by amplifying the effect of NLS analysis through a “torsional amplification” or 

a “corrective eccentricities”, as suggested in several methods provided in the scientific 

literature (Fajfar et al., 2005). 

Once that the CDR values are assessed both for local and global behaviour, the 

practitioner can indicate the structural interventions to be performed. The retrofitted 

building must be assessed after the interventions, verifying that the CDR is greater than 

the one found for the original building and, of course, greater than the unit.   
 
2.4.2 Probabilistic approach: Performance Based Earthquake Engineering 

The very nature of the seismic assessment of existing RC building, both on the 

seismic demand side and the structural capacity side, has led to develop the concepts 

of performance-based design in probabilistic terms. Generally, this kind of approach is 

aimed to define the performance of the building by providing the probability that the 

system behaves in a certain way under seismic events of different intensity. Thanks to 

a study promoted by the Pacific Earthquake Engineering Researcher (PEER) centre, a 
new approach known as PBEE was developed. The PBEE paradigm was developed 

firstly by Cornell and Krawinkler (Cornell and Krawinkler, 2000 and Cornell et al., 2002), 

and subsequent revisited by other authors (Porter, 2003, Moehle and Deierlein 2004, 

Yang et al, 2009). This approach is able to provide quantitative measures for assessing 

the performance of a building system subject to earthquake excitation. The final goal of 

the method is to provide the probabilistic distribution of the output metrics that describe 

the actual performance of the building in terms easily understandable by stakeholders, 

such as direct or indirect losses, downtime and casualties. The general mathematical 

formulation of the method is an application of the total probability theorem, as indicated 

below: 
휆(퐷푉, 퐷) = ∫ ∫ ∫ 퐺(퐷푉|퐷푀, 퐷) ∗ 푑퐺(퐷푀|퐸퐷푃, 퐷) ∗

푑퐺(퐸퐷푃|퐼푀, 퐷) ∗ 푑휆(퐼푀, 퐷)   
(2.27) 
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where in the formulation, given D as a parameter that accounts for the prelimi-

nary knowledge of the building and the geographic site, λ indicates the Mean annual 

frequency (MAF) of exceeding a certain level of the decision variable DV chosen for 

expressing the losses. λ is calculated as a function of a set of variables representing 

the damage measure (DM), the severity of an event or intensity measure (IM), the build-

ing response to the event expressed by a representative engineering demand parameter 

(EDP). The general expression 퐺(푋|푌) is the conditioned complementary cumulative 
distribution function of a variable X, at a fixed value of Y, and 푑퐺( ) is its derivative.  

Generally, this approach allows of performing the assessment procedure 

through the development of 4 steps (figure 2.20): seismic hazard analysis; response 

analysis; damage analysis and loss analysis, in which all variables are independent. 

The above-mentioned steps of the PBEE approach will be briefly discussed. Subse-

quently, the same approach will be described as proposed in (Jalayer and Cornell, 

2003), where through some hypotheses, the methodology is provided in form of “Load 

and Resistance Factor Design”, more suitable for practitioners. 

Fig. 2.20 – Steps and numerical outputs of PBEE 

 

Hazard analysis consists in the description of the earthquake hazard in a prob-

abilistic manner. In particular, the aim is to define the probability of exceeding different 

earthquakes levels, represented by a parameter of the ground motion intensity (IM) in 

a given site. To this scope, it is necessary to define the hazard curve that describes the 
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variation of the selected IM versus the MAF. It is important to clarify that the MAF of 

exceeding and the probability of exceedance, in this kind of problems, are numerically 

the same. As shown in (Vamvatsikos and Ascheim, 2016), the hazard curve can be 

evaluated through the definition of the seismic hazard surface, which is a 3D graph that 

summarize the MAF of exceeding an IM level (usually Sa(T)) on a full range of Ts. As 

depicted in figure 2.21, by vertically cutting the hazard surface, a hazard curve can be 

obtained for a selected value of the T, while by horizontally cutting the hazard surface, 

the result is provided in term of response spectrum (or rather, uniform hazard spectrum, 

where each point has an equal MAF of exceed).  

 

Fig. 2.21 – Hazard surface defined for the IM like Sa(T), with generation of uniform hazard spec-
trum and hazard curve, for different ground motion levels (Vamvatsikos and Ascheim, 2016) 
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By fixing a value of IM and its dispersion, which are functions of the LS and the 

EDP value associated, from the hazard curve related to the analysed building, it is pos-

sible to compute the MAF for a LS (λLS), through the following equation: 

휆 =
1

푇
푒( ) ) (2.28) 

where TR is the return period and βRTR is the record-to-record dispersion, defined 

as follow: 

훽 = % %  (2.29) 

where S84% and S16% are the 84 and 16% fractiles of the seismic intensity.  

The final goal of the probabilistic seismic hazard analysis (PSHA) is extensively 

described in (Baker, 2008a). The phases of PSHA can be summarized as follows (fig-

ure 2.22): 

 Identification of all seismic sources able to produce damaging ground mo-

tions; 

 Outline the distribution of earthquakes’ magnitudes; 

 Definition of the distribution of earthquakes’ distances (source to site); 

 Definition of the distribution of the ground motion intensity, through the defi-
nition of functions of magnitude, distance and epsilon; 

 Using the total probability theorem, identification and combination of the un-

certainties related to the earthquake size, location and ground motion inten-

sity.  

 
Once that the seismic hazard is defined, it is necessary to choose a consistent 

seismic input for predicting the effects on the structure, that is to say, to select a set of 

accelerograms that are consistent with the seismic hazard of the building site. In order 

to evaluate the structural response for different IM levels, these signals should be scaled 

or changed. More details about the number, the selection and the scaling of accelero-

grams are given in the Chapter 4.  
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Fig. 2.22 – Steps of PSHA (Baker, 2008a) 
 

Regarding the structural analysis, the response of the analysed building should 

be investigated in a probabilistic manner, for different levels of seismic hazard. In par-

ticular, a NL numerical model should be developed by taking into account uncertainties, 

such as the ones related to mass, stiffness, strength, damping and so on. In FEMA P-

695 (2009), uncertainties, expressed in terms of total dispersion βTOT, are estimated as 

the square-root-sum-of-squares (SRSS) of four individual dispersion contributions:  

훽 = 훽 + 훽 + 훽 + 훽  
(2.30) 
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where βRTR is related to the seismic demand; βDR is the uncertainty related to 

design requirements; βTD is the uncertainty in test data and βMDL introduces the uncer-

tainty due to structural modelling, related to the knowledge of the structural system. For 

studying the structural response at different seismic intensity levels, it is necessary to 

monitor an EDP able to provide information about local and global behaviour in terms 

of strength and deformations. For the local behaviour of RC buildings, the parameters 

to be monitored are the strength of structural elements (such as the axial or shear force) 
and the deformations of structural element (such as the plastic deformation - chord 

rotation). For the global behaviour, the most important parameter in terms of defor-

mation is the maximum θi, useful also for considering the non-structural elements re-

sponse. In addition, in terms of strength, the Vb or the floor acceleration can be moni-

tored. After the choice of the EDP and IM parameters to monitor, NL dynamic analyses 

are performed on the numerical model by using the selected ground motions, with the 

aim to investigate the structural behaviour both in elastic and inelastic fields. In partic-

ular, it is interesting to define the seismic intensity when global instability (or global 

collapse) occurs, situation that corresponds to an infinite displacement increment un-

der little increment of the seismic input. Some researchers developed methodologies 

able to provide a complete structural response, such as the incremental dynamic anal-

ysis (IDA) (Vamvatsikos and Cornell, 2002) or MSA (Jalayer and Cornell, 2009). The 
final goal of the structural analysis is to determine the probability distribution (Gaussian, 

lognormal…) of the structural response for each IM level. The result is the probability 

density function, which depends from the number of EDP-IM bins. 

The results of the numerical analyses, in terms of probability distribution of the 

IMs associated to the given EDP, represent the base for the damage analysis, which 

expresses the physical damage of the structural system or of its components. In the 

practice, the damage state is represented by fragility curves. As reported in (Bakalis 

and Vamvatsikos, 2018), a fragility curve is a probability function of violating a certain 

LS, given a certain IM level. Mathematically, it is estimated through cumulate distribu-

tion functions. Being a function of IM, it can be expressed as below: 

퐹 (퐼푀) = 푃(퐿푆 violated|퐼푀) (2.31) 
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which means that with the fragility curve we estimate the probability that the 

demand is greater than capacity, for a given IM. In other words, eq. 2.31 can be re-

written as: 
퐹 (퐼푀) = 푃(퐼푀 > 퐼푀 )   (2.32) 

퐹 (퐼푀) = 푃(퐸퐷푃 > 퐸퐷푃 |퐼푀)   (2.33) 

where IMc is the capacitive IM that corresponds to the capacitive EDP (EDPC), 

defined for the LS selected. In addition, the role of fragility curves is to provide a unique 

definition of the damage state, by taking into account the uncertainty sources present 

in the problem (Porter, 2018). Despite a single EDP value is assumed for a LS, it should 

be observed that the uncertainty is different from element to element. In fact, uncertain-

ties in the damage are firstly due to the uncertainty in the characterization of geometry 

and materials (that propagates in the damage computation) and secondly to the uncer-

tainty in the loading of structural elements, which varies from an element to another 

one. In order to account for uncertainties, each fragility curve is represented by a shape 
characterized by a median value of the IM and an associated dispersion (standard de-

viation of the log-data). The latter, as defined in eq. 2.30, rules the slope of the fragility 

(figure 2.23). Starting from the serviceable LSs until ultimate ones, the fragility curves 

are shifted to right, with greater values of IM. 

 

Fig. 2.23 – Fragility curves with same median and different dispersion 
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The last step of the PBEE is the loss analysis, in which the data obtained from 

the previous steps, in particular from the damage analysis, are converted into DVs. The 

goal of the approach is to provide DVs directly usable for the decision-makers. The 

losses can be summarized with the 3-d: deaths, dollars and downtime. The loss anal-

ysis allows to compute the probability of exceeding a certain loss, expressed in terms 

of DV, for a given LS. For each kind of loss, it is possible to provide a loss curve, which 

is the combination of the conditioned probability indicated in eq. 2.27 (figure 2.24). As 

for fragility curves, it is possible to define loss curves with reference to groups of ele-

ments in the structural system, considering the different incidence of some elements 
for different typologies of losses. From the application of the PBEE paradigm to existing 

RC buildings, it is possible to understand in probabilistic terms which factor has a 

higher influence on earthquake repair costs and, subsequently, to establish which ret-

rofit strategy provides the lower retrofit cost together with the lower possibility to have 

future losses.    

 

Fig. 2.24 – Loss curves for different LS 
 

AS already mentioned, the PBEE approach was reformulated by (Jalayer and 

Cornell, 2003) in order to provide a method adapt for practitioners in terms of load 

resistance factor design. In particular, through some simplifying hypotheses, a closed 
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form of MAF of exceeding a LS, able to provide an approximate estimation of the col-

lapse probability, was proposed. The first simplified hypothesis consists in the approx-

imation of the seismic hazard curve of the site with another one depending from the Sa 

region of the analysed building ( Sa is the selected IM), for the LS investigated. To this 

scope, an exponential formulation was proposed, where the MAF of the LS (λLS) is a 

function of λSa defined as: 

휆 (푥) = 푘 ∗ 푥    (2.34) 

where k0 and k are parameters that define the new hazard curve shape and x is 

the value of Sa, or any other IM. Eq. 2.34 can be displayed in figure 2.25. 

 

Fig. 2.25 – Approximation of the Hazard curve (Jalayer, 2003) 
 

The second simplified hypothesis concerns the probabilistic demand model. 

The input of the structural analysis is represented by a set of accelerograms chosen 

with certain criteria. Considering the application of IDAs on the numerical model, the 

accelerograms have to be scaled using the Sa(T1), where T1 is the first period of the 
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structure (in Jalayer and Cornell, 2003, T1 was equal to T). For a given Sa(T1), the struc-

tural response has a certain variability. This means that, assuming as unique uncer-

tainty the βRTR and neglecting others uncertainty sources, the demand variability is rep-

resented by the dispersion of the spectra of the set of accelerograms, in the neighbour-

hood of the Sa(T1) value. Under these assumptions, the demand can be expressed in 

probabilistic terms, as follow: 
D = 휂 | (푥) ∗ 휀   (2.35) 

where ηDM|Sa(x) is the variation law of the median demand, conditioned by the 

variation of the Sa and ε is an aleatory variable, which represents the variation of struc-

tural response for a given x. Within this framework, the authors assumed that the ε has 

a lognormal distribution, with unitary median and dispersion constant and dependent 

from the demand dispersion. The latter can be expressed as follow: 

휂 = 푒 ( ( ))  = 1 (2.36) 

휎 ( ) = 훽 |    (2.37) 

Furthermore, the ηDM|Sa(x) was defined with a linear relationship on logarithmic 

plane with the value of IM imposed (x), such as the Sa: 

휂 | (푥) = 훼 ∗ 푥    (2.38) 

where α and β are coefficients obtained by linear regression in the logarithmic 

plane of the median demand value. By substituting eq. 2.38 in 2.35, the result is the 

well-known power-law approximation (Cornell, 2002): 

D = 훼 ∗ 푥 ∗ 휀   (2.39) 

Based on the above considerations for the demand, the third simplified hypoth-

esis regards the distribution of the structural capacity that is assumed as a lognormal 

function with median ηC and dispersion βRC (only aleatory uncertainties are considered). 

The approximate demand and capacity probabilistic models are depicted in figure 2.26. 

Based on the above-mentioned hypotheses, it is possible to define the drift hazard (λDM), 

which is the MAF of exceeding of a given demand conditioned by the IM selected for 

the building. Knowing that the demand is represented by a lognormal distribution, in 
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which the parameters median and dispersion have some properties, the λDM can be 

expressed as: 

λ = 휆 ∗ 푒 |    (2.40) 

where k is defined in eq. 2.34 and b is the β defined in eq. 2.39. In simple 

words, the MAF of exceeding a given demand is equal to the seismic hazard evaluated 

for a certain value of Sa, multiplied for a coefficient that takes into account the dispersion 

of the demand. 

 

Fig. 2.26 – Approximate demand and capacity probabilistic models (Jalayer and Cornell, 2003) 
 

Hence, the MAF of exceeding a LS, in the hypothesis that the structural capacity 

has a lognormal distribution, can be written as:  

λ = 휆 ∗ 푒 | ∗ 푒    (2.41) 

where a coefficient that takes into account the capacity dispersion is included. 

In order to carry out the assessment of existing buildings in a way feasible for practi-

tioners, the authors have proposed a closed form of eq. 2.41, with the aim to define a 

performance target: in other words, the building performance is assessed if the MAF of 

exceeding a certain LS is lower than a fixed value P0. This means that eq. 2.41 is re-
written as: 
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λ = 휆 ∗ 푒 | ∗ 푒 ≤ 푃    (2.42) 

Substituting eqs. 2.34 and 2.38 in eq. 2.42, the latter becomes: 

푘 ∗ ∗ 푒 | ∗ 푒 ≤ 푃    (2.43) 

and pooling ηc, the result is: 

휂 ∗ 푒 | ∗ 푒 ≥ 훼   (2.44) 

The term at the right member in the eq. 2.44 is proportional to the spectral 

acceleration and then assumes the meaning of a median value of demand, which cor-

responds to the IM with a MAF of exceeding of the LS, directly related to P0. Bringing 

the terms of the demand’s dispersion to the right member of the above equation, the 

general expression in terms of capacity/demand becomes: 

휂 ∗ 푒 ≥ 휂 | ∗ 푒 |   (2.45) 

where ηDM|Sa and βDM|Sa must be expressed in function of the requirement P0. 

To this aim, eq. 2.45 can be rewritten as: 

휂 ∗ 푒 ≥ 휂 | ∗ 푒 |   (2.46) 

Factorizing the capacity and the demand through the following equations: 

휑 = 푒   (2.47) 

훾 = 푒 |   (2.48) 

eq. 2.46 become:  
훾 ∗ 퐷 ≤ 퐶 ∗  휑  (2.49) 

where C is the median capacity and D is median demand, which takes into 

account the target P0.  

In order to consider the epistemic uncertainties of the problem, which cannot 

be avoided, the procedure concludes estimating the confidence interval related to the 

achievement of the performance required for the LS investigated. With this regard, it is 

possible to perform some analyses, guaranteeing a certain confidence level. In partic-

ular, considering the epistemic uncertainties, eq. 2.41 can be integrated with the terms 
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βUC and βUD, which are the dispersions due to the epistemic uncertainties, respectively 

in the capacity and demand. If we call the aleatory uncertainties as βRC and βRD (which 

before were called as βDM|Sa) respectively for capacity and demand, eq. 2.41 can be 

rewritten as:  

λ ∗ = 휆 ∗ 푒 ∗ 푒    (2.50) 

In this view, also the λLS is a variable, and can be represented by a lognormal 

distribution with a median λLS
* and a dispersion βλLS. The first one is defined in the eq. 

2.50, while the dispersion is: 

 훽 = ∗ (훽 + 훽 )   (2.51) 

The variability of the variable λLS can be associated to a confidence interval 

around the λLS
*, which can be defined as: 

λ = 휆 ∗ ∗ 푒 ∗    (2.52) 

where λLS
X is the MAF of exceeding a given LS and associated to a confidence 

level, Kx is the normal standard variable with probability x of not being exceeded. 

Through some mathematical manipulations of the above-written equations, λLS
X is ob-

tained according to the following equation: 

λ = 휆 ∗ 푒 ∗ 푒 ∗  (2.53) 

Eq. 2.53 is similar to eq. 2.41 and, in terms of demand capacity factor design, 

the MAF of exceeding a given LS associated to a confidence level should be compared 

with a value P0: 

λ ≤ 푃  (2.54) 

Following a similar procedure, including the factorization of capacity and de-

mand, which this time considers aleatory and epistemic uncertainties (γTOT and φTOT, 
which are the product of epistemic and aleatory dispersion for demand and capacity), 

it is possible to define a “confidence factor” (which is from the one defined in the ap-

proach of  EC8) called λX and defined as:  

λ = 푒  (2.55) 
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where βTOT, just defined in eq. 2.28, takes into account all uncertainties. 

The admissible condition, analogues to eq. 2.49 can be defined as:  

λ ≥
휂 | 훾

휂 휑  (2.56) 

By using eq. 2.56, it is possible to check that the ratio between the factorized 

demand and capacity is lower than a given confidence factor, which is function of the 

desired confidence level (CL). In this way, the fractiles of the MAF for satisfying the 

target performance, dependent from the given LS, are defined. To this purpose, FEMA 

code suggests adopting a high CL, such as 90-95%. With lower CLs, analyses show 

that the building could not satisfy the target performance. The main advantage of this 

approach, besides to be practitioner-friendly, is that it allows to perform a low number 

of NLD analyses with a seismic input related to the seismic hazard of the site. With this 

regard, the authors of the method assumed as P0 value the mutual value of the return 

period (Tr), for each LS to assess. 

 

2.4.3 On the side of practitioners: comparison between the two approaches 
The approaches for performing the vulnerability assessment of existing RC 

buildings described in the previous section are characterized by some advantages and 

limitations, especially for the practitioners. As already specified, the deterministic ap-

proach is ruled by EC8 code, while the deterministic approach, with the related simpli-

fications, is ruled in FEMA guidelines. Starting from the names attributed to the ap-

proaches, it is easy to understand that the first approach is developed in deterministic 

terms, while the second one is proposed as an improvement of the previous based on 

the probabilistic nature of the problem and driven by the limitations pointed out by some 

practical applications and research works about the topic.  

The deterministic approach does not provide the actual safety level of the struc-

ture expressed in terms of probability of exceedance for a given LS. In fact, only the 

seismic hazard is defined in probabilistic terms, associating a fixed level of probability 

of exceeding to the seismic intensity, whereas the other sources of uncertainty, such 
as the aleatory ones that strongly affect the demand, are neglected. In addition, many 
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other input parameters are a source of uncertainty, but their management is usually 

demanded to the personal experience of the practitioner, as summarized below: 

 Rational and univocal choice of a criterion for identifying the LS thresholds, es-

pecially in the case of ultimate LS, for which the global damage can be very 

different for each case study; 

 Incomplete knowledge about those parts of the structure that cannot be com-
pletely analysed through in-situ investigation; 

 Choice of the modelling criteria and methods of analysis; 

 Definition of the capacity models for the structural elements.  
 

Concerning the criteria for defining the LS thresholds, the code suggests an θi 

equal to 0.5% for the DLS. The code does not provide indications for the ultimate LS, 

instead, different damage levels can be assumed for the same building, for the same 

LS. Just to make an example, for defining the LSLS of a building, all the following criteria 

can be adopted, and none of them is rebuttable: 

 First structural element reaches a chord rotation equal to ¾ θu; 

 First column reaches a chord rotation equal to ¾ θu; 

 A certain percentage of structural element reach a chord rotation equal to ¾ 
θu; 

 Point of pushover curve at 85% of the maximum Vb (15% of softening); 

 Point of pushover curve at 80% of the maximum Vb (20% of softening); 

 
A lot of uncertainty sources arise during the knowledge path of the existing 

structure, since in many cases the original documentation of the building is incomplete. 

The mechanical and geometrical characterization of the structural elements is a crucial 

part of this phase, considering that it is impossible to systematically investigate all 

building’s parts. Clearly, an incorrect evaluation of in-situ materials can significantly 

affect the results. The scientific literature about this topic is extensive, as discussed in 

some works (Uva et al., 2013, Fiore et al., 2013) that have analysed and evaluated the 

sensitivity of the results obtained by in-situ investigation on real RC structures, through 



 67

DTs and NDTs. As previously mentioned, the EC8 approach tries to incorporate these 

epistemic uncertainties in the CF, relating it to the amount of information collected (table 

2.3 and 2.4). About this topic, some researchers (Franchin et al., 2010, Jalayer et al. 

2010) have demonstrated that the use of partial factors on the structural capacity in 

existing buildings can provide subjective results on the same case study. Firstly, on a 

same building, in-situ tests can be subjectively performed on different structural ele-

ments, introducing epistemic uncertainties about the structural detailing and concrete 

and steel mean strengths. In addition, the use of a fixed partial factor, whose value has 

been calibrated on a set of numerical investigation, could not be suitable for all existing 

structures and could be inaccurate with respect to the continuous variation of the me-
chanical properties of materials (strength/stiffness deterioration). Additional uncertain-

ties sources are related to the modelling method adopted by the analyst, which can use 

a fiber or a plastic hinges model and can consider or not the contribution of non-struc-

tural elements and secondary elements or can select different types of hysteretic be-

haviour. In addition, the results are strictly depended from the analysis method, such 

as the choice of NLS or NLD analysis, with particular reference to the seismic input and 

dynamic properties of the numerical model. A rational assessment procedure of exist-

ing buildings should account for all the mentioned uncertainties and, at the same time, 

incorporate all factors, which are in play in the path for computing the safety level.  

Differently from a deterministic approach, which is strongly based on the “ex-

pert opinion” of the analyst in each phase, the PBEE approach has many advantages 

and provides numeric outputs based on the hazard level adopted, in terms of fragility 

and expected losses that are very useful in practical applications. On the other hand, 
the application PBEE presents several difficulties for practitioners (Gunay and Mosalam, 

2013), mainly caused by the probabilistic nature of the approach and the necessity of 

developing several analysis phases. 

A first problem is the choice of a set of accelerograms composed by a sufficient 

number of records, in order to be representative of the real seismic hazard from a prob-

abilistic point of view. There is not a simple and univocal rule for driving practitioners 

in this choice. In the last few years, some research works have focused this problem, 
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developing tools for selecting the signals consistently with the code spectrum (Iervolino 

et al. 2009) or with the conditional mean spectrum (Baker, 2011). Difficulties grow 

when real accelerograms suitable for the case study are not available and it is neces-

sary to perform a preliminary selection and a subsequent scaling, using a certain value 

of IM (Iervolino and Cornell, 2005, Bayer and Bommer, 2007, Hancock et al., 2008).  

Regarding the phase of structural analysis, the main problem is due to the lim-

ited time usually available by practitioners. This induces to reduce as much as possible 

the efforts for performing NL analyses on the numerical model. The most popular com-

mercial software used for structural analysis focus on the availability of attractive and 

friendly graphical user interfaces but are not optimized and effective for NL analyses, 
even static ones, in which they result to be time-consuming and require a lot of storage 

memory. Within these computer environments, performing IDA or MSA on a numerical 

NL model for a lot of records becomes a true nightmare. Clearly, things can only get 

worse when PBEE methodology is to be applied, since it is necessary to fix an EDP 

value for each LS to investigate. The a-priori knowledge of these threshold values, es-

pecially for the ultimate LSs, typically requires a preliminary NLS analysis that provides 

the global collapse of the structural system. Further considerations can be provided, 

thinking that in deterministic and probabilistic approaches, the fixed value of Tr for a LS 

come from seismic hazard studies, based on social-economic evaluations, while dif-

ferent meaning has a collapse probability of a structure that takes into account the 

probabilistic distribution of demand and capacity. In addition, the LSs should be most 

differentiated, considering that structural elements do not assume the same importance 

in the evaluation of safety level of a structure. 
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3. Seismic modelling of existing RC buildings 
 
3.1 Overview 

In the vulnerability assessment of existing RC buildings, the modelling phase 

assumes a key role in the evaluation of the structural behaviour. In particular, based on 

the kind and the features that characterize the FE model, the analyst is able to predict 

with more or less accurateness the structural response of structure, under vertical and 

seismic loads. Once that the building features are known, in terms of knowledge of 

geometrical and mechanical parameters, the use of practitioners is to make just one FE 

model in an user-friendly software, with the claim of capturing the linear and NL struc-

tural behaviour, from both global and local mechanisms points of view. This trend is 
clearly wrong for several reasons. For example, to consider or not the non-structural 

elements, such as the infill panels, can strongly change the dynamic behaviour shown 

by the FE model, in terms of periods and participating mass (M[%]) and consequently, 

the results of simple pushover analysis can be very different. Furthermore, the assump-

tions at the base of the numerical model, usually based on the experience and sensi-

bility of the analyst, can produce subjective results, which can be different in the mod-

elling of the same case study, performed by different practitioners. Finally, also the 

modelling typology used influences the result, such as the adoption of certain numerical 

elements, numerical integration laws, capacity models for the NL behaviour and so on. 

Generally, the scientific literature shows that, for investigating the structural behaviour, 

one should adopt several FE models with different features for the same case. In this 

view, the result provided by each numerical model should highlight the weight of each 
single aspect investigated. This confirm the philosophy at the base of engineering prob-

lems, where on the same numerical model, one has to change one variable per time. 

In this Chapter, the author is going to investigate the global behaviour of existing RC 

buildings, considering in the modelling the influence of some elements usually ne-

glected or subjected to numerical hypotheses, which constitutes the structural system. 

In particular, the focus is on secondary elements, as the slab and non-structural ele-

ments, as the infill panels. After a briefly description of the scientific literature about the 

modelling of principal, secondary and non-structural elements, a numerical procedure 
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is proposed, able to simulate the floor system behaviour in existing RC buildings under 

horizontal actions, with its in-plan deformability and comparable with other methods 

proposed by scientific literature (Porco et al., 2017 and Ruggieri et al, 2018a). Subse-

quently, with the aim to consider the influence of the modelling elements involved in 

the FE model of the building investigated, the global behaviour of some case studies is 

analysed, in which both floor system and infill panels are modelled. Finally, in a per-

spective of retrofit solutions, the influence on the global structural behaviour of rein-

forced infill panels and added RC walls is evaluated (Ruggieri et al., 2017 and Ruggieri 

et al., 2018b). 

 
3.2 Nonlinear models for structural materials and elements 

Before speaking about the modelling of RC structural elements, one should 
know the properties of the concrete and the steel. The importance of this topic has been 

evident since the first studies about the RC structures, where some researchers tried 

to define specific relationships for characterizing firstly the linear and NL behaviours of 

concrete and steel and after, a unique behaviour for simulating the mix of them. The 

trend was of loading specimens of both materials considered (compression for con-

crete and tension for steel) and, based on the results obtained, to define empirical 

stress-strain relationship. As well-know, after a certain loading (monotonic or cyclic), 

the concrete exhibited a post-elastic behaviour with softening and brittle collapse, while 

the steel exhibited a post-elastic behaviour with hardening and ductile collapse. The 

scientific literature about the topic is extensive and the author is going to report just the 

most significant works. Concerning to the concrete, the first tests campaigns were de-

scribed in (Hognestad et al., 1955, Sturman et al., 1965), where the stresses distribu-
tion of section subjected to axial and bending force were identified, concluding that the 

first cracking of concrete is delayed when the above stresses are coupled. In (Popovics, 

1970) after an extensive comparison among experimental tests, authors provided a 

constitutive law influenced by the load ratio, number of cycles and magnitude of the 

stress. In (Kent and Park, 1971) a couple of constitutive laws were proposed, consid-

ering and not the confinement (modified Kent and Park constitutive law). This latter 

study was fundamental for the development of the stress-block law. The most used 
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constitutive law for concrete is the one proposed by Mander (Mander et al., 1988), as 

shown in figure 3.1, which provides formulations that account for the effects of the 

axial and bending loads, with and without confinement and considering other micro-

mechanics effects studied until this work. Generally, the experimental tests about con-

crete need of interpretation, due to the strongly dependence from the size of the spec-

imens and the boundary conditions of tests. With this regard, the parameters that 

should drive the researchers are the total cracking energy or the cracking energy post-

peak.  

 

Fig. 3.1 – Constitutive law proposed by Mander  

 

Regarding to the steel used in RC elements, the nature of the material, which is 

isotropic, allow of predicting the linear, NL and cyclic behaviour through experimental, 

which provide results with lower dispersion. In fact, in a lot of works (Aktan et al., 1973, 
Kent and Park, 1973) the backbone of the stress-strain law is composed by four parts, 

as an elastic region, a yielding plateau, a strain hardening region and a final strain sof-

tening part. Some researchers proposed simplified constitutive laws for the steel. The 

most used constitutive law is the one proposed in (Menegotto and Pinto, 1973), as 

shown in figure 3.2, with the proposal of a cyclic law, which took into account the well-

known Bauschinger phenomenon, useful for describing the cyclic behaviour. Other im-

portant law is the one proposed in (King et al., 1988), where the authors well captured 
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the first three parts of the generic constitutive law and proposed limits for the strain, 

based on tests about cycle fatigue loads. The technical codes assume the constitutive 

laws proposed in the scientific literature and provide to practitioners simplified dia-

grams. For example, EC8, like NTC08, proposed 3 simplified models for the concrete, 

such as the stress-block, parabola-rectangle or bi-linear (figure 3.3) and 2 simplified 

models for the steel, such as the elasto-plastic perfect and elasto-plastic with strain 

hardening (figure 3.4).  

 

Fig. 3.2 – Constitutive law and cyclic behaviour proposed by Mengotto-Pinto  
 

 

Fig. 3.3 – Simplified constitutive laws for concrete (NTC08) 
 

 

Fig. 3.4 – Simplified constitutive laws for steel (NTC08) 
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In this specific case, the code provides the way for computing each parameter 

shown in figures 3.3 and 3.4, with fixed values for the strains and formulations for 

evaluating the stresses, based on the values of design yielding cylindrical strength of 

steel (fyd) and design ultimate cylindrical strength of concrete (fcd), in the cases of new 

buildings.  

The inhomogeneity of the RC and the assumptions about the materials in RC 

sections, lead to match the 2 behaviours, with mutual interaction of concrete and steel. 

With this regard, making some simplified hypotheses, such as the plan section conser-

vation, the perfect bond between steel and concrete and the neglect of the tensile in the 
concrete, it is possible to define NL capacity model of RC sections. This latter compu-

tation is strictly related to the failure mechanisms of accounting in the model. For the 

structural elements as beams and columns, it is necessary to consider both flexural 

and the shear behaviours, which are defined based on the acting loads. Regarding to 

the flexure behaviour, literature and codes provide several representations, in terms of 

moment-curvature or moment-rotation (curvature is the rotation per unit length). There-

fore, the rotation of a section can be calculated by integrating the curvatures along a 

certain length, computable with sectional equilibrium and congruence equations (more 

details are provided in the next Section). Concerning to the shear behaviour, some in-

formation about the shear strength have just been provided in the Chapter 2. Here, it is 

more interesting the interaction with the flexural behaviour. In fact, based on the geom-

etry of the section, this latter can be limited by shear failure and overall, its cyclic deg-

radation property. Figure 3.5 shows three possible behaviours of RC elements, consid-
ering flexural and shear failures. In the first case, the shear capacity, also with degra-

dation, is higher than the flexural capacity. This means that the sections has a ductile 

behaviour and high capacity, which can manifests problems only in the cases in which 

some phenomena happen, such as the buckling or cover spalling. In the second case, 

the failure is coupled, because the element reach the yielding, but in the post-elastic 

part, the shear failure occur with degradation and loss of capacity. In the third case, the 
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shear failure occur in the elastic part of the element and the strength is strongly com-

promised. In the cases in which the axial loads are considered, as in the columns, the 

above classification is strongly influenced, considering the role of axial force in the 

definition of the moment-curvature law (depends form the moment-axial load diagram) 

and of the shear capacity.  

 

Fig. 3.5 – Collapse mechanisms of RC elements, accounting for flexural, shear-flexure and 
shear behaviours 

 

Lastly, for completing the characterization of RC structures and their elements, 

besides to define the behaviour through a backbone, it is worth mentioning the hyste-

resis response that the members shown under cyclic loading. Generally, the NL behav-

iour of RC structures depends from the capacity to dissipate energy under strong-mo-
tions. A lot of researchers defined rules for computing the hysteresis models of RC 

members, as the kinematic, the Takeda (Takeda et al., 1970) or the Pivot (Dowell et al., 

1998) models, with the aim of representing some phenomena, such as reloading, deg-

radation, pinching and so on. For the technical codes, the hysteresis phenomenon is 

characterized by the viscous damping (really it is hysteretic), which has a value of 5% 

for RC buildings. Clearly, this value cannot represent the energy dissipated from all 

vibration modes and, for this reason, the best way for accounting an acceptable esti-

mation of the hysteretic behaviour is the Rayleigh damping method (Chopra, 2012). It 

consists in the computation of the damping matrix from a linear combination of mass 

and stiffness matrices, through the adding of two coefficients, such as shown in figure 

3.6. Basing on the frequency of each vibration mode, the method allow of computing 

the damping value. 



 75

 

Fig. 3.6 – Rayleigh damping model (Chopra, 2012) 
 

3.3 Nonlinear computational approaches 
 A numerical model that simulates the real behaviour of existing RC buildings is 

constituted by numerical elements that accounts the mechanical and geometrical pa-

rameters found in the knowledge path of the structure. In particular, the structural ele-

ments should exhibit their linear and NL behaviour in a seismic analysis, in order to 

predict both local and global behaviour of the building investigated. To this scope, RC 
beams and columns, which constitute the skeleton of the building, are usually modelled 

trough frame elements. Numerically, a frame is a three-dimensional (3D) element, 

which defines equilibrium, congruence and constitutive law equations between two 

consecutive nodes. Regarding to the linear properties of beams and columns, the nu-

merical model should accounts the mass and the stiffness of the elements, which de-

pend from the elastic properties of the materials constituent, such as the self-weight, 

the density, the elastic modulus, the dimension of the element section and so on. For 

defining the real behaviour of RC elements, it is necessary to simulate the NL behaviour 

of the elements. To this scope, the numerical model should account for the flexural and 

shear behaviour. Before explaining how to consider the nonlinearity in the RC elements, 

it is worth remembering that a numerical model, which simulate the behaviour of a 

building under seismic actions, manifests the first plastic deformations in the ends of 
the elements, near to the interface with the beam-column joint. This is due to the stress 

distribution of seismically-dominated frames. On the other hand, one can model the 
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nonlinearity of all the infinite sections that constitute an RC element, with the conse-

quence of improving the quality of the results but increasing the time and computational 

efforts of the subsequent seismic analysis. This latter sentence, introduce the possibil-

ity that one has for modelling the nonlinearity of structural elements. Regarding to the 

flexural behaviour, the plasticity can be modelled along the member or in the more 

stressed sections, in the ways shown in figure 3.7.  

 

Fig. 3.7 – Modelling typologies for flexural behaviour, as provided in (Deierlein, 2010) 
 

The most complex model is the one discretized in FEs, along its entire length. 

Each FE takes into account the linear and NL properties of the material that simulates, 
ensuring the balancing from the equilibrium, the congruence and the constitutive law 

equations points of view. This kind of model is surely the most expansive, in terms of 

time and computational efforts, but can provide a real simulation of the members, being 

able to predict whatever effect. The second model is composed by fiber sections, which 

provide a discretization of the RC member in significant sections, modelled on fibres. 

To each fiber, a constitutive law is assigned, in order to simulate the NL behaviour of 

materials. Numerically, all fibres should be integrated over the section, in order to obtain 

the resultant, in terms of force and displacement. This kind of model is able to provide 

stress and strain of each fiber, but is more sensitive to the element length, integration 

method and constitutive laws assigned. The third model is a finite length hinge one, 

which consider the plasticity concentrated in the end-sections of elements, through a 

hinge zone with fixed length. The sections of the hinge zones are usually modelled 
trough fibres, defined as abovementioned. This kind of model is strongly dependent 
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from the hinge zone length. The main advantage is the capacity to predict in realistic 

way the yielding and ultimate behaviour of the element, with information about the hinge 

rotation. The simplest models are the ones to concentrated plasticity, through the adop-

tion of plastic hinges (in the fourth case it is used an inelastic spring), which are located 

in a section and they are defined through a moment-rotation model. As mentioned, this 

is strictly related to the plastic hinge length because the integration of the curvature is 

performed proper along this latter. For the models with fibres, the modelling is able to 

account directly some phenomena, such as the interaction between axial and moment 

forces, the strength degradation due to the buckling and interaction with shear behav-

iour. On the other hands, lumped plasticity models, besides to be more functional from 
the computational efforts point of view, included the above phenomena in a unique 

moment rotation-law, usually based on empirical experiences. In this case, one should 

determine the shape of the backbone, in terms of stress-strain, to whom assign the 

cyclic behaviour. The simplest moment-curvature representation is the bilinear one, 

which is characterized by yielding (My, Φy) and ultimate (Mu, Φu) points. Subsequently, 

the number of points can be increased, for accounting the results of experimental tests 

and some effects, such as the P-Δ effects, the confinement, the interaction between 

axial and bending forces and so on. Very used constitutive law for RC section is the a 

quadrilinear moment-curvature (or rotation) one, which represents the element behav-

iour with 4 damage levels: first cracking of concrete, yielding of longitudinal bars with 

hardening behaviour, softening simulating the  strength degradation of the section and 

the residual moment, fixed at a certain percentage of the yielding moment. This kind of 

constitutive law is like the one adopted by FEMA-356 code, as shown in figure 3.8  

 

Fig. 3.8 – Constitutive law for plastic hinges, proposed in FEMA-356 code 
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Regarding the definition of the points of the backbone, a lot of researchers and 

technical codes proposed some empirical formulation for defining the values of mo-

ment-curvature relationship. EC8, such as the NTC08, proposed the following formula-

tions for computing the chord rotation demand, in terms of yielding and ultimate rotation 

(θy and θu):   

휃 =
훷 퐿

3 + 0.0013 1 + 1.5
ℎ

퐿 + 
훷 푑 푓

8 푓
 

(3.1) 
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1

훾 0.016(0.30 )
max (0.01; 휔 )
max (0.01; 휔) 푓

. 퐿
ℎ

.

25 (1.25 ) 
(3.2) 

where Φy is the yielding curvature, Lv is the shear span, as defined in eq. 2.15, 

h is the height of the cross section, dbL is the median diameter of longitudinal reinforce-

ment, fc and fy are cylindrical compressive strength of the concrete and yielding strength 

of the steel reinforcement, el is a coefficient equal to 1.5 for primary elements and 1.0 

for secondary ones, and’ are the mechanical ratio of tensile and compressive lon-

gitudinal reinforcement, sx is the ratio of transversal reinforcement in the load direction, 
fyw is the cylindrical yielding strength of the transverse steel reinforcement, d is the 

ratio of diagonal reinforcement in each direction of load and is the confinement effi-

cacy coefficient. Alternatively, the θu can be computed using the following equations:  

휃 =
1

훾 0.0145(0.25 )
max (0.01; 휔 )
max (0.01; 휔) 푓

.

푓 . 퐿
ℎ

.
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where the curvature Φy  and Φy are involved and Lpl is the plastic hinge length, 

evaluated as follow: 

퐿 = 0.1퐿 + 0.17ℎ + 0.24
푑 푓

푓
 

(3.5) 

while, for accounting also the cyclic behaviour, the Lpl can be computed as 

below reported: 
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퐿 =
퐿
30

+ 0.2ℎ + 0.11
푑 푓

푓
 

(3.6) 

The scientific literature provides other semi-empirical methodologies for com-

puting the θu and Lpl, as reported in (Verderame et al., 2010), in which the focus was 

the correction factor of applying, due to the presence of plain bars in existing RC struc-

tural elements. Regarding the θu, the formulations proposed in the EC8 are similar to 
the ones proposed in (Panagiotakos and Fardis, 2001), where an experimental tests 

campaign was conducted and an extensive database was produced. Subsequently, the 

same authors (Fardis, 2007) proposed an improvement of the previous formulation of 
θu, inserting the influence of the cross section height. Other formulation was proposed 

in (Rossetto, 2002, Haselton and Deierlain, 2007, Zhu et al., 2007). Comparable with 

the results obtained from the EC8 formulation is the one proposed by (Perus et al., 

2006), where the authors proposed a method for predicting the chord demand rotation, 

through a multi-dimensional non-parametric regression (CAE method). Regarding to 

the Lpl, the scientific literature provides formulations based on the concept that this 

parameter should account the sum of three mechanisms, as the flexural, the shear and 

the slippage behaviours, as below reported: 
퐿 = 퐿 , + 퐿 , + 퐿 ,  (3.7) 

Besides the Fardis experiences, the most important formulation are the ones 

proposed by (Park et al., 1982) where Lpl = 0.4h, (Priestley and Park, 1987) where Lpl 

= 0.08LV +6dbL and (Paulay and Priestley, 1992) where Lpl = 0.08LV +0.022dbLfy.  

Regarding the modelling of the shear behaviour, the most feasible way is rep-

resented from the assessment of maximum shear strength condition (as computable 

by using eqs. 2.3 and 2.6), especially evaluated in post-processing. This latter, which 

makes sense for buildings designed through capacity design philosophy, can be not 

adequate in the cases of existing buildings. This is due to the strongly interaction with 

flexural behaviour and axial loads. Generally, for accounting the shear behaviour, it is 
necessary to add in the numerical model an additional element. To this scope, the sci-

entific literature proposed some numerical methods, which generally consists in the 

introduction of NL shear springs, disposed in series with the flexural ones, as shown in 
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figure 3.9. Generally, to the shear spring, a multilinear constitutive law is assigned, 

taking into account shear strength degradation and cyclic behaviour.   

  

Fig. 3.9 – Modelling of the NL shear spring, in series with the axial-flexure one 
 

For computing the parameters of the shear backbone, some authors adopted 

the well-known modified compression field theory (Vecchio and Collins, 1986). In par-

ticular, in (Pincheira et al., 1999) a model was proposed, able to simulate the mono-

tonic and cyclic response, in which the authors accounted the degradation, in terms of 

strength and stiffness and they evaluated the increment of deformation demand. In (Lee 

and Elnashai, 2001), authors used the modified compression field theory for developing 

a hysteretic rule, accounting the axial load variation. In (Sezen and Chowdhury, 2009) 

the authors proposed a hysteretic rule, adding the bond-slip effect to the shear behav-

iour. Some authors developed shear strength models, based on empirical data. In (Pujol 

et al., 1999) a drift-capacity model was proposed for RC columns with high transverse 

reinforcement. In (Elwood, 2004), a model called “limit state material” was proposed. 
The model had a trilinear backbone constituted by some parameters for defining pinch-

ing and stiffness degradation (figure 3.10). In (Elwood and Mohele, 2005) an empirical 

drift capacity model was proposed, based on a database made by tests on existing RC 

elements. In (LeBorgne and Ghannoum, 2014), the model of Elwood was improved, 



 81

with the development of an algorithm able to estimate the shear degradation of RC 

elements, upgrading for each analysis step, the real state in terms of shear and flexural 

capacity.  

 

Fig. 3.10 – “Limit state material” model proposed by (Elwood, 2004) 
 
In addition, in the assessment of existing RC buildings designed through old 

codes, particular importance assumes the beam-column joints modelling, which are 

usually the first element subjected to failure (brittle behaviour) under seismic events. 

The modelling of beam-column joints, should take into account the capacity of predict-

ing the shear strain, due to the leakage of shear reinforcement and the rotation of the 

end sections of the convergent RC elements, due to the slippage of the longitudinal 

bars. Figure 3.11 shows some models proposed in the scientific literature.  

  

Fig. 3.11 – Modelling typologies for beam-column joints NL behaviour 
 

The first model concerns to the multi-spring modelling approach, where the 

joint panel was linked to the beams and columns, through one or more springs, which 

accounted the NL behaviours to consider. It is the case shown in (Youssef and 
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Ghobarah, 2001), where the joint panel were modelled through four rigid elements en-

closing the joint core, linked to the structural elements through NL springs. Each one 

was made, accounting for one particular behaviour. The second model was a macro-

model, as suggested in (Lowes and Altoontash, 2003), where the joint panel were 

modelled through four rigid elements enclosing the joint core, a single rotational spring 

for accounting the shear behaviour and some springs linked with beams and columns, 

for simulating each effect to account for. It is worth mentioning that the above methods 

well estimate the realistic behaviour of the joints, but reach great computational efforts 

and time analysis. The third model was proposed in (Alath and Kunnat, 1995), which 

is called “scissor model”, composed by a NL rotational spring, rigid linked between the 
beam and columns convergent in the joint. It is very simple to implement and in fact, it 

was adopted in other scientific works (Pampanin et al., 2003, Celik and Ellingwood, 

2008). In (Park and Mosalam, 2013) the same model was adopted, including the shear 

deformability of the joint panel and bond slip of the beam. The last model is the one 

proposed in (Sharma et al., 2011), where the joint core was modelled through shear 

springs in the end parts of the column and a flexural spring in the end parts of beams. 

These latter two methods are not able to predict the kinematic of the joint panel, but 

they are computationally simple and able to predict the response observed in a lot of 

experimental campaigns. Regarding to the methods used for computing the shear and 

flexural capacity of the beam-column joints, the scientific literature provides several 

analytical methods, summarizable as modified compression field theory, strut and tie 

based model, semi-empirical approaches, and principal tensile stress based models 

(see chapter 2). The use of modified compression field theory (Vecchio and Collins, 
1986), was adopted in few works, because it underestimated the shear strength in low-

reinforced joints (Shin and LaFave 2004). Same consideration was observed about the 

strut and tie model that, despite gave good results for new design, it was characterized 

by conceptual limitations in the shear analysis of RC beam-column joints, because 

provided an estimation in terms of localized brittle failures (Park and Mosalam, 2012). 

Many formulations were developed through semi-empirical approaches, which were 
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based on statistical analyses. In (Kim and LaFave, 2007) a database of RC joint spec-

imens were investigated, and the authors found that the shear behaviour changed from 

the kind of joint (interior, exterior, tee, knee). Based on the previous database, in (Kim 

et al., 2007) a sensitivity analysis was presented, in which the influence of some pa-

rameters were assessed, such as dimensions of beams and columns, geometry, me-

chanical parameters and amount of longitudinal and transversal reinforcement. In (Celik 

and Ellingwood, 2008) an evaluation of the maximum joint shear strength was per-

formed, through some experimental tests, with the aim to correct the formulation pro-

posed by the ASCE-SEI code. The same authors developed a capacity curve based on 

statistical evaluation, which depended from four parameters, as joint shear cracking, 
reinforcement yielding, beam and column capacity and residual joint strength. In (Has-

san, 2011), author proposed an empirical model for considering the influence of the 

axial load in the failure. Furthermore, it was proposed a model for accounting the pos-

sibility to have a pull-out failure, due to short anchorage length of the longitudinal bars. 

Concerning to the principal stresses based model, the first approach was the one in 

(Paulay and Priestley, 1992), which proposed a formulation for determining the shear 

failure of unconfined joints, through the application of the above method. Subsequently, 

as just wrote in the Chapter 2, the method was adopted in some works (Priestley, 1997, 

Pampanin et al., 2003, Pampanin et al., 2002), where the value of the principal tensile 

stresses of the joint was suggested to be the 42% of the square root of the fc. Important 

indications were provided about the capacity of the joints, provided for typology (figure 

3.12). In (Park and Mosalam, 2012) the effects of the joint aspect ratio, longitudinal 

reinforcement of the beam and axial load on the column were investigated and the same 
authors proposed an approach for evaluating the shear strength and degradation effect, 

taking into account the beam yielding. In subsequent work (Park and Mosalam, 2013) 

the authors developed a multilinear capacity curve, dependent from the shear strain of 

the nodal panel and slip rotation at the interface with the beam. 
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Fig. 3.12 – Capacity curves with strength degradation for exterior joints (Pampanin et al., 2003) 

 

3.4 Floor systems: behaviour under seismic actions 
As easily observable in RC new and existing, the structural elements described 

in the previous sections represent only the skeleton of the structural system. The struc-

tural behaviour depends from other components and a particular focus should be aimed 

on the secondary element, such as the slab. Herein, the complex constituted by the 

slabs and the beams, which compose the horizontal system of each floor, is called 

“floor system”. In the evaluation of the performance of existing RC buildings, the floor 

system play a fundamental role for manifold reasons. First of all, the slab is a bi-dimen-

sional system, orthogonally loaded from the gravity and vertical actions, such as per-

manent and live ones. Hence, the primary role of the slab is to transmit the vertical 

action to the beams and subsequently to columns and foundation. To this scope, the 

slab is usually designed aside to the structural elements, accounting the maximum ef-

fects provided by the vertical loads, combined as suggested from national and interna-
tional technical codes. Related to this practical use, one should account for the possi-

bility to have an excessive out of plane deformability of the slab, mainly due to the 

consideration of lower loads in the design, far from the actual prescriptions and, in 

some cases, mistakes in the design and the cast in place. Furthermore, from the seis-

mic loads point of view, the role of the slab is to subdivide the horizontal actions among 

the vertical elements, proportionally to them stiffness. Generally, one can say that this 
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latter condition is possible if the slab, or rather the floor system, is infinitely rigid. It is 

worth noting that the above condition is not sufficient for defining a real stiffness con-

dition. For this reason, the floor system is able to accomplish its function of transferring 

loads, if the in-plan deformability of the floor system is strongly lower than the one 

shown by the vertical elements. In other words, the rigid floor assumption can be as-

sumed based on the comparison of the in-plan stiffness of the floor system with the 

shear and flexural stiffness of the vertical elements. Besides to the stiffness and de-

formability conditions, of elements, in the skill of transmitting the vertical and horizontal 

actions, a fundamental role assume the connection among the slab and the surrounding 

beams, in order to consider a unique floor system. A not perfect connection among the 
above elements provides a loss in the action transfer, with subsequent occurrence of 

local failures in the slab. For some kinds of slab, the connection problems regard the 

slab and columns, with the occurrence of shear failures as punching. A lot of research-

ers studied the problems about the connections among slab, beams and columns, de-

veloping numerical models based on experimental tests. In this section, the author is 

not going to speak about the connection problems, but the focus is on the global seis-

mic response of existing RC buildings. To this scope, the first step is the identification 

of the slab typologies in the existing RC buildings. With this regard, the first distinction 

can be among the materials that constitute the slab systems. Broadly, the materials 

used in the slab can be steel, timber, RC and hallow clay blocks. In existing RC build-

ings, especially in the Italian cases, slab made with steel and timber are not present, 

considering that they are usually adopted as retrofit solutions or for reducing the self-

weight in the over-elevation cases. The most adopted solutions are shown in figure 
3.13. The first case is a ribbed slab with RC joists (cast in place or precast) alternate 

with hallow clay blocks (also called lightening blocks). Over these elements, there is a 

RC plate, herein called “top concrete slab”, reinforced with a grid of longitudinal bars. 

The second case is constituted by hallow clay blocks, reinforced through longitudinal 

bars and linked among them through mortar composed by concrete and sand. From 

the mechanical point of view, these typologies of slab are classifiable as orthotropic 
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plate, which are three-dimensional body, constituted by a certain thickness (one di-

mension is smaller than other two ones), with a different behaviour in the two main 

horizontal directions. 

 

 

 

 

Fig. 3.13 – Typologies of slab present in Italian existing RC buildings 

 

This means that, considering the in-plan behaviour, the elastic and tangential 

moduli of the plate are different in the two main directions and, subsequently, the shear 

and flexural stiffness have different value in the two direction. For some technical codes, 
this latter property is considered fundamental for defining the slab as rigid. In fact, 

based on the construction details of the slab, with regard of the in-plan stiffness and 

property to transfer the seismic actions, some codes as NTC08, assumes as “rigid” a 

slab with the following properties: 

 Total thickness of the slab greater than 80 mm; 

 Thickness of the top concrete slab, greater than 40 mm. 
 

The above prescriptions do not take into account the interaction with the beams 

and then, with the columns. In fact, the behaviour of the floor system strongly depend 
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from several parameters, as suggested by the International codes and the scientific 

literature. With regard of prescriptions provided by International codes, each one gives 

some indication for defining the in-plan floor stiffness as rigid. Specifically, one can 

found qualitative and quantitative criteria, as highlighted in (Doudoumis and Athana-

topoulou, 2001, Moeni and Rafezy, 2011). Regarding to qualitative criteria, EC8 defines 

that a floor system is rigid when buildings have in-plan irregular geometries (as re-

cesses, re-entrances, large opening) or irregular distribution of mass or stiffness and 

when buildings are constituted by walls located on the perimeter. Furthermore, the 

same code provides another qualitative criterion related to in-plan displacement under 

horizontal actions. In particular, it is denoted that the floor must be modelled with its in-
plan flexibility when the horizontal displacements exceed more than 10% of those ob-

tained by model with rigid diaphragm. Even in (NZS 1170.5, 2004) is pointed out that 

the rigid-floor assumption is not valid when there are abrupt discontinuities, major var-

iations in in-plan stiffness and major re-entrant corner in the floor. In the Greek code 

(Greek seismic code, 2000), it is suggested that the rigid-floor assumption is to avoid 

when the buildings analysed have a long shape in-plan (length to width ratio> 4), as 

well as they are constituted by long parts as L, H, U shapes. In these cases, an accurate 

analysis of lateral force distribution on vertical resistant elements must be carried out, 

taking into account the weak areas. Concerning to quantitative criteria, some codes 

focus on the value of the ratio between in-plan maximum and minimum displacements 

under horizontal actions, like shows in figure 3.14. In particular, specific limits for this 

parameter are provided. Herein, the previous ratio is called “in-plan displacements ra-

tio” and it is indicated like λ, defined as follow: 

휆 =
푌
푋

 (3.8) 

where Y is the maximum in-plan displacement and X is the minimum in-plan 

displacement. The definition of λ is paramount, because it takes into account the influ-

ence of the significant parameters that govern the problem of the in-plan stiffness of 

the floor system. 
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Fig. 3.14 – In-plan deformed shape of a simple structure, due to horizontal action 
 

In figure 3.14 it is not depicted the possibility to have a torsional effect, due to 

the different distribution of mass and stiffness in the structure (CM is not coincident 

with CS), which provides different value of X on the two sides. In this case, the eq. 3.8 

can be rewritten as: 

휆 =
푌

(푋 + 푋 ) 2⁄  (3.9) 

where X1 and X2 are the minimum in-plan displacements on the structure sides. 

Based on the evaluation of this parameter or other ones that depend from it, some 

International codes provide quantitative criteria. In (SEAOC, 1999) and (ASCE/SEI 7-

16, 2016) is provided a β factor, defined as ratio between maximum lateral deformation 

of the diaphragm (Δflexible) and average storey drift of the associated storey (Δstorey). If 

the ratio is larger than 2, the diaphragm is flexible, vice versa it is rigid. Even in (IBC, 

2009) is defined the same factor β, as soon as the previous code. In the Iranian Code 

(Iranian Code, 2007) another factor is defined, called λ, obtained by ratio between the 

maximum lateral deformation of the diaphragm along its length (Δflex) and the inter-

storey drift evaluated on the considered storey and the immediately below one (Δstor). If 

this ratio is smaller than 0.5, the diaphragm is rigid, vice versa it is flexible. In FEMA P-

58 the same factor of previous code is defined, but ascertaining the diaphragm as rigid 

when λ is larger than 2. When this value is included between 0.5 and 2, the diaphragm 

is defined as “stiff” and it should be modelled with its stiffness. The prescriptions of 
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abovementioned codes, take into account the influence of some parameters, which 

have been study from the scientific literature. Generally the codes can be low accurate 

in the estimation of the rigid floor limits, such as shown in (Moeni e Rafezy, 2011), 

which analysed the rigid floor assumption on buildings with irregular in-plan shape, 

evaluating results in terms of in-plan displacement ratio  (therein called Deflect-Drift 

ratio) through all qualitative and quantitative criteria aforementioned. Authors tested the 

efficiency and accuracy of all indications available in the matter of floor deformability. 

In the recent years, the scientific community has strongly improved the background on 

RC buildings structural behaviour under horizontal action as seismic loads, evaluating 

the effects of flexible floor. Already from the more ancient studies, a lot of researchers 
show the highlights of this focus and with the growing of the computational tools, sev-

eral applications have been carried out. Firstly, in (Goldberg, 1967) it was shown that 

the rigid floor assumption in RC buildings is less and less valid when the ratio between 

vertical elements stiffness and in-plan elements stiffness increases. In (Blume et al., 

1961), dynamic behaviour of existing RC school buildings were analysed, did not focus 

on in-plan flexibility of floors but showed the possible structural damages under seismic 

actions, especially for the structures having RC walls. In (Saffarini and Qudaimat, 1999) 

several RC building models were analysed for comparing the differences between rigid 

floor and flexible-floor. A sensitivity analysis was carried out, through numerical models 

where some parameters were varied, such as number of stories, story height, slab 

typology, building-plan aspect ratio, regularity of building plan, openings in the slab, the 

sizes and spacing of columns and shear walls. They found that the assumption of rigid 

floor was accurate for buildings without shear walls, but it can cause errors for building 
systems with shear walls. This error was quantified through a stiffness factor Ri, which 

depended by the relative stiffness ratio. In the same work, it was ensured how in-plan 

irregularity, given by strong recesses and large opening in the slab, can cause the de-

formability of floor. In (Ju and Lin, 1999) the error committed using the rigid floor as-

sumption was quantified, analysing several RC frames and walls buildings. They be-

lieved the above hypothesis was valid if the in-plan displacement was smaller than 20% 

of the same displacement obtained by deformable floor. When this difference exceeded 
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the 45%, the error in the stress distribution in the structural elements became signifi-

cant, about 40%. The consequence of different stress distribution in the vertical ele-

ments, due to floor deformability, was the reduction of torsional coupling, which can 

be a positive aspect for RC buildings. In (Kunnath et al., 1991) the effect of deformable 

floor system on regular frame building with shear walls on the structure sides was 

studied, through a simplified model, which included elements modelled with inelastic 

behaviour. The authors showed that, using the two different hypotheses about the floor 

stiffness, the shear distribution among columns and shear walls changed. In this case, 

the design of buildings with shear walls was not conservative if one consider the rigid 

floor assumption, because in the inelastic field the internal frames needed larger 
strength and ductility demand. This evidence increased the possibility to have columns 

mechanisms. In (Dolce et al., 1994) the inelastic dynamic response of a large number 

of simple models, which simulate the floor system, were studied. On their cases stud-

ied, author analysed the variability of the ratio kfloor/kvert, varying the elements stiffness. 

They obtained that, when the stiffness distribution of structural vertical elements was 

uniform, the flexibility of floor system was negligible, while when the structures had 

important re-entrances, the deformability effect was relevant. In (Tena-Colunga and 

Abrams, 1995) an existing building was monitored, measuring its response during the 

Loma Prieta Earthquake and adopting different strategies of modelling. In (Barron and 

Hueste, 2004) the influence of the in-plan floor deformability was evaluated on rectan-

gular RC structures with different heights, aspect ratio and both RC shear walls and 

columns. The results in terms of θi, showed that with flexible floor, the displacements 

were higher in the frame close to the CM. In (Khajehdehi and Panahshahi, 2016) a FE 
approach was used for investigating the role of openings in the diaphragms. In partic-

ular, authors investigated three kinds of openings located at the centre of the slab, with 

three sizes (6, 14 and 25% of the area), showing the percentage error toward the same 

cases modelled using the rigid floor. Following, other authors studied aspects related 

to in-plan irregularity effects and dynamic parameters of buildings analysed (T, M[%]). 

Generally, a flexible floor system increase the T of the structure and the participation of 

the higher modes (Fleishman et al., 2001, Lee et al., 2007, Sadashiva et al., 2012). The 
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consequence of this latter effect can be the “modal shifting”, with inversion of the 

modes, toward the situation with rigid diaphragm. In (De-La-Colina, 1999) the seismic 

response of one bay single-story structures, with in-plan irregularity and flexible dia-

phragm. The author considered the strength of elements independent from their stiff-

ness and concluded that, increasing the natural T of a structure, the flexibility could be 

reduced. Same conclusion was observed, considering an increment of structural ele-

ments, in terms of yield capacity. In (Eivani et al., 2018) the seismic behaviour of asym-

metric structures, in terms of different configuration of CM, CS and CV, with a flexible 

diaphragm was investigated, trough NLD analyses. The results showed that the rigid 

modes, obtained from a rigid floor assumption were reduced as well as the flexural 
deformations, expressed in terms of displacement and ductility demand. At the same 

time, the shear deformation were dominant. Another interesting conclusion was pro-

vided, in which the strength eccentricity is considered more influent than the stiffness 

eccentricity. In some works, the structural behaviour of existing RC buildings were an-

alysed, varying the typology and constituent elements of slab. In particular, in (Tena-

Colunga et al., 2015) the effects of different slab typologies and thicknesses on several 

type of buildings were studied. In (Pecce et al., 2017) a research of lightening elements 

role in the ribbed slab was carried out and authors, using elastic solid models of slabs, 

determined an equivalent slab thickness, made of a homogenous concrete layer. This 

was one of the few experimental studied about RC ribbed slab. The authors concluded 

that the effects of in-plan deformability cannot be neglected a priori, especially when 

the aim of analysis is the vulnerability assessment of existing RC buildings. From this 

point of view, the cases of major interest can be when the thickness of top concrete 
slab is smaller than 4 cm or when in a retrofit solution, in which the dimensions of 

vertical resistant elements are increased, the rigid floor assumption can be back out. 

 

3.4.1 Numerical models 
In order to analyse the real behaviour of the existing RC building and carry out 

the vulnerability assessment of ones through the procedures seen in the Chapter 2, 

paramount significance assume the numerical model and, overall, the initial assump-

tions at the base of its performance. Generally, practitioners have the work to decide 
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what structural elements involve in the numerical model, even considering the second-

ary ones. The result of the choice is a structural behaviour, which can be completely 

subjective and dependent from the sensibility and experience of the analyst. Then, one 

of the main usual initial hypothesis assumed by practitioners is the rigid floor one. In a 

FE model, to assume the floor system as rigid is synonymous of reducing the DoFs of 

the FE model and subsequently the computational efforts in the analyses. In a FE model, 

the rigid floor assumption lead to concentrate the storey mass in a unique node. As 

shown in figure 3.15, to use the rigid floor assumption means of inserting an internal 

constraint to each node of a floor, in which there is a node, called “master joint” that 

drives the motion of the other nodes, called “slave joints”. Assuming the usual hypoth-
eses of the axial inextensibility of the structural elements and negligible rotation around 

the horizontal axes (X and Y), all nodes can move together, under an horizontal action, 

proper as a rigid body, with possibility of translations decomposable in the two main 

direction (uX and uY) and in-plan rotation (θZ) in the case of eccentricity.  

 

Fig. 3.15 – Concept of rigid floor assumption in a FE model 

 

Just for concluding the definition of the rigid floor assumption, it is worth men-
tioning that the rigid floor assumption is not like the limit hypothesis of “shear-type”, in 

which the floor is infinitely rigid than the vertical elements, in terms of axial, shear and 

flexural stiffness. In fact, a floor systems as the one shown in figure 3.13, is 4-5 times 
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more stiff than the vertical elements (in the cases of moment-resisting frames) and the 

hypothesis of shear-type is not appropriate, because this kind of system allows of hav-

ing rotation between columns and beams. As just shown in the previous section, the 

rigid floor hypothesis could be incorrect in several cases, where the overall configura-

tion of geometric and structural system (dimension of vertical elements, presence of 

holes of re-entrances in the slab,…) play a fundamental role in the force distribution 

and in the dynamic behaviour. To establish that the floor system is rigid or not, it is 

important in the prospective to carry out NL seismic analysis, where apply the inertial 

forces or displacements at each level. For example, in the case of NLS analysis, if the 

rigid floor assumption is assumed, the lateral force is applied in the CM of each storey 
and it drives the motion of other nodes. In the opposite case, for carrying out the NLS 

analysis, the previous force should be subdivided for all nodes of the floor, proportion-

ally to the mass of them, with possible result of having different capacity curves.  

Regarding to the modelling of the floor system, accounting for its stiffness, or 

rather its flexibility, both international codes and scientific literature provide several pos-

sibilities. The simplest model proposed was the “deep-beam” (figure 3.16). The model 

consists in a continuous beam characterized by a flexural stiffness equivalent to the in-

plan stiffness of the floor, which account also the mass. The supports simulate the 

vertical elements and they are characterized by bearing springs, which account for flex-

ural and shear behaviour. A distribute load on the continuous beam simulates the in-

plan action, due to the seismic force. Following the eq. 3.8, the maximum displacement 

is provided by the deflection in the centre of each bays (Y) and the minimum displace-

ment is the deflection of supports (X). This kind of model is suggested, as a-priori 
model for evaluating the status of the floor stiffness (EC8, Iranian code). Even several 

researchers used the deep beam for their analyses, such as in (Nakashima et al., 1982, 

Jain and Jennings, 1985, Jain, 1984, Aktan and Nelson, 1988, Kunnath et al., 1991, 

Dolce et al., 1994, Sadashiva et al., 2012). 
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Fig. 3.16 – “deep beam” model 
 

Another simplified model, but more refined than previous one, is the “strut 

model”, showed in figure 3.17 (Petrini et al., 2007). In this 3D model, the floor system 

is schematized by two cross equivalent struts, which have dimensions of their section 

computed through the equivalence between the slab stiffness (Kslab) and equivalent strut 

stiffness (Kstrut). Slab stiffness is defined as follow: 

K =  
1

L′
12 J E + L′

A G

 (3.10) 

where L’ is the slab dimension orthogonal to seismic action, J is the inertia 

moment of slab section, As is the shear area of section slab, Ec is the elastic modulus 

of slab material (it can be a bit different from Ec defined in the Chapter 2, considering 

that the slab as in figure 3.13 is composed by RC and hallow clay blocks) and Gc is the 

shear modulus of slab material. The struts are ruled by the following equation:  

K =
E A

L
 (3.11) 

where Es is the elastic modulus of strut material, Ls is the length of strut and As 

is the area of section strut. If Kslab is equivalent to Kslab, the As is the unique unknown 

term of the equation and it is:  

A =
L

L′
12 J E + L′

A G 퐸
  (3.12) 
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Fig. 3.17 – struts model 

 

Subsequently, with the development of the FE software, some authors devel-
oped methodology for modelling the floor system through micro-models and macro-

models. The first one is surely the most complex and wasteful, from the computational 

efforts point of view and it is made through solid FEs. This kind of model allow of mod-

elling each element of the floor system, assigning to each element the proper geomet-

rical and mechanical properties. Furthermore, it is the best approach for predicting the 

results of experimental tests, as shown in (Pecce et al., 2017). The second one is lower 

dispendious of the previous and it is constituted through shell elements. This kind of 

model is more usable in the FE model, also by practitioners, and it is able of accounting 

for the geometrical and mechanical properties with simplifications. Usually, it should 

be calibrated based on experimental tests or the behaviour showed by micro-models. 

Figure 3.18 shows a case of micro-model (Pecce et al., 2017) and a case of macro-

model (Fleishman and Farrow, 2001). Generally, the main advantage to use micro or 

macro-models, rather than using simple methods such as the strut model, is due to the 
necessity of investigating the in-plan stress states of elements that constitute the floor 

system, under horizontal actions and the possibility of performing the effective verifi-

cation of ones.  
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Fig. 3.18 – Examples of micro-model (Pecce et al., 2017) and macro-model (Fleishman and Farrow, 
2001) 

 
3.4.2 Proposal of a procedure based on an equivalent orthotropic shell 

Based on the scientific literature and what about written in the previous sec-

tions, the effects of in-plan deformability cannot be neglected a-priori, especially when 

the aim of analysis is the vulnerability assessment of existing RC buildings. To this 

scope, a correct numerical model of floor system in RC buildings, which simulates the 

real structural response, should be composed by an in-plan element, which has the 
real in-plan stiffness of the floor system and it can behaves as rigid and deformable, 

depending by several boundary conditions. In addition, as showed in the previous sec-

tion, floor system performance has a strong dependence by minimum and maximum 

in-plan displacements, caused by horizontal actions. The aim of this section is to pro-

pose a numerical procedure for calibrating a shell element to use in FE models, able to 

explore and simulate the effective in-plan deformability, in all possible configurations 

(rigid or not). In particular, due to the nature of the slab typology investigated (figure 

3.13), an orthotropic material will characterize the shell element, which will have an 

equivalent thickness dependent from the numerical analyses. It is worth mentioning that 

the following analyses and models are based only on numerical procedures and eval-

uations made by the author and they are not based on experimental tests, due to their 

leakage in the scientific literature. For our scope, an accurate micro-model was devel-

oped, according to the constructive features of an usual RC ribbed slab in existing RC 
buildings. In particular, the slab micro-model made was constituted by RC joists, which 

have constant dimension (height of 20 cm, width of 10 cm, spaced of 50 cm) and the 
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lightening blocks contribute is neglected (despite it is an important aspect, as show in 

(Pecce et al., 2017). The thickness of top concrete slab can be varied from 5 cm to 1 

cm, in order to emulate the possibility to have floor systems with a top concrete slab 

with null (SAP slab) or low thickness, as in some real cases of existing RC buildings. 

This latter condition can be caused by the presence in the floor system of hydraulic and 

electrical systems or human mistakes. Micro-model is based on a reference 3D solid 

model, which has dimension of 100x100 cm. It has been modelled using SAP2000 

software (SAP2000 manual, 2018) as shown in figure 3.19. The 3D reference model 

has been implemented through solid elements, which take into account the bending 

and the shear deformation. The dimensions of solid elements has a thickness of 1 cm, 
in order to simulate the thickness of the top concrete slab with the right dimension. The 

in-plan dimensions of elements are in the order of centimetre, for avoiding locking prob-

lems. The mesh chosen is fixed, assuring a maximum scatter of 3% in results, respect 

to a fitter mesh or same model with square elements. Material of reference 3D model 

can be fixed according with the user necessity. In the cases analysed, mechanical pa-

rameters of concrete chosen are defined according to class C25/30, as classified in 

EC8. Cubic compressive strength (Rc) of 30 MPa, Ec is 31467 MPa, shear modulus 

(Gc) is 11315 MPa and Poisson's ratio (ν) is equal to 0.2. Based on the scope of the 

micro-model, which is the assessment of the in-plan displacements ratio and the global 

response under horizontal actions, the modelling is in the elastic field. In addition, the 

influence of the steel was neglected, considering its low influence in the in-plan de-

formed shape, due to the effective role of ensuring the flexural out of plane capacity, 

besides the low interest of investigating problems as failures, slippages or others.  

 

Fig. 3.19 – Reference 3D micro-model (100x100 cm), with top concrete slab of 5 cm 
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In order to investigate the parameters, which influence the problem of the in-

plan deformability, the micro-model has been replied, in a new reference model, which 

is a one bay structure, with in-plan dimension of 300x600 cm and height of 300 cm.  

Edge beams, which have dimension fixed to 30x30 cm and same material of the slab, 

enclose the entire extension of slab and they are modelled through solid elements, 

meshed in accordance to the mesh dimension of slab elements. Once that the reference 

model is constituted, a first preliminary analysis has been carried out. In particular, a 

comparison with a similar frame model has been performed, in which the rigid floor 

assumption was imposed through an internal constraint. Figure 3.20 shows the refer-

ence models made with solid elements and frame elements. In the reference solid 
model, the total mass inserted is related to the slab self-weight, automatically computed 

from the software. In the frame model, after computing the same weight of the previous 

model, the mass is inserted through the application of a distributed load on a shell null 

linked to the storey nodes. Furthermore, despite the micro-model allow of computing 

the top concrete slab thickness variation, the following sensitivity analysis has been 

performed by using a fixed value of 4 cm. The choice is proper for testing the validity 

of the above prescription provided by NTC08, regarding to the constructive details 

about slab stiffness (the floor is rigid if the top concrete slab is ≥ of 4 cm).  

 

Fig. 3.20 – Reference models made with solid elements and frame elements 
 

The parameters firstly varied, each one per time, were:  

 Number of storeys: 1, 3 and 5; 

 In-plan shape ratio: 1:2, 1:3 and 1:4 (with unitary length of 300 cm); 

 Dimensions of vertical elements, as shown in table 3.1 
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Tab. 3.1 – Variation of vertical dimensions 

Vertical element Parallel direction (cm) Orthogonal direction (cm) 

Columns 30 30 
 40 30 
 50 30 
 60 30 
 90 30 
 120 30 

Walls length of bay 20 
 length of bay 30 
 length of bay 40 

 

For reducing the computational efforts of subsequent analysis, vertical resistant 

elements have been modelled with frame or shell elements. This latter case occurs in 

the cases of RC walls, where the shell elements have been meshed according to the 

solid beams mesh. It is worth mentioning that the numerical element used for modelling 

the RC walls is like “shell thick”, which simulate the behaviour of a thick-plate. This 

kind of FE is based on the Mindlin-Reissner formulation in which it is included the trans-

verse shearing deformation. Whether this is, the reason of using in the micro-models, 
different FEs from the solid ones is related to the sole necessity of modifying the vertical 

stiffness and thus, the relative stiffness among the floor system and the vertical ele-

ments. Furthermore, when models have more storeys, consecutive frame elements 

have been connected with a linear link, ensuring an equal displacement of the elements 

that converge in the node. It is worth specifying that the choices of the minimum di-

mensions of the reference model and the successive sensitivity analysis are in accord-

ance to observation on real RC (residential and school) existing buildings (or part of 

them) in Italy. This will be highlight later in this section, with reference to the application 

of the numerical procedure developed on a real case study. In addition, the values of 

columns dimensions have been imposed, varying the ratio between the sides from 1:2 

to 1:4, where this latter is the usual threshold for differentiating the vertical elements 

between columns and walls, according with EC8. Instead, regarding the walls, the di-
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mensions have been chosen based on the usual values observable in existing RC build-

ings or looking to retrofit solutions.  Coming back to the sensitivity analysis proposed, 

the first comparison has been performed in terms of modal parameters (T and M[%]) 

along the weak direction. Figure 3.21 shows two of the models made for the sensitivity 

analysis, such as the 3 storeys solid model and the 1 storey solid model with double 

in-plan shape of the reference model (1:4). The results are shown in figure 3.22a, 

3.22b, 3.22c and 3.22d, where the blue bars represent the results for the solid model, 

while the yellow bars represents the result for the frame model. The headings in ab-

scissa indicated the dimensions of columns and walls reported in table 3.1, with the 

specification for walls with the letter “W”. Generally, the parametric analysis provides 
the following indications:  

 As the structural vertical element dimensions increase, the floor become 

more flexible and Ts and M[%]s decrease, showing the importance that as-

sume this parameter in the evaluation.  

 For the reference model, the T of the solid model is higher than the one of the 
frame model. The M[%]s are comparable, but slightly higher in the case of 

rigid floor. In addition, it is evident that, when the vertical elements are con-

stituted by walls, there is a big variation in terms of M[%], due to the occur-

rence of the modal shift phenomenon; 

  As the number of storeys increase, the relative differences among Ts de-

creases, as soon as happens for the M[%]s. Furthermore, the M[%]s de-

crease in the models with more storeys, due to the influence of higher 
modes. For both Ts and M[%]s, the values of the solid models are slightly 

lower than the values obtained from the frame model, but the modal shift 

phenomenon does not occur, because the influence of the number of storeys 

increment is heavier of the vertical elements stiffness. The result of these 

evaluations is that the number of storeys increment, reduces the effect on 

the in-plan flexibility; 

 Increasing the in-plan shape ratio from 1:2 to 1:4, the differences among Ts 

of the two models are greater than the ones in the reference model, due to 
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the more flexibility. For the M[%]s the results is same to the one obtained 

from the reference model.  

 

In addition, the second aim of the sensitivity analysis has been to evaluate the 

in-plan displacement ratio of the models. To this scope, a horizontal action has been 

applied at each storey of the models, uniformly applied on the solid surface of edge 

beams. The value of the load is equal to 1 kN/m2 is, which is arbitrary and irrelevant for 

the scope of the work, considering that the models are elastic. All results are depicted 

in figure 3.23, where the light blue bars represent the models with columns while the 

red bars represent the models with walls. The results, in terms of in-plan displacement 

ratio, show that the λ is always greater than 2, in the cases of walls. For the columns, 

the value of λ increases as their dimensions increase and just in one cases, exceed the 

limit imposed from the International codes. 

 

 

Fig. 3.21 – Solid models made for the sensitivity analysis 
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Fig. 3.22a – Comparisons in terms of T and M[%] for 1 storey models 
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Fig. 3.22b – Comparisons in terms of T and M[%] for 3 storeys models 
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Fig. 3.22c – Comparisons in terms of T and M[%] for 5 storeys models 
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Fig. 3.22d – Comparisons in terms of T and M[%] for 1 storey models with in-plan shape ra-
tio of 1:4 
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Fig. 3.22d – In-plan displacement ratio results, increasing the number of storeys and the in-
plan shape ratio 
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For better investigating the behaviour of the floor system, a couple of real nu-

merical applications have been carried out, using the technique of the solid models. 

The main aim of these applications was of assessing how the presence of the RC walls 

(perimetric and C-shape) can influence the deformability of the floors. We can already 

anticipate that the more interesting results have been provided in the configurations 

with one storey, as just demonstrated from the sensitivity analysis. The first numerical 

application is a structure with in-plan dimensions of 600 x 1200 cm and height of 300 

cm. In particular, two bays in the short direction and one long bay in the long direction 

constitute the model, typical of existing RC building designed through old codes. Beams 

and columns have dimension of 30 x 30 cm. At the centre of the model, there is an 
opening, due to the presence of a C-shape wall, which simulate the presence of an 

elevator. The case investigated is depicted in figure 3.23, where the C-shape wall is 

simulated through shell elements (thick), meshed as the floor system. Regarding this 

case, a sensitivity analysis has been performed, varying the thickness of the wall (by 

using 20, 30 and 40 cm), keeping constant the opening dimension, and comparing the 

results, in terms of in-plan displacement ratio, with the ones obtained from the same 

geometrical model without the C-wall. This latter is the new reference model, only for 

the next evaluations (see figure 3.23). 

 

Fig. 3.23 – First numerical application with C-shape wall, which simulate an elevator 
 

The second numerical application is similar to the first one, in terms of geom-

etry of structure and elements, with involvement of perimetric walls on the short sides 

of model (to substitute the external central columns), as shown in figure 3.24. In this 

case, the thickness of walls is equal to 30 cm, while the sensitivity analysis has been 
performed varying lateral dimensions of the walls (130, 230, 330 and 430 cm). Even 
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in this case, the results, in terms of in-plan displacement ratio, were compared with the 

ones obtained from the same geometrical model without the perimetric wall. 

 

  

Fig. 3.24 – Second numerical application with perimetric shear walls 
 

The evaluation of the in-plan displacement values, depicted in figure 3.25, con-

firmed that the problem of the floor flexibility cannot neglected in more case of existing 

RC buildings (in green the result of the new reference model and in brown the results 

of the sensitivity analyses). In fact, in the first case, the C-shape RC wall with constant 
opening in the floor, as the wall thickness increases, the floor becomes more flexible, 

exceeding the value of λ equal to 2 for ordinary values, as 30 cm. At the same way, in 

the second case, the addition of RC walls on the structure perimeter, provides the same 

effect, as the wall length increases, exceeding the value of λ equal to 2 for a dimension 

of a little more of 200 cm. It is worth mentioning that the sensitivity analyses performed 

on simplified models and numerical applications, do not characterized by torsion phe-

nomena. With this regard, it has been not considered the possibility of having in-plan 

rotations, due to the kind of action applied and to the application of shear walls in sym-

metric way. This latter has been accounted for a perspective of retrofit solution, where 
the insertion of RC walls has the rule of regularizing the dynamic behaviour of building 

and of increasing the horizontal strength of it. This choice is usual among practitioners, 

for the simplicity in computation and in-situ application. 
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Fig. 3.25 – In-plan displacement ratio results for the two numerical applications  
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Once that the influence of some parameters has been assessed, as the dimen-

sion of vertical elements, the in-plan shape ratio and the number of storeys, the ortho-

tropic nature of the slab typology investigated has been taken into account. In fact, 

another fundamental parameter in the estimation of the in-plan displacement ratio is the 

orientation of the joints of the slab. In particular, this parameter assumes relevance with 

regard of the loading direction. Hence, all models developed in the parametric analysis 

have been loaded (through the load above descripted), in both parallel and orthogonal 

directions, showing different effects in the in-plan deformability and in particular in the 

values of the in-plan displacement ratio. It is worth mentioning that in the first sensitive 

analysis, the load was parallel to the joists orientation and directed along the short 
direction of the simplified model. For studying the effects due to the variation of the 

joists orientation, the model has been modified, rotating of 90 degrees the solid ele-

ments (see figure 3.20 for the first configuration), as shown in figure 3.26, in order to 

always loading the model along the short direction. 

 

Fig. 3.26 – Solid model with variation of the joists orientation 
 

The results of the sensitivity analysis showed that floor system is more flexible 

when the loads act perpendicularly of joists direction. In fact, in this case, the bending 

stiffness of joists has a little influence on in-plan displacement, while in the opposite 

case, the in-plan displacement ratio is smaller than the previous one, because the axial 

stiffness of joists participates to reduce the maximum in-plan displacement. This result 
can sounds strange, considering that one would expect that the stiffness of the floor 

joints (mostly axial) would increase the in-plan stiffness of the slab when the joints are 

perpendicular the direction of seismic loading of floor diaphragm. The reason of this 
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difference is mainly due to the absence in our model of lightening blocks. In fact, as 

shown in (Pecce et al., 2017), the influence of the lightening blocks provides results 

opposite to the ones here obtained. On the other hand, in our initial assumptions, it is 

neglected the lightening blocks influence. In addition, the usual methodology of design-

ing of the slab elements does not provides the consideration of the hallow clay blocks. 

Lastly, as just mentioning, the scientific literature about the topic is not exhaustive, 

considering the absence of experimental tests on the particular floor system analysed, 

which is widespread just in some geographic areas, like Italy. Based on the results 

obtained from the sensitivity analyses, the next step of this work is to provide a fast 

method for practitioner, in order to simulate in the FE model the real behaviour the floor 
system, avoiding any initial hypotheses. In particular, the proposal is a numerical sim-

plified procedure, able to provide an equivalent shell thickness of orthotropic material. 

With this regard, the equivalent shell should be a homogenous layer, with unitary thick-

ness and faithful to the behaviour provided by the micro-model. Furthermore, the shell 

should be “thick”, as well as able to simulate the behaviour of a thick-plate, following 

the Mindlin-Reissner formulation in which transverse shearing deformation is ac-

counted (as assumed for the RC walls). With these goals, the idea consisted into reply 

all micro-models, developed for the above sensitivity analysis, as equivalent macro-

models, obtained modelling the slab as shell and varying the shell thickness up to have 

the same results in terms of in-plan displacement ratio. In other words, in SAP2000 

software, same applications have been modelled as macro-models, with same hori-

zontal loads and boundary conditions. In particular, edge beams dimensions have been 

modelled through frame elements with fixed dimension of 30x30 cm (according to the 
dimensions used for the micro-models) and vertical element dimensions have been 

varied as in table 3.1. Shell elements have been meshed using square FE having di-

mensions of 50 cm. Assigning to trial a value of shell thickness, it is gradually varied, 

in order to obtain the same in-plan displacement ratio of micro-models, with a maxi-

mum error of 10% (in absolute value). This latter is retained a reasonable scatter, con-

sidering efforts of the iterative numerical procedure. For generalizing the above purpose 
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and making it prone for the practitioners use, a new numerical procedure has been 

proposed, as following summarized and graphically outlined in flow chart in figure 3.27: 

 For each “floor field”, defined as the part of floor encloses among minimum 

4 beams (two in one way and two in the other way) and below columns, a 

FE micro-model, using solid elements, is carried out; 

 In each analysed model, loaded with a fixed horizontal action, the maximum 
and minimum in-plan displacements are detected and the ratio between them 

is computed (in this paper “in-plan displacement ratio”); 

 For each application, an equivalent FE macro model is carried out. In partic-

ular, beams and columns are modelled with frame elements, while slab is 
modelled with shell elements. 

 Using in-plan displacement ratio, previously determined, shell thickness is 

calibrated. Assigning to trial a shell thickness value, the macro-model must 

have the same in-plan displacement ratio of micro-model; 

 If the differences between solid and frame models is greater than 10%, the 
shell thickness assigned must be changes. 

 

It is worth mentioning that the macro-models have been associated to a “floor 

field”, where the author means an isolated part of the structure, enclosed in a minimum 

of four beams, two in one direction and two in the other one. Clearly, it is possible to 

have floor fields with more columns under the floor fields, which in the micro-model 

must be condensed in the four external columns and the all beams in the four external 

beams, accounting for the geometrical information for computing the in-plan displace-

ment ratio. It can seem a simplification, but this concept is based on the observations 

about the existing RC buildings, where in a lot of case one can find a slab oriented just 

in one direction (the reference is to moment resisting frame buildings, with resistant 
elements oriented only in one direction). Then, it is justified the use of the in-plan dis-

placement ratio, where the minimum in-plan displacement is strongly dependent by 

vertical elements stiffness, while maximum in-plan displacement is strongly dependent 

by in-plan elements stiffness. Furthermore, for the models with more levels, the value 
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of in-plan displacement ratio takes into account is the one at the first level, considering 

that on the upper storeys, this value is always lower. 

 

Fig. 3.27 – Flowchart of the proposed numerical procedure   
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Using this methodology, for the cases performed in preliminary analysis, a 

summary of equivalent shell thickness is presented in the graphs in figure 3.28, which 

have in abscissa the “inertia moment of vertical elements” and in ordinate the thickness. 

The inertia moment of vertical element is the sum of inertia moments of each vertical 

structural element under the structure considered. The choice of this parameter is due 

to the strong importance of relative stiffness between vertical and horizontal elements. 

However, for what above written regarding to the floor fields, being sure that vertical 

elements under the floor field were usually designed based on the vertical loads, it is 

rather sure that, under a big floor field there is a total vertical inertia greater than the one 

under a little floor field, also with the same in-plan ratio. Each graph of figure 3.28 
shows three curves, where each curve is representative of one value of in-plan shape 

ratio. Difference between graphs is due to loading direction, with regard to the orienta-

tion of the joists. Each graph has been defined considering both top concrete slab thick-

ness and loading direction fixed. In particular, in the graphs, each star points out the 

value of equivalent shell for a model with dimension of vertical element shown in table 

3.1. For clarity of image, the points of the models with columns of 40 cm and 50 cm 

are not depicted in the graphs. Furthermore, the figure takes into account the models 

with more levels, considering the possibility of using the value of in-plan displacement 

ratio obtained for the models with one storey in a conservative way, as abovemen-

tioned. For same model, a practitioner can enter into the two graphs with same inertia 

and obtains the equivalent shell thicknesses resultant. Whereas the thicknesses in out-

put are different for the two directions, but in numerical model the slab must be only 

one, practitioner can assume the smallest shell thickness (usually the dimension ob-
tained loading orthogonally to slab orientation) and change the elastic properties of 

material in the other direction. To this scope, one can follow the relationship below: 

E =
h
ℎ

 퐸  (3.13) 

where “o” and “p” point respectively orthogonal and parallel. Using the equation 

3.13, an orthotropic concrete material is defined. In particular, in direction where thick-

ness is higher, a higher value of modulus E (and consequently G) is determined, main-

taining the shell thickness constant (lower value).  
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Fig. 3.28 – Graphs defined through preliminary analysis, to determine equivalent shell thick-

ness (fixed top concrete slab produce equal to 4 cm; loading orthogonal and parallel). 
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The terms in eq. 3.13 are the parameters that describe the in-plan stiffness of 

slab and, in this way, the in-plan deformability of slab in both directions is insured, 

coherently to what obtained by FE micro-model results. Clearly, in some cases, the 

thickness of equivalent shell provided by fig. 3.28 can be lower than the real thickness 

of top concrete slab. For this method, which is a numerical method, this evidence can 

be acceptable because, as just widely shown, the value of shell thickness is strongly 

dependent by the dimension of vertical elements, according to FE micro-model results. 

In order to verify the effectiveness of the new simplified procedure to define an 

equivalent shell thickness with orthotropic behaviour, summarized in the graphs in fig-

ure 3.28, an existing RC building has been analysed. The case study is an existing RC 
school building located in Castelluccio Valmaggiore (Province of Foggia, Puglia, South-

ern Italy), which has a plant inscribed in a rectangle of dimension 20.00x27.85 m, 3 

floors above ground and a pitched roof with total height of 14.00 m. The structure, built 

in the 60s’ in the absence of specific seismic codes, was designed considering only 

vertical loads and it is constituted by RC frames with beams and columns. The 

knowledge of the building is due to the investigation performed within an Agreement 

between “AdB Puglia” and “Polytechnic University of Bari”, in which vulnerability anal-

yses on some school buildings in the Province of Foggia were carried out, in order to 

develop guidelines for the vulnerability assessment of existing buildings (Mezzina et al., 

2011). Dimensions of the structural elements, design loads and mechanical parameters 

of materials (determined through in-situ investigation on concrete elements and steel 

rebar's) are summarized in table 3.2, where B and H are the dimensions of beams and 

columns, G1 and G2 are the gravity permanent loads, Q is the live loads and Qs is the 
snow load. The foundations are constituted by plinths connected by beams, while the 

orientation of elevation beams is in just one way. Staircase has been modelled consid-

ering its influence, in terms of masses, on competence beams. The slab typology of 

building is a RC ribbed slab, with constant joists dimensions (height 20 cm, width 10 

cm, spaced 50 cm) and thickness of top concrete slab of 4 cm. The structural model-

ling of the case study has been performed by using the FE software SAP2000. Beams 

and columns have been modelled as one-dimensional frame elements, assuming fixed-
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end restraints at the base of the columns. On each floor, horizontal joint forces of 1 kN 

(it is not important the value of the forces, because the analysis will be linear) have 

been applied in one direction (weak axis), in order to simulate a constant load profile 

over the height of building. The numerical model has been duplicated, in order to con-

sider and not the rigid floor assumption. In fact, in one model, an internal rigid dia-

phragm constraint at each floor has been inserted, while in other model, through the 

procedure described, shell elements have been defined and inserted. Shell elements, 

which simulate the slab, have been meshed in square elements with dimension of 50 

cm, coherently with shell mesh of macro-models.  Frames, directly linked to shell, have 

been meshed coherently with slab mesh, for obtaining the correspondence of each 
joint. For calculating the thickness of equivalent slab, the first operation has been to 

determine the in-plan shape ratio of each floor field including among beams, as indi-

cated in figure 3.29. 

 

 
Fig. 3.29 – Floor configuration of the case study, with indication of each floor field 
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Tab. 3.2 – Dimension of the structural elements, design loads and mechanical parameters of 

materials 

Level Elements B (mm) H (mm) Materials (MPa) Loads (kN/m2) 

Ground 
floor 

Columns 

500 500 

f’cm: 9,3  
f’ym: 430  

G1 = 3.50  
G2= 2.50  
Q = 3.00  

400 400 
400 500 
400 600 

Beams 
400 600 
400 500 
500 400 

First floor 

Columns 
400 400 

f’cm: 9,3  
f’ym: 430  

G1 = 3.50  
G2= 2.50  
Q = 3.00  

400 500 
500 500 

Beams 

400 400 
400 500 
400 600 
400 800 

Second 
floor 

Columns 

400 400 

f’cm: 9,3  
f’ym: 430  

G1 = 3.00  
G2= 2.00  
Q = 0.50  
Qs = 0.80  

 

400 500 

500 500 

Beams 
400 800 

400 500 
 

Considering that the floor fields identified regard the cases already analysed in 

preliminary analysis, it is possible to apply the procedure proposed using graphs in 

figure 3.28. Choosing the curve corresponding to in-plan shape ratio and considering 

the inertia of vertical elements under each floor part, two thicknesses of equivalent shell 

can be defined, for loading parallel and orthogonal to joists orientation. Subsequently, 

the thickness detected in the direction orthogonal to joists orientation has been as-

sumed as equivalent shell thickness, while other thickness is used to define different 
elastic parameters of materials (Ec, Gc) in the other direction, according to eq. 3.13. 
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The results of the application of procedure is summarized in table 3.3. It is worth ex-

plaining the differences between floor fields that have the same in-plan shape ratio, also 

if the dimensions are different. For example, if one consider, in the case studied, the 

floor fields n.2 and n.6 (according to figure 3.29), they present two different areas, but 

a ratio between the sides is same and then, the ratio is 1:2. The variation of thickness 

and mechanical parameters of the 2 equivalent shell thickness (for the 2 floor field 

considered above) is due to value of vertical inertia (it is the sum of the inertia columns 

under the floor field considered) and the slab orientation. 
 
Tab. 3.3 – Values of thicknesses of floor fields and modified elastic parameters for defining the 

orthotropic shells  

Floor field In-plan shape ratio Thicknesses (cm) Elastic parameters (MPa) 

1 1:3 Ortho = 4,3 
Parallel = 5,4 

Ep = 26967,6 
Gp= 13219,4 

2 1:2 Ortho = 3,9 
Parallel = 5,0 

Ep = 27531,0 
Gp= 13495,6 

3 1:2 Ortho = 4,2 
Parallel = 5,3 

Ep = 27098,4 
Gp= 13283,5 

4 1:2 Ortho = 3,0 
Parallel = 4,5 

Ep = 32211,3 
Gp= 15789,9 

5 1:2 Ortho = 3,2 
Parallel = 4,6 

Ep = 30869,2 
Gp= 15131,9 

6 1:2 Ortho = 3,2 
Parallel = 4,6 

Ep = 30869,2 
Gp= 15131,9 

 

Comparison between models defined, with rigid floor assumption and not, are 

showed in the table 3.4, in terms of modal parameters as T and M[%]X, M[%]Y and 
M[%]θ. The low differences (in the order of 10%) between models show that, in this 

case, rigid floor assumption is an appropriate hypothesis. Furthermore, even stress 

distribution over both vertical and horizontal structural elements is similar in both mod-

els. Clearly, using this shell element, the hypothesis of rigid floor can be avoid. The 
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comparison with rigid floor model has been done for demonstrating that the shell ele-

ment can be used in each case.  
Tab. 3.4 – Comparison between case study models with rigid floor assumption and not 

Model with rigid floor assumption Model with orthotropic shell 

1st mode – T = 0.6754 s 
M[%]x =9.3%; M[%]x =52.1%; M[%]x =24.0% 

1st mode – T = 0.6951 s 
M[%]x =3.0%; M[%]x =62.4; M[%]x =20.6% 

 
 
 
 
 
 
 
 
 
 

 

 
 
 
 
 
 
 
 
 

 

 

In order to clarify the role of a possible retrofit solution effect on structural re-

sponse, from the point of view of floor flexibility and considering the irregular dynamic 

behaviour of building investigated, it has been hypothesized to insert RC walls of 40 

cm to the both small edges of the building, along the horizontal loading direction (weak 

direction). It is important to say that the addition of the two RC walls is one of possible 

retrofit solutions, which emphasize the behaviour of floor system. This choice is usual 

among practitioners, which have the aim to regularize the dynamic behaviour of existing 

structure and to increase the strength of the one. In addition, the addition of RC walls 

with irregular in-plan distribution does not make sense, such as only along one side, 
because it should be not a right retrofit solution. Even in this case, two FE models have 

been realized, considering and not the rigid floor assumption. RC walls have been mod-

elled as shell elements, meshed coherently with slab and frame mesh, for obtaining the 

correspondence of each joint. The numerical element used for modelling the floor sys-

tem is like “shell thick”, the same used for modelling the floor system. This choice is 

coherent with the modelling way of the sensitivity analyses. In figure 3.30, the two 

models with RC walls added are showed. The variation of vertical element dimensions, 
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leads that the equivalent shell thickness in same floor part must be recalculated, fol-

lowing the same procedure abovementioned. 

 

Fig. 3.30 – FE models with RC walls 

 

In terms of modal analysis, the comparison of results presented in table 3.5 

shows that, already from the fundamentals T, the difference are not negligible. In par-

ticular, the model with flexible floor has a first T higher than another one. In the same 
way to the previous models, the value of the fundamental vibration mode is shown. In 

this case, the inclusion of walls in the models cause the inversion of fundamental vi-

bration mode direction (in long direction), which is above indicated as modal shifting 

phenomenon.  

 
Tab. 3.5 – Comparison between models with RC walls, with rigid floor assumption and not 

Model with rigid floor assumption Model with orthotropic shell 

1st mode – T = 0.4565 s 
M[%]x =76.2%; M[%]x =0.0%; M[%]x =0.0% 

1st mode – T = 0.5467 s 
M[%]x =75.67%; M[%]x =0.0; M[%]x =0.0% 
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The main consequence of what shown in table. 3.5 is that the Sa(T1) can be 

very different, for the same building modelled through different initial hypotheses. In a 

practitioners perspective, for performing a linear response spectrum analysis or linear 

static analysis on a model as the our one, the flexible floor lead to have a first T greater, 

which correspond to a Sa(T1) shifted to right in the elastic spectrum. This observation 

can be evaluate differently, due to the case analysed. In fact, if the model has low period 

(compared to the plateau), the shifting of Sa(T1) can provide a seismic action greater 

than the one with rigid floor and the situation is conservative. On the other hand, if the 

model has high period (compared to the plateau), the shifting of Sa(T1) can provide a 

seismic action lower than the one with rigid floor and the situation is not conservative. 
For this latter case, structures with higher Ts can be the ones with more storeys and 

large mass or lower stiffness. For the cases with more storeys, as shown in the previ-

ous sensitivity analysis, the variation with the rigid floor model become minimum as 

the number of storeys increase and this means that the shifting is lower. For models 

with large mass or lower stiffness, the solution is not conservative, but the hypotheses 

of rigid floor could be initially assessed, always considering the general standards (in 

terms of geometrical, mechanical and vertical loading configuration) of these kinds of 

structures. Coming to talk about the case study, in figure 3.31 is shown the in-plan 

deformed shape of building with RC walls, with rigid floor and not, under the same 

loading condition. The results, in terms of structural behaviour, is strongly different, 

caused by the two different hypothesis made on floor system. In particular, the floor 

system in the model with slab made by shell elements, has a deformed shape at each 

level similar to the one obtained by a support beam under uniformly distributed load, 
usually called “arch effect”. In addition, stress distribution on structural elements, de-

rived by the same static analysis, is different between two models, as shown in table 

3.6 where is reported the percentage differences in terms of Vb distribution between 

walls and columns, under rigid floor assumption and not. Supposedly, rigid floor as-

sumption is not accurate in this case.  
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Fig. 3.31 – Comparison of in-plan deformed shape between models with RC walls, with rigid 

floor assumption and not 
 
Tab. 3.6 – Stress states differences between models, expressed in terms of total base shear 

percentage 

Model with rigid floor assumption Model with flexible floor 

Vb,walls (%) Vb,frame (%) Vb,walls (%) Vb,frame (%) 

98 2 89 11 

 

In order to verify the reliability of method proposed, same building with RC walls 

has been modelled using the “strut model”. Since not all floor parts are square (neces-

sary requirement for applying the strut model methodology), each one has been divided 

into square portions and, following the eqs. 3.10 and 3.11, the areas of struts were 

computed (similar for all levels). Assuming the struts as square, section dimension 

have been calculated through square root of areas founded, as written in 3.12. In table 

3.7 are summarized the dimensions of struts section for all floor field, numerated as in 
figure 3.29. In figure 3.32, the building with slab modelled through struts on each floor 

is showed. The choice of performing a comparison of results obtained from the use of 

equivalent shell with those obtained by a model where slab is simulated with a more 

consolidate method like the “strut model”, is due to the simplicity that this latter macro-

modelling method hides. In fact, this kind of modelling has the ability to predict the real 



124

global behaviour of structures, adding that the properties of the strut elements are 

simply computable.  
Tab. 3.7 – Dimension of struts for each floor field 

Floor field Dimension of struts (cm) 

1 35.34 
2 37.54 
3 45.23 
4 55.85 
5 35.62 
6 10.76 

Fig. 3.32 – Building investigated with slab modelled through equivalent struts 

Performing the same analysis on the model with slab simulated through struts, 

the results are shown in table 3.8 and 3.9, wherein is reported the comparison, respec-

tively, of the Vb distribution in frame and RC walls and the modal parameters.  

Tab. 3.9 – Stress states differences between models, expressed in terms of total base shear 
percentage 

Model with orthotropic shell Model with struts 

Vb,walls (%) Vb,frame (%) Vb,walls (%) Vb,frame (%) 

89 11 88 12 
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Tab. 3.8 – Comparison between case studies with RC walls, with slab modelled using bot 

orthotropic shell and struts 

Model with orthotropic shell Model with struts 

1st mode – T = 0.5467 s 
M[%]x =75.67%; M[%]x =0.0; M[%]x =0.0% 

1st mode – T = 0.5625 s 
M[%]x =76.18%; M[%]x =0.0; M[%]x =0.0% 

As foreseeable, the models are similar (with percentage differences in order of 

10%). In addition, the in-plan deformed shape of strut model is strongly similar to the 

one obtained by model with equivalent shell, as depicted in figure 3.33. 

Fig. 3.33 – In-plan deformed shape of the strut model, under horizontal actions 

It is worth mentioning that the difference between the model proposed and strut 

model is due to the possibility of displaying the distribution of in-plan stress states, 

which does not be provided by a model with struts. The main advantage of the equiva-

lent shell of orthotropic material is that, by using a computational source that wants 
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low efforts, it is possible to carry out local and global assessment of top concrete slab 

and joists. Furthermore, also the stress distribution in the slab elements is greatly dif-

ferent from results obtained by model with rigid floor assumption. Figure 3.34 shows 

the in-plan stress states of a floor system of the case study. Near to the figure, it is 

provided a grey scale with both tensile state of light colour and compression states of 

dark colour. The values attached to the grey scale are based on the horizontal forces 

applied with values above provided. The in-plan stresses distribution shows the arch 

effect, in the case of retrofit solution with RC walls.  

Fig. 3.34 – In-plan stresses distribution of building investigated under linear static analysis 

For concluding, the numerical procedure presented allow of computing an 

equivalent shell of orthotropic material for a RC ribbed slab with lightening blocks, 

based on a sensitivity analysis performed on micro-models. The main advantaged of 

the proposal are the possibility to avoid of a-priori fixing hypothesis about the floor 
stiffness, maybe according to indication of International seismic code. The use of meth-

odology, advantageous in the local and global assessment view, allow of computing a 

realistic deformed state of building under horizontal action, in elastic field. Generally, it 

can be used also in model with NL structural elements, in the case in which the aim of 

the analysis is to investigate the behaviour of structural element, overall when they are 
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subjected to retrofit solution. Here, it is usual to increase the dimension of vertical ele-

ments or their stiffness through reinforced material (as fiber-reinforced plastic). As 

shown in the case study investigated, the in-plan deformed shape obtained with a static 

linear analysis shows that the Vb distribution among vertical elements (columns and 

walls) results quite different. In the model with rigid floor assumption, Vb is almost 

completely assigned to RC walls while, in the model with equivalent shell, a larger part 

of Vb is assigned to frame system, as confirmed in the scientific literature. Lastly, a 

relevant advantage provided by the equivalent shell, compared to a more consolidate 

method for simulating the slab behaviour as “strut model”, is the exactly characteriza-

tion of the in-plan stress states of slab system, under horizontal actions, useful for the 
structural verification of elements that constitute the slab.  

3.5 Infill panels: behaviour under seismic actions 
The non-structural elements as the infill panels assume a fundamental role in 

the study of fragility and vulnerability of existing RC buildings. The observation after the 

earthquakes events showed that in RC buildings designed through old codes, the infill 

panels are usually “non-engineered”, which means that they are linked with the sur-

rounding frames, without presence of separation joints. This latter condition provides 

that masonry infills behave as structural elements, with an important and not negligible 

contribute to the seismic response of building. In particular, the masonry infills in ex-

isting RC buildings can induce a benefit, in terms of increasing of energy dissipation, 

stiffness and strength (Negro and Colombo, 1997, Kappos, 2000), with the result of 

reducing the horizontal displacement caused by seismic actions. On the other hand, 
the infill panels cause the increment of seismic demand, with consequent possibility of 

premature local collapse, induced also in the structural elements (without to forget the 

possible degradation of the bond-friction in the frame-infill contact length). In addition, 

in some cases, the infill panels can provide variation of global structural behaviour, 

such as the introduction of additional torsional actions of soft-storey mechanism in the 

cases of pilotis or short-column (Dolsek and Fajfar, 2001). With regard of these as-

pects, one should consider the effects after events, in which the structural behaviour of 
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a RC building can be strongly modified by a brittle failure of panels, which change the 

equilibria of the stresses in the building elements. That abovementioned suggests that 

the influence of infill panels cannot be neglect in a numerical model, which want to 

predict the global response of the building, despite this usually happen in a practice-

oriented analysis. In addition, the numerical model should account the nonlinearity of 

infill panels, considering the progressive degradation of strength and stiffness during 

cyclic loads. Regarding to the dynamic performance of infilled frames, it is important 

to consider that, the failures of infilled frames occurs for frequent earthquakes, with low 

intensity. This causes that the infill panels are subjected to a larger acceleration then 

the one at the ground, phenomenon that is amplified, in terms of possibility of failure, 
for the low ductility and the low damping capacity. At the same time, the T of building 

reduces, with consequent variation of Sa(T). Regarding to the code prescription, EC8 

and NTC08 consider that masonry infill are non-structural elements and, for this reason, 

they do not contribute in the lateral resistance. In addition, the codes mention that in 

the case in which the infill panels contribute in the lateral resistance, they should be 

taken into account in the seismic analysis. This aspect anyway is not ruled, with defi-

nition of fixed threshold for estimating when the damage collapse at DLS starts. In the 

last 60 years, a lot of researcher investigated this problem, developing FE models based 

on the results of numerical investigation. The relevance of the infills is also due to the 

paramount value, in terms of economic and human lives losses after seismic events, 

to whom the existing RC buildings are subjected. It is worth mentioning that in this 

view, one should consider both in-plan and out of plane response of infill panel to seis-

mic actions. The out of plane assessment needs of different characterization, such as 
shown in (Ricci et al., 2018 and reference therein), which is not focus of this thesis. 

The author is going to report information provided by most important works of scientific 

literature about the behaviour and in-plan response of infill panels (the literature is very 

extensive) and, in the next section, the numerical models proposed in the time. Con-

cerning to the behaviour of infill panels and surrounding frame, the possible failure 

mechanisms of masonry panels can be subdivided in shear, flexural and compression 

ones, while for the concrete frames, it is possible to have flexural, axial, shear failures, 
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besides to beam-column joints failures. In details, in order to consider the coupling of 

masonry panel and surrounding frame, as reported in (El-Dakhakni et al., 2003, Asteris 

et al., 2011) the possible failure mechanisms due to horizontal actions have been sum-

marized as follow. In particular, as shown in figure 3.35, it is possible to have the fol-

lowing possibilities: 

 Diagonal compression failure, which is given by diagonal cracks in the centre
of infill. This  kind of failure is usually due to the geometric properties of infill,

such as the slender;

 Diagonal cracking failure, which is identifiable through some cracks, along

to the compression diagonal of infill panel. This kind of failure is usually due

to weak frame or strong frame with weak infill of strong frame with strong

infill and weak joints;

 Sliding shear failure, which is given by a horizontal sliding along the bed joints
of infill. This kind of failure is usually due to the poor mechanical features of

mortar presents in the joints;

 Corner crushing failure, which exhibits crushing at the corners of infill. This

kind of failure is usually due to weak infill panel with strong elements in the

frame and weak joints;

 Frame failure crushing, which is given from by the plastic hinges in the sur-

rounding frame. This kind of failure is usually due to weak frame or frame

with weak joints.

The above list is the result of some numerical investigations, in which research-

ers, varying mechanical and geometrical parameters of their tests, observed these oc-

currences. The first studies about infilled frames was proposed in (Polyakov, 1960), 

where after experimental tests on infilled steel frames, the author suggested that the 
panel worked as a diagonal braced. In (Holmes, 1961) almost 15 full scale and small 

scale tests were conducted, under rocking and shear loading on infilled steel frames. 

The author confirmed what proposed in the previous research and proposed a method 

for computing an equivalent dimension of the braced for numerical models. In (Stafford-
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Smith, 1962) a set of three infilled frames was investigated and the author proposed a 

new method for computing the dimension of strut, which simulate the diagonal brace, 

accounting for the influence of the mortar and the panel stiffness. In (Mainstone, 1971) 

monotonic experiments on full scale tests of concrete infilled frames were performed 

and an empirical formulation for computing the dimension of the brace, dependent by 

relative stiffness between frame and infill panel and length of the diagonal brace was 

provided. 

Fig. 3.35 – Possible failure mechanisms of infilled frames under seismic actions 

In (Zarnic and Tomazevic, 1988), almost 30 specimens of bare and infilled 

frames were investigated through cyclic loads, accounting for the variation of materials 
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(clay and concrete blocks) and presence of openings. Comparing the bare and infilled 

frames, authors defined that the infilled one were characterized by greater strength and 

stiffness and lower ductility than the bare ones. In (Dave and Seah, 1989) authors col-

lected experimental results of precedent researches, analysing the influence of several 

variables, as the stirrups in the columns, the mortar strength, the gap between panel 

and beam, the friction between panel and frame and the openings in the panel. Authors 

concluded considering that, infill panels gave extra stiffness and a major ultimate 

strength and they provided observation about the variables considered, from the stiff-

ness and strength variation point of view. In (Crisafulli, 1997) the most common failure 

mechanisms were provided, due to his experimental tests data. In particular, author 
investigated the specimen through monotonic loads, assessing the stress states in the 

structural elements (e.g. columns of infilled frames had a bending moment almost six 

times greater than the same one in bare frames) and highlighted the behaviour of infill 

panels during the pushing, considering all elements. Finally, as shown in a subsequent 

work (Crisafulli et al., 2000), author provided the possible shear failures of infill panels 

and subsequently proposed a refined backbone curve with a hysteresis rule for cyclic 

loadings, all implemented on a numerical model. In (Kappos et al., 1998), 24 single 

storey RC frames (small scale) were investigated under cyclic loading, up to a dis-

placement of 3% of drift. Authors varied several parameters, as the slender of the frame, 

the thickness of masonry panels, the external force in terms of axial loading and longi-

tudinal reinforcement of columns. As result, it was provided a trilinear constitutive law, 

where the global shear response was computed as sum of the bare frame and the 

panel. This latter assumption, common in the research world, was better represented 
in the computation provided in (Gentile et al., 2018), where authors separated the con-

tribution of the masonry panels from the RC frame, through equilibrium equations, at 

each instant, of the internal vertical forces. In (Fardis and Panagiotakos, 1997), based 

on the constitutive law previously developed (Panagiotakos and Fardis, 1994), authors 

performed sensitivity analyses using NLD analyses on a 4-storeys building, varying the 

infilled panels (bare, partially and fully infilled). Authors evaluated the dynamic behav-

iour of case study, before and after the panel cracking and considering the variation of 
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the properties of the panels, in which there were weak and strong infills. Comparing 

their results with code prescriptions, authors assessed several irregular configurations, 

with global and local responses. With regard of weak infills, in (Calvi and Bolognini, 

2001), experimental tests on single storey specimens with weak infills were performed 

and the authors assessed that, inserting a little reinforcement, the seismic response of 

system had a great improvement. In (Dolsek and Fajfar, 2001) a study about the influ-

ence of the mechanical characteristics of infill panels on the seismic demand was pro-

posed, with the aim of considering the infill panels in the N2 method. In particular, a 

new relationship was proposed, accounting for a typical force displacement law with 

degradation of infill panels, developed in (Dolsek and Fajfar, 2004), which will be re-
ported in the next Section. Subsequently, the same authors (Dolsek and Fajfar, 2008a 

and Dolsek and Fajfar, 2008b) investigated a case study through deterministic and 

probabilistic approaches, in order to determine the influence of the masonry infills on 

the performance at several LSs. Regarding the probabilistic analysis, authors defined 

the failure probability, considering the uncertainties due to the properties of infill panels. 

The results of other experimental tests are reported in (De Risi et al., 2018, see refer-

ence therein), considering that the main aim of the tests are to calibrate a numerical 

model faithful to the real behaviour of infilled frames under seismic actions. 

3.5.1 Numerical models 
The seismic analysis of existing RC buildings, as just mentioned in the previous 

Section, should account the presence of infill panels, overall with regard of seismic 

performance for serviceability LS. For considering the infill panels in the FE models, 

one should insert numerical elements, able to account the properties of the masonry 
panels and to predict both local and global response of building and its parts. In this 

frame, the scientific literature provides several techniques for modelling the masonry 

panels, also considering the orthotropic nature of the material, due to the presence of 

two materials: brick and mortar. Generally, it is possible to distinguish three kinds of 

modelling (figure 3.36), basing on the accurateness level that one want to reach:  
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 Micro-models (micro-scale), in which brick and mortar joints are modelled

as discrete FEs and the interface between the above elements are modelled

as interface element. All numerical elements are modelled as NL, with as-

signment of NL stress-strain constitutive law;

 Simplified Micro-models (meso-scale), in which only the bricks are modelled
as discrete FEs, while mortar joints and interface are considered as an unique

interface model, among the bricks. All numerical models are modelled as NL,

with assignment of NL stress-strain constitutive law;

 Macro-models (macro-scale), in which all elements are condensed in a

unique numerical element that should account for all possible mechanisms.
In particular, it is possible to have a homogenized model, wherein bricks,

mortar and interface are condensed in an unique discrete FE or a strut model,

which is an equivalent diagonal brace, to whom assign elastic and inelastic

properties based on the observation of the seismic load path in the frame.

Fig. 3.36 – Modelling kinds for the masonry panels 
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The micro-models present a greater accurateness than the macro-models, but 

the computational efforts are elevated. In fact, in the practical application, the most 

used method is the macro-model with equivalent struts, due to its simplicity and ver-

satility to simulate a lot of properties highlighted in the scientific literature. On the other 

hand, this kind of modelling presents some problems related to the elevated variability 

of the parameters for defining the linear and NL parameters (usually one can have no 

physical correspondence with the reality) and the kind of failure to account. In this 

section, the author is going to describe some features related to the infill modelling with 

struts, not reporting information about the micro-models, because not used in the prac-

tice. Regarding to the definition of equivalent struts, the necessary parameters for the 
modelling are summarized below, as provided in (Uva et al., 2012): 

 The width of the strut (bw);

 The constitutive relationship of the panel and hysteretic behaviour to cyclic

loads;

 The number of struts used.

Concerning to the geometrical definition, the section of a strut is usually rec-

tangular with sides composed by the transversal dimension of the panel and bw. A lot 

of researchers provides in the scientific literature criteria for computing bw. It is im-

portant to specify that the role bw in a FE model is to provide a real prediction of the 

initial stiffness of the undamaged panel (elastic field). The most simple formulation of 

this quantity were provided in (Holmes, 1960), where bw =0.33d, in (Paulay and Priest-
ley, 1992), where bw =0.25d and (Penelis and Kappos, 1997) where bw =0.20d. In 

these latter formulations, d represents the length of the diagonal strut, measured be-

tween the opposite nodes of the frame. Some authors, for accounting the mechanical 

and geometrical parameters of the infill panel and the surrounding frame, provided for-

mulations for defining bw. In (Stafford Smith, 1966) author computed the bw as function 

of the relative stiffness between frame and panel (λ), defines as: 

λ =
퐸 푡 푠푖푛2휃

4퐸 퐼 퐻

(3.14) 
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where Ew is the elastic modulus of masonry, Ec is the elastic modulus of con-

crete, tw is the thickness of the panel, Ic is the moment of inertia of the column, Hw is 

the height of the panel and θ is the slope of the diagonal strut. Based on the λ, some 

formulation were proposed, such as in (Mainstone, 1971 and after adopted in Klingner 

and Bertero, 1976) where: 
b = 0.175푑(휆퐻 ) .  (3.15) 

In (Kadir, 1974) the parameter λ was subdivided in two parts, dependent from 

the columns and beams of the surrounding frame. In particular, the λ computed in eq. 

3.14 was considered as λc (for the columns), while the λb (for the beams), was defined 

as:  

b =
휋
2

1
4휆

+
1
휆

(3.16) 

In (Dave and Seah, 1989) a similar formulation to the previous one was pro-

posed: 

b =
2휋
3

푐표푠휃
휆

+
푠푖푛휃

휆
 (3.17) 

In (Bertoldi et al., 1993), authors provided a formulation for accounting the re-

sponse of masonry panels under cyclic loads, as function of two parameters k1 and k2, 

which are dependent from the value of λ. In particular, the formulation was proposed 

in the following equation: 
푏
푑

=
푘
휆퐻

+ 푘  (3.18) 

In (Flanagan and Bennet, 2001), the formulation of the strut area (A) was pro-

posed, as function of an empirical constant C, which varied based on the in-plan drift 

displacement: 

퐴 =
휋푡

퐶휆푐표푠휃
(3.19) 

In (Papia et al., 2003), in the formulation of bw, a parameter for considering the 

effect of axial stiffness was inserted, in addition to the lateral one. In particular, the 
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formulation depended from two parameters, called β and c, empirically calibrated. A 

new definition of λ was proposed, called λ*. In particular: 

b = 푑
푐
푧

(휆∗)  (3.20) 

휆∗ =
퐸
퐸

푡ℎ
퐴

퐻
퐿

+ 0.25
퐴
퐴

퐿
퐻

 
(3.21) 

where Ewθ is the elastic modulus of masonry, diagonally compressed, Ac is the 

section area of the adjacent column and  Ab is the section area of the upper beam.  

Concerning to the constitutive laws for simulating the NL behaviour of struts 

and NL hysteretic behaviour, several models were provided in the scientific literature. 

The most important solutions were the constitutive law proposed in (Panagiotakos and 

Fardis, 1996), and in (Bertoldi et al., 1993), as sown in figure 3.37. The first one is 
suggested in the EC8 and is actually the more used from practitioners. The second one 

is more complete, from the simulated mechanisms point of view.  

Fig. 3.37 – Constitutive law proposed by (Panagiotakos and Fardis, 1996) and (Bertoldi et al., 

1993) 

Four branches composed the force-displacement relationship proposed in 

(Panagiotakos and Fardis, 1996), where the first one represents the elastic stiffness 

and shear behaviour of un-cracked panel. The second branch represents the post-elas-

tic response with a reduction of the stiffness, due to the detachment between frame 

and masonry panel. The third branch represents a softening behaviour of the panel and 
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the last one simulate a residual axial strength, with a horizontal segment with a constant 

force. Following the indications of the figure 3.36, the initial stiffness k1 is computable 

as: 

푘 =
퐺 푡 퐿

퐻
(3.22) 

where Gw is the tangential elastic modulus of the masonry and Lw is the length 
of the panel. The yielding force Fy is given by: 

퐹 = 푓 푡 퐿  (3.23) 

where ftp is the tensile strength of the panel, evaluated after a diagonal tests. 

The yielding displacement is given by: 

훿 =
퐹
푘

(3.24) 

The second branch has the following stiffness: 

푘 =
퐸 푏 푡

푑
(3.25) 

which correspond to a maximum Force (Fm) and the related displacement: 
F = 1.3 ∗ F  (3.26) 

훿 = 훿 +
퐹 − 퐹

푘
(3.27) 

Finally, the stiffness of softening branch (k3), the residual force (Fr) and the 

ultimate displacement are given by the following assumptions: 
0.005k  ≤ k  ≤ 0.1k  (3.28) 

0 ≤ F  ≤ 0.1F  (3.29) 

훿 = 훿 +
퐹 − 퐹

푘
(3.30) 

Concerning to the constitutive law proposed in (Bertoldi et al., 1993), it was a 
quadrilinear force-displacement relationship, similar to the previous model, where the 

most important parameters are the Fm and km (according to figure 3.37). In particular, 

the previous parameters are given by: 
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푘 =
퐸 푏 푏

푑
푐표푠 휃 (3.31) 

퐹 = (휎 ) 푡 푏 푐표푠휃 (3.32) 

where Fm is function of the four possible failure mechanisms, identified as σw. 

In particular, the occurrence considered are the crushing at the centre of panel (σw1), 

the crushing of the panel corners (σw2), the sliding of horizontal bed joints (σw3) and the 

diagonal tensile failure (σw4), computable as below: 

휎 =
1.16 휎 푡푎푛휃

푘 + 푘 휆퐻 (3.33) 

휎 =
1.12 휎 푠푖푛휃푐표푠휃

푘 (휆퐻) . + 푘 (휆퐻) .  (3.34) 

휎 =
(1.2 푠푖푛휃 + 0.45푐표푠휃)푢 + 0.3휎

푘
휆퐻 + 푘

(3.35) 

휎 =
0.6휏 + 0.3휎

푘
휆퐻 + 푘

(3.36) 

where σm0 is the compressive strength of masonry infill, 휏m0 is the shear 

strength of the masonry infill, given by a diagonal compression test, u is a parameter 

that accounts for the sliding of the mortar joint and σ0 is the mean of the normal 

stresses, which acts on the panel. Besides these two solutions, which are the most 

used, other authors calibrated the force-displacement behaviours (cyclic and mono-

tonic). In (Paulay and Priestley, 1992) the force-displacement relationship of the strut 

was computed accounting for the mechanisms of diagonal tension cracking, bed joint 

sliding and diagonal compression, based on the axial force value. In (Saneinejad and 
Hobbs, 1995), a bilinear constitutive law was calibrated, as function of geometry of the 

frame, ductility and cracking and crushing loads. In particular, the maximum forces of 

the diagram parts were Fcr (cracking load) and Fmax (crushing load), while the maximum 

displacement was δcap (function of ductility). In (Crisafulli, 1997) a trilinear stress-strain 

backbone was proposed, based on the variation of several parameters, among which 
the axial force. In (Dolsek and Fajfar, 2008a) a trilinear constative law was proposed, 
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accounting for an elastic part, hardening and post-capping branch with null residual 

strength (unique consistent difference with the model of Fardis), based on a previous 

work of (Zarnic and Gostic, 1997). In particular, the maximum shear strength of the 

infill panels was computed with the following equation: 

퐹 = 0.818
퐿 푡 푓

퐶
1 + 퐶 + 1

(3.37) 

퐶 = 1.925
퐿
퐻

(3.38) 

Furthermore, they assumed the post-capping slope as 20% of the initial stiff-

ness, a capping displacement as 0.2% of drift ratio and Fcr as 60% of the same value 

in the work of Zarnic and Gostic. An important aspect of this constitutive law is that, to 

difference of the previous laws, Fmax is considered with its projection in the in the hori-

zontal direction, because the aim of authors was to insert in the infill law, the masonry 

contribute in the horizontal displacement of the infilled frame. Regarding to the cyclic 

behaviour, one of the first proposal was provided in (Klingner and Bertero, 1976) that 
proposed a NL hysteretic response of the strut, accounting the strength degradation 

and deterioration for the initial stiffness reloading. In (Panagiotakos and Fardis, 1996) 

a hysteretic model was proposed, based on interstorey force-interstorey drift relation-

ship. Using three empirical parameters calibrated, authors proposed a way for simulat-

ing the loading and unloading branches, with the above-described backbone. In (Cris-

afulli, 1997 and Crisafulli and Carr, 2007) a detailed cyclic model was proposed, able 

to account some failure mechanisms, such as strength and stiffness degradation, by 

observing a lot of cyclic experimental tests. In (Cavaleri et al., 2005 and Cavaleri and 

Di Trapani, 2014) a modification of the model of Bertero was proposed, where the 

cyclic behaviour was simulated through the Pivot model, accounting the pinching effect 

during the reloading. The branches of unloading and reloading were simulated as func-

tion of three parameters.  

Concerning to the number of struts, the use of a single strut is useful for de-
scribing the global behaviour of the building investigated, but it is not able to account 
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the local interaction between the masonry panel and the structural elements of the sur-

rounding frame. The major problem that a multiple struts model is able to solve, despite 

the increment of computational efforts, is a right computation of the stresses distribu-

tion between the frame and the masonry panel. This can totally modify the local behav-

iour of the frame, considering the cases in which the FE models are sensitive to the 

brittle shear mechanisms. Furthermore, by using a single strut model, it is not possible 

to predict failures in the beam-column joints. Generally, the force-displacement back-

bone of assigning to a multiple strut model, should be the same of the single strut one, 

but the bw should be reduced, which means a subdivision of elastic stiffness in the 

number of struts employed. Lastly, a main parameter to estimate is the distance from 
the node to the position of the end part of the struts, which can be different among 

different modelling ways. One of the first proposal was provided in (Symakezis and 

Vratsanou, 1986), where the authors used five parallel struts with a result of accurate 

estimation of bending moment on the frame elements, after an analysis on the value of 

the contact length. In (Zarnic and Tomazevic, 1988), a single strut model was per-

formed, but varying the slope of the strut, linked a beam-column joint with a point of 

the column, calibrated on the results of cyclic tests. In (Chrysostomou, 1991), in order 

to simulate the stiffness and strength degradation, author proposed a model with six 

diagonal strut, three for each direction (figure 3.38), where the external ones were po-

sitioned in a determined point of column, as function of a parameter, called α, directly 

dependent from the plastic hinge length. In (Saneinejad and Hobbs, 1995) a model with 

two struts was proposed, through the performance of a sensitivity analysis, in order to 

predict the influence of the limited ductility provided by masonry panel. In (Crisafulli, 

1997 and Crisafulli and Carr, 2007), for accounting the axial and shear behaviour of the 

panel, a macro-model was proposed, constituted by a four nodes linked by two struts. 

Between them, a shear spring was located, where it was function of shear friction 

mechanism (figure 3.38). This latter was calibrated based on shear stress, axial loads 
and geometry of the infill panel. The area of the struts and the contact length (Hz) were 

computed as function of the axial strut displacement, in order to estimate the cracking 

of the masonry infill. In (El-Dakhakhni et al., 2003), a model with three non-parallel 
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struts was proposed, in order to predict the interaction between masonry panel and RC 

frame, accounting for the right distribution of bending moment and a possible corner 

crushing of the panel.  

Fig. 3.38 – Multi struts model proposed in (Chrysostomou, 1991) and macro model proposed 

in (Crisafulli, 1997 and Crisafulli and Carr, 2007) 

For concluding, it is worth mentioning that the above parameters could not be 

used as the analyst wants, because for each research work, a different behaviour of 

the infilled frames was observed, with the development of the features of numerical 

models, due to different mechanical and geometrical parameters of the specimens. In 

our context, the focus is aimed to the strong infills, which can provide others effects in 

the global behaviour, as will show in the next Section. 

3.6 Interaction among principal, secondary and non-structural elements 
In the vulnerability assessment of existing RC buildings, as just mentioned in 

the precedent Sections, the modelling phase assume a key role, especially based on 

the initial hypothesis about the FE model, which should predict the real response of the 

case study, under seismic actions. With this regard, the use of practitioners is to carry 

out an unique numerical model, which can account or not for the real behaviour of 

principal, secondary and non-structural elements, with the final goal of estimating the 

performance of the building at different LSs. In some cases, this can be a pretentious 

way to do, also considering that the usual initial hypotheses, able to reduce the com-

putational efforts of the analyses, are not always conservative, such as explained for 

the floor deformability. On the other hand, a practice-oriented usage provide to perform 

the assessment procedure in a bit of time and in a conservative way, which is also the 
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philosophy of the technical codes. In fact, one has to think that the structural capacity 

of a building is given by the pushover curve with the lower CDR. In order to continue 

on this path, the scope of this Section is to try of defining how to change the global 

response of existing RC buildings, forgetting the usual hypotheses at the base of nu-

merical models. To this scope, the author is going to account for all elements in some 

FE models, which simulate real existing RC buildings, evaluating the results due to the 

interaction among primary (beams and columns), secondary (slab) and non-structural 

elements (masonry panels). Before of analysing a real existing RC building, in order to 

become familiar with the above issues, a sensitivity analyses is necessary. Considering 

that the behaviour of buildings, by considering the influence of secondary structural 
elements, as slab, have just been presented in a precedent Sections, to follow it is 

presented a preliminary sensitivity analysis about the global behaviour of infilled frames. 

In addition, knowing that the flexibility of the floor system is strongly influenced from 

the stiffness of vertical elements, the aim is to understand what could be the influence 

of the infill panels on the floor flexibility. The idea was the same to the one presented in 

(Uva et al., 2012), in which after a presentation of the scientific literature about the 

macro-models of infilled frames, a sensitivity analysis was performed, considering the 

variation of the main parameters that influence the NL modelling of struts, as the value 

of bw, constitutive law and number of struts. The results showed that, assuming differ-

ent hypotheses about the above parameters, some intervals in terms of pushover 

curves results were obtained. The analysis was performed on a frame extracted from a 

real existing RC buildings, where the mechanical parameters of the masonry infill was 

known after laboratory tests, among which the results of diagonal compression tests. 
The value of the masonry infill mechanical parameters are reported in table 3.9 and they 

will be used for all applications that follow. The sensitivity analysis proposed consists 

in a series of 2D pushover analysis on regular RC infilled frames, in which a reference 

model has been replicated, varying the following parameters: 

 Number of storeys: 2, 4 and 6;

 Number of bays: 1, 2 and 4.
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Regarding to the reference model of the frame, it is a simple trilithon frame, with 

height of 300 cm and span of 600 cm, according to the common dimension of the 

Italian existing RC buildings bays. Beams and columns were predesigned with a ca-

pacity design philosophy. In particular, beams have section of 40 x 40 cm, with longi-

tudinal reinforcement of 3Φ16 placed at top and bottom of section and transversal 

reinforcement made with stirrups of Φ6, with two braces. Columns have section of 40 

x 40 cm, with longitudinal reinforcement of 4Φ16 per direction, placed in each sides of 

section and transversal reinforcement made with stirrups of Φ8, with two braces and 

one pin. Mechanical parameters of concrete chosen are defined according to class 

C25/30, as classified in EC8, with fc equal to 24.9 MPa, Ec of 31467 MPa, Gc of 11315 

MPa and ν of 0.2. 
Tab. 3.9 – Mechanical parameters of infill panels 

Floor field Value (MPa) 

Elastic modulus Ew 3080 

Diagonal elastic modulus Ewθ 1495 

Shear modulus Gw 1233 

Tensile strength ftp 0.36 

Compression strength σm 2.5 

The numerical models have been made by using the FE software SAP2000, 

modelling beams and columns as frames, fixed at the ground with fix restraints and 

assuming the hypothesis of rigid floor through an internal constraint. The geometrical 

and mechanical nonlinearities were modelled through a lumped plasticity approach. In 

particular, at the section ends of elements plastic hinges have been placed, which are 
defined considering inelastic mechanisms of simple bending for the beams and a com-

bination of axial stress-bending stress for the columns. In both cases, the plastic hinges 

have been defined according to FEMA 356 rules (figure 3.8). Brittle mechanisms have 

been not accounted, as shear and beam-column joints, because the main aim of the 
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analysis is to predict the global response of the models, avoiding local failures. Con-

sistently with the previous affirmation, the masonry infills have been modelled through 

the employment of a single strut, linked between the opposite nodes. It is worth men-

tioning that, with the view of pushover analysis, the single strut was placed taking into 

account the pushing direction. Generally, an infilled frame model should be made by 

two cross struts, modelled with an half of the initial stiffness, for accounting that, the 

numerical elements for modelling the struts have the same behaviour for tensile and 

compressive actions. This kind of model is also the right way for the modal identifica-

tion of the case study. On the other hand, to use a single strut, which will be only 

compressed, is the most adopted and practical way in the field of pushover analysis.  
Concerning to the sensitivity analysis about infills, the parameters assumed are 

the following:  

 Constitutive law: (Panagiotakos and Fardis, 1996) and (Bertoldi et al., 1993),

as shown in figure 3.37;

 Value of bw: (Mainstone, 1971), as reported in eq. 3.15 and (Dave and Seah,
1989) eq 3.17.

The choice of constitutive law is not very arguable, due to they are the most 

used in the practical and scientific applications. Regarding to the choice of bw dimen-

sion, the above proposal have been selected because they were the smallest and larg-

est values among the methodologies proposed by the scientific literature. In fact, as-

suming a thickness of panel tw of 20 cm and using the geometrical and mechanical 

parameters above provided about frame and masonry infill, the values of the bw are the 

ones in table 3.10 (in bold the value assumed).  

Concerning to the numerical model of the strut, it has been modelled as truss 

element, which allows of having only compressive (or tensile) stresses and free from 

shear, torsional and flexural actions. The geometrical and mechanical nonlinearities of 
infills have been modelled through a lumped plasticity approach. In particular, in the 

central section of elements a plastic hinge has been placed, defined considering ine-

lastic mechanisms of axial ductile deformation. In the sensitivity analysis, the openings 
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in the panels have been not considered. Some of the numerical models made are shown 

in figure 3.39, while the numerical results of pushover curves, performed with a trian-

gular inverse load pattern, are shown in the graphs collected in figure 3.40a, 3.40b and 

3.40c, including the bare frame curve. In the legend of figures 3.40, the bare frame 

curve is indicated as BF, the constitutive laws of (Panagiotakos and Fardis, 1996) and 

(Bertoldi et al., 1993) are respectively indicated as PF and B, the bw of (Mainstone, 

1971) and (Dave and Seah, 1989) are respectively indicated as M and DS. 

Tab. 3.10 – Values of bw from the scientific literature, for the reference model 

Scientific literature bw value (cm) 

Holmes, 1960 221.37 

Paulay and Priestley, 1992 167.71 

Penelis and Kappos, 1997 134.16 

Mainstone, 1971 and 
Kinglier and Bertero, 1976 – eq. 3.15 

78.71 

Kadir, 1974 – eq. 3.16 239.26 

Dawe and Seah, 1989 – eq. 3.17 310.10 

Bertoldi, 1993 – eq. 3.18 201.56 

Flanagan and Bennet, 2001 – eq. 3.19 262.38 

Papia et al., 2003 – eq 3.20 239.33 
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Fig. 3.39 – Some of the 2D infilled frames models performed in the sensitivity analysis 

Figure 3.40a, 3.40b and 3.40c shows the possible structural response of the 

same cases, assuming different hypotheses about the infill modelling. In some cases, 

the results presented convergence problems, whit curves stopped after low analysis 

steps. 

Fig. 3.40a – Results of sensitivity analysis for 2 storeys models 



147

Fig. 3.40b – Results of sensitivity analysis for 4 storeys models 

Fig. 3.40c – Results of sensitivity analysis for 6 storeys models 
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From the structural response point of view, the curves with constitutive law of 

Panagiotakos and Fardis, presented a strut with strong behaviour, with regard to the 

maximum shear strength. Furthermore, using this latter, the value of the bw had negli-

gible influence, considering a lower difference for the initial stiffness and a post-elastic 

behaviour comparable. The differences become more important when the number of 

storeys increase. In the other cases, using the constative law of Bertoldi et al., the strut 

manifested a weak behaviour, with regard of the maximum shear strength. In addition, 

the results showed important differences of shear, using different values of bw. Lastly, 

as suggest by scientific literature, the curves trend to come back on the bare frame 

one, when the strut loses its capacity. Hence, the sensitivity analysis suggested of 
considering, in the analysis with flexible floor, a strut model modelled with a constitutive 

law of Panagiotakos and Fardis, independently from the relationship adopted for bw, 

considering that the case studies that are going to be shown are low-rise buildings. 

Then, the bw considered is the one of Mainstone, which is more common in the practical 

and scientific use. 

In order to assess the interaction among principal, secondary and non-struc-

tural elements, a first application have been performed on two existing RC school build-

ings located in the city of Lesina, Province of Foggia, Puglia, Southern Italy. Both build-

ings, built between the 60s’ and 70s, in the absence of specific seismic codes, was 

designed considering only vertical loads and neglecting constructive details able to 

cope the seismic action. They are constituted by RC frames with beams and columns 

and they have two storeys for a total height of 8.20 m. The first Building (E1) has an 

irregular in-plan shape, with significant re-entrances, inscribed in a rectangle of dimen-
sion 25.00 x 30.00 m, while the second Buildings (E2) has manly a regular in-plan 

shape, inscribed in a rectangle of dimension 26.00 x 9.50 m. The carpentries of both 

building are shown in figure 3.41. Dimensions of columns and beams, design loads 

and mechanical parameters of materials (determined through destructive and non-de-

structive in-situ investigation on concrete elements and steel rebar’s), was performed 

within the abovementioned Agreement between “AdB Puglia” and “Polytechnic Univer-

sity of Bari” (Mezzina et al., 2011). In this case, geometrical, mechanical parameters 
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and loads surveyed on the two buildings are shown in the table 3.11, where B and H 

are the dimensions of beams and columns, G1 and G2 are the gravity permanent loads, 

Q is the live loads. The dimensions of beams and columns do not vary from the first to 

second level. In both cases, plinths connected by beams constitute the foundations 

and the orientation of elevation beams is usually in one way. The slab typology of build-

ings is a RC ribbed slab, with constant joists dimensions (height 20 cm, width 10 cm, 

and spaced 50 cm) and thickness of top concrete slab of 4 cm. Concerning to the 

definition of mechanical parameters of masonry infill panels, the values used are the 

ones in table 3.9. Assuming that the masonry typologies are same for the same geo-

graphic zone, the considered parameters simulate the results of investigation tests (in 
situ and in laboratory), which provided the constructive features, materials and dimen-

sions of hallow clay blocks and mortars. In particular, the hallow clay masonry blocks 

are made with dimension 25 cm x 25 cm x 12 cm, while the mortar is constituted by 

Portland cement 325 and quarry sand.  

Fig. 3.41 – Carpentries of case studies E1 and E2 



150

Tab. 3.11 – Dimension of the structural elements, design loads and mechanical parameters of 

materials 

Case study Elements B (mm) H (mm) Materials (MPa) Loads (kN/m2) 

E1 

Columns 500 400 f’cm: 20 G1 = 3.50 
f’ym: 437 G2= 2.50 

Beams 400 600 Q = 3.00 

E2 

Columns 400 400 
300 400 f’cm: 24 G1 = 3.00 

400 750 f’ym: 450 G2= 2.00 

Beams 400 600 Q = 3.00 

400 900 

The structural modelling of the case studies have been performed by using the 

FE software SAP2000. Beams and columns have been modelled as one-dimensional 

frame elements, assuming fixed-end restraints at the base of the columns. FE models 

included the nonlinearity of materials and sections, simulated through a lumped plas-

ticity approach. In particular, at the end sections of elements plastic hinges have been 
placed, defined considering inelastic mechanisms of simple bending for the beams and 

a combination of axial stress-bending stress for the columns. In both cases, the plastic 

hinges have been defined according FEMA 356 rules, as shown in figure 3.8. Brittle 

mechanisms have been not accounted, as shear and beam column joists, because the 

main aim of the analysis is to predict the global response of the models, avoiding local 

failures. Concerning the floor flexibility, the slab has been modelled considering and not 

the rigid floor hypothesis. In particular, in the case of deformability (FLEX), the floor has 

been simulated through the strut model, as ruled by eqs. 3.10, 3.11 and 3.12, while in 

the case of rigid floor (DIAPH), an internal constraint in each floor has been considered, 

concentrating the mass in the geometric centre of storeys. It is worth mentioning that 

these struts have been modelled as linear, does not taking into account the possibility 

of local failure in the slab and considering that the focus is on the global behaviour. For 

considering the presence of infill panels in the structure, the single strut method has 
been adopted, employing single equivalent struts on the external sides, parallel to the 
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pushing direction showed in figure 3.41 and able to simulate the real compressive 

stress under horizontal actions, following a diagonal path. The dimension and nonline-

arity of the struts have been modelled as suggested by the previous sensitivity analysis. 

Based on the geometrical and mechanical parameters founded, for evaluating the influ-

ence of infill panels on the flexibility of floor system, the buildings have been modelled 

in the first phase as bare frame (BR), considering and not the rigid floor hypothesis. 

Subsequently, in the same models, the influence of infill panels have been taken into 

account (I). Finally, in order to exalt the strong behaviour of the infill panels and to 

evaluate the influence on the floor flexibility, a retrofit solution has been applied on the 

masonry, in order to obtain a system with infill reinforced panel (RP). Concerning to 
the retrofit method, as shown in (Fiore and Uva, 2013, Porco et al. 2014), one of the 

most common method adopted in the practice is the connection between the panel and 

the structural elements of the surrounding frame. In particular, this solution provides to 

reinforce the masonry panels through the insertion of strips of welded steel mesh com-

bined with connecting tassels along the top and lateral edges or application of rein-

forced plaster on the whole panel. The main role of the methodology is to avoid the 

problems related to usual consequence of seismic events, in which the infill panels can 

be strongly damaged. This solution provides a way for preventing out-of-plane over-

turning of the panel and reducing undesired local effects at the end sections of columns. 

On the other hand, the methodology varies the infill contribution to the lateral strength, 

incrementing in-plan stiffness and strength, and consequently, provide an increment of 

the vertical stiffness. In order to take into account the retrofit solution, the constitutive 

law of the reinforced infill panels should be modified, increasing the mechanical pa-
rameters of struts, in terms of force and displacement, then in terms of elastic stiffness. 

For the masonry, as shown in (Calvi and Bolognini 2001) and as provided in NTC08, 

for the case of reinforced plaster, a correction factor is equal to 1.3, which should be 

applied to the original mechanical parameters. In this case, for predicting the structural 

behaviour and the interaction among elements in play, the constitutive laws of rein-

forced infill panels were modified with an artificial preliminary analysis. In particular, the 

elastic stiffness of each equivalent strut has been incremented until to the single panel 
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can be considered strong and, at the same time, it has been calibrated in a way that its 

crushing occur at the middle of panel for compression, before that the structural ele-

ments reached the global mechanism. In particular, for the E1, the elastic stiffness has 

been incremented of a factor equal to 2.2, while for the E2 the incremental factor is 

equal to 1.5. The results attended in NL field are shown in Figure 3.42, where the “op-

tion 1” shows the capacity curve of system reinforced while the “option 2” shows the 

structural behaviour of a system with infill disconnected by the frame (retrofit solution 

coincident with the result obtained by the analysis on the bare frame). Hence, consid-

ering each case aforementioned and them combination, 6 numerical models have been 

investigated. Figure 3.43 shows the numerical models of E1 and E2, with modelling of 
equivalent struts for simulating the floor and equivalent struts for simulating the infill 

panels. 

  
 

Fig. 3.42 – Global structural response obtained in correspondence of the different reinforcement 
options for the infill panels (as reported in Porco at al., 2014)  
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Fig. 3.43 – Numerical models of E1 and E2, accounting struts for simulating slab and infill 
panels.  

 

Once that the models were made, NLS analyses have been performed on each 

model, according the pushing direction shown in figure 3.41. In particular, three load 

profiles have been adopted, as the unimodal, the triangular inverse and the uniform 

ones. For models with rigid floor assumption, the forces have been applied in the CM 

of each storey, while for the models with floor system modelled through struts, NLS 

analyses have been carried out, by applying at each node of storeys forces proportional 
to the nodal masses. The results of NLS analyses are shown in Figures 3.44a, 3.44b 

and 3.44c for E1 3.45a, 3.45b and 3.45c for E2, where the continuous lines represent 

the models with rigid floor (bare frame = blue, infilled frame = red, infilled plaster 

frame = green), while the dotted lines represent the same models without rigid floor 

assumption. 
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Fig. 3.44a – NLS analysis with unimodal load profile for E1 
 

 

Fig. 3.44b – NLS analysis with triangular inverse load profile for E1 
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Fig. 3.44c – NLS analysis with uniform load profile for E1 

 

 

 
Fig. 3.45a – NLS analysis with unimodal load profile for E2 
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Fig. 3.45b – NLS analysis with triangular invers load profile for E2 

 

 

Fig. 3.45c – NLS analysis with uniform load profile for E2 
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The results of analyses show that, for each load pattern, the difference of global 

structural response between models with rigid and flexible floor increases, when the 

parameters of equivalent struts are greater. This means that infill panels provide a con-

tribute, in terms of vertical stiffness, which emphasizes the flexibility of floor system. 

This contribute is accentuated for the cases of reinforced infill panels, where the dis-

tance between the rigid and flexible pushover curves are greater than the previous dif-

ference. The result of this difference between the curves, which is not very relevant, 

can be useful for better accounting the displacement related to the global mechanisms, 

for each LS. In particular, the difference between rigid e flexible models can be directly 

estimated, evaluating the formation of plastic hinges at certain values of displacement. 
In particular, with reference to figure 3.41, some significant 2D frame of the two build-

ings have been investigated, as soon as reported in figure 3.46a (E1) and 3.46b (E2) 

where, for values of roof drift equal to 1% (blue box) and 1,5% (red boxes), the plastic 

hinges formation is depicted. In particular, in the above figures, specific references to 

the LSs reached by each hinge are shown for the drift values considered and the rigid 

floor is represented with a thick line. The formation of plastic hinges in bare frame 

models is not reported, because the difference between rigid and flexible floor is negli-

gible. Figures show what above deduced from the pushover curves, where the effects 

of infill panels and of the reinforced infill panels (with greater influence) on the floor 

system deformability, lead to a variation of structural response, with different Vb for a 

fixed displacement (and vice versa). In table 3.12, this evidence is shown, taking into 

account the global yielding roof displacement for each model (only for the curves ob-

tained by triangular inverse load profile). Despite the difference among the pushover 
curves seems negligible, the Vb variation, at fixed displacement, reached values over 

10% and this result is most apparent in the plastic hinges evolution, where the formation 

of ones happened in different way, also considering the different stresses distribution 

among vertical elements and the continuous variation of stiffness distribution among 

vertical elements.  
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Fig. 3.46a – Occurrence of plastic hinges at fixed values of roof drift for E1 
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Fig. 3.46b – Occurrence of plastic hinges at fixed values of roof drift for E2 
 

Tab. 3.12 – Percentage variation of base shear at global yielding displacement 

Model Displacement (m) Base shear variation 
(%) 

E1 – B 0,015 0,45 

E1 – I 0,02 4,80 

E1 – RP 0,04 6,70 

E2 – B 0,017 0,55 

E2 – I 0,02 8,15 

E2 – RP 0,025 11,65 

 

These evidences show that the effective deformability of floor system is an im-

portant factor in the evaluation of seismic capacity of RC buildings and the rigid floor 

assumption cannot be considered always a realistic hypothesis, especially in the retro-

fitting cases. In fact, the deformability of floor system can be strongly accentuated in 
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the seismic retrofitting cases, where the practical solutions provide to reduce the hori-

zontal displacement through an increment of effective stiffness or strength (RC shear 

walls, damped braced or infill panels connected with the surrounding frame).  

A second application about the topic treated in this Section has been proposed 

and, in particular, another case study has been investigated. In particular, a RC school 

building located in the city of Manfredonia, Province of Foggia, Puglia, Southern Italy 

has been analysed. The building, always studied within the abovementioned Agreement 

between AdB Puglia and Polytechnic University of Bari for the vulnerability analysis of 

school buildings in the Province of Foggia (Mezzina et al., 2011), was built between the 

60s’ and 70s in the absence of specific seismic codes and it was designed considering 
only vertical loads, using old design philosophy. The building (shown in Fig. 3.47, in 

which is shown a photo) is constituted by RC frames and is completed by infill masonry 

panels. The school is inscribed in a rectangle of dimensions about 22.00 x 36.00 m, 

with 2 storeys, for a total height of 6.80 m. No significant re-entrances and recesses 

are present, and the building can be classified as “regular” both in-plan and in elevation. 

All geometrical features of the structural elements and mechanical parameters of ma-

terials were extensively investigated, with a full KL. In particular, the properties of ma-

terials were determined through destructive and non-destructive in-situ investigations 

on concrete elements (drilled core test, rebound hammer test, ultrasonic test) and steel 

reinforcement (tensile test, bending test). The floor system is constituted by a RC ribbed 

slab, with constant joists dimensions (height 20 cm, width 10 cm, spacing 50 cm) and 

thickness of top concrete slab of 4 cm. The orientation of floor system, which substan-

tially follows the short direction, is displayed in figure 3.47. Furthermore, the elevation 
beams are oriented in the two directions, favourable situation for the seismic actions. 

Isolated plinths constitutes the foundation system. All the significant geometrical and 

mechanical features of the case study are summarized in table 3.13. Regarding to the 

mechanical parameters of infill panels, the data used are the ones shown in table 3.9 
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Fig. 3.47 – Carpentry and photo of case studies here investigated 
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Tab. 3.13 – Dimension of the structural elements, design loads and mechanical parameters of 

materials 

Level Elements B (mm) H (mm) Materials (MPa) Loads (kN/m2) 

Ground 
floor 

Columns 300 650 f’cm: 24.60 G1 = 3.60 

Beams 300 700 f’ym: 440 G2= 2.40 

 900 300  Q = 3.00 

First floor 

Columns 300 650 f’cm: 24.60 G1 = 3.60 

Beams 300 700 f’ym: 440 G2= 2.00 

 900 300  Q = 3.00 

 

Regarding to the numerical model, it has been implemented by using the FE 
software SAP2000. For the structural elements, beams and columns have been mod-

elled through a lumped plasticity approach, by introducing proper plastic hinges located 

at the end sections of the elements. For beam elements, the inelastic mechanism as-

sumed has been only that due to simple bending, by defining a NL moment-curvature 

relationship. For the columns, the moment-curvature relationship has been computed 

by evaluating the combination of axial and bending stresses. In all cases, the plastic 

hinges have been defined according to the constitutive law provided by FEMA 356, as 

shown in figure 3.8. Even in this case brittle shear mechanisms and possible nodes’ 

failures have been neglected. The presence of infill panels has been considered by im-

plementing simple equivalent struts in the FE models. For each panel of the external 

sides, parallel to the pushing direction as indicated in figure 3.47, one strut was em-

ployed, linking the opposite nodes of the surrounding frame. The dimension and non-

linearity of the struts have been modelled as done for the precedent application, using 
the bw of eq. 3.15 and the constitutive law of Panagiotakos and Fardis. The focus of 

this application is to investigate the role of the floor flexibility in the global behaviour, 

taking into account the influence of the infill panels and a possible retrofit solution, 

through insertion of RC walls on a part of the sides of building (replacing the infill panels 

and united with the existing RC structural elements). In this case, the floor system has 
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been modelled in three different ways. The first one is the rigid floor, made through the 

insertion of internal constraint at each floor. This allows of concentrating the floor mass 

in the CM of storeys, ensuring the same displacement for each node. The second way 

reproduces the stiffness of floors by using equivalent struts. In particular, each floor 

field has been schematized by two equivalent diagonal struts, which connect the oppo-

site nodes. The struts had a square section with dimension computed according eqs. 

3.10, 3.11 and 3.12. Differently to the precedent application, the author tried to model-

ling the NL behaviour of the floor system. It is worth mentioning that the criterion used 

was the result of some evaluations and it was very simplified, because the strut model 

is usually adopted for elastic modelling. This can be acceptable also because the main 
aim of this work is to evaluate the global response and not the local ones. Hence, for 

simulating the NL behaviour, in each strut a plastic hinge has been placed in the central 

section, which took into account only the axial stress. This latter was defined using a 

constitutive law, which provides a perfect elastic-fragile behaviour, both in compres-

sion and tension, without ductility, according to the possible behaviour of an element 

not reinforced to shear. The maximum compression strength (Fc) depended from the 

area section of strut and strength class of concrete, while the maximum tensile strength 

(Fs) depended from the number of steel rebars in the equivalent area of strut, strength 

class of steel, diameter of steel rebar (Φs). The number of rebars (neq) in the equivalent 

struts have been evaluated considering an equivalence with the total reinforcement of 

the slab considered. The above criteria can be summarized in the following equations: 
퐹 = 퐴 ∗ 푓′  (3.39) 

퐹 = 푛 ∗ 푓 ∗ 훷  (3.40) 

In the third model the floor system has been made, by using the equivalent 

orthotropic shell, according to the procedure developed in the previous section. The 

thicknesses of the shells have been evaluated for each floor field, through the proposed 

numerical procedure and, subsequently, the values of orthotropic material have been 
calibrated, considering the differences in deformability terms in the two direction (dif-

ferent joists orientation). For accounting the NL behaviour of equivalent shell, the floor 

has been modelled by using shell thick elements, modelled with a NL fiber approach. 
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The concrete constitutive law, which characterized each fiber, has been considered 

according to the Mander model, while for the steel rebar, an elastic-plastic law with 

hardening behaviour has been used. Shell elements have been meshed using square 

FE elements having dimensions of 50 cm. The 3 floor system typologies are depicted 

in figure 3.48. Concerning to the infill panels, the FE models have been duplicated, in 

order to investigate the cases with and without (bare frame) infill panels, for a total of 

6 models. Subsequently, the numerical models with infill panels have been duplicated, 

for inserting the RC walls. The retrofit solution employed in this case, considered one 

of the most common adopted in the practical use for its design and phase of casting in 

place, consists in the addition of RC walls in a part of building perimeter. From the 
theoretical point of view, the RC walls are useful for reducing the lateral displacement 

under horizontal actions and, at the same time, for increasing the strength capacity of 

all structure. In addition, RC walls placed in symmetrical way on the sides of existing 

buildings can strongly regularize the dynamic behaviour, reducing the in-plan torsion 

phenomena. In our case, the additional RC walls were located on the short sides of 

building perimeter, according to the red filled boxes shown in figure 3.47. The RC walls, 

designed according to capacity design approach and inserted between the existing col-

umns, had the following features: thickness of 20 cm, concrete class 25/30, two layers 

of steel rebar with diameter of 1.6 cm along the two directions, steel class B450C, 

concrete cover equal to 4 cm. Concerning to the numerical modelling, an analogous 

procedure to orthotropic shell was implemented (NL fibres on shell thick elements).  

Rigid floor model Struts model Orthotropic equivalent shell 
model 

   
Fig. 3.48 – Floor systems employed in the FE models  
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The combination of the abovementioned hypotheses and proposals leads to 

have 9 FE models. For investigating the structural response of the FE models, each 

model has been investigated through NLS analyses only in the weak direction (accord-

ing to figure 3.47), using a triangular inverse lateral load pattern. For models with rigid 

floor, the horizontal load has been applied in the CM of each storey, while in the floor 

systems modelled through struts and equivalent shell, the horizontal load has been di-

vided among each node of storeys, using forces proportional to the nodal masses. 

Regarding to analyses on models with infilled panels, the equivalent struts have been 

placed in one direction, coherently with the pushing direction. The results of NLS anal-

yses on the bare frame and infilled models, by using the three modelling methodologies 
for the floor system, are displayed in figure 3.49. Figure 3.49 shows that in bare frames 

cases, the trend of capacity curves is similar for all models with different floor system, 

while in the infilled frames cases, the models with flexible floor are more deformable 

than rigid one. For this reason, the pushover curves (the dashed and dotted lines) man-

ifest a horizontal shifting to right of the curves peak point. This evidence was due to the 

“strong of infill panels” that influence the floor deformability, which increased the inertia 

of vertical system. Both graphs of the figure 3.49 show that the modelling, with struts 

and equivalent shell, provides same results. Furthermore, in this case, the differences 

between rigid and flexible floor are greater than the result obtained in the bare frame 

application, mainly due to the shape of this building, which has a rectangular extended 

in-plan shape. In addition, the pushover curves show that the models with flexible floors 

have an elastic stiffness lower than the one obtained by the rigid floor model. In partic-

ular, the difference is about 10% for bare frames models and about 20% for infilled 
frames model, with regard to the initial slope of pushover curve, assuming as reference 

the rigid floor model. This result is summarized in table 3.14, where the percentage 

difference of models are reported, in terms of δR, evaluated at maximum value of Vb 

and assuming as reference the rigid floor model.  
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Fig. 3.49 – NLS analyses results for bare frame and infilled models 
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Tab. 3.14 – Percentage variation of roof displacement, at maximum value of base shear  

Models compared  Bare frames – 
variation of δR (%) 

Infilled frames – 
variation of δR (%) 

Rigid floor – Strut model 3.85 34.19 

Rigid floor – Equivalent shell 2.67 36.71 

 

Regarding to the model with retrofit solution employed on the existing RC struc-

ture, as explained above, two RC walls have been added on building perimeters, with a 

length of 4 meters for the entire height of structure. The results of NLS analyses, using 

the 3 typologies of floor systems, are shown in Fig. 3.50, while in table 3.15 are shown 
the Vb percentage differences, for a fixed displacement of 1 cm, assuming as reference 

the rigid floor model. 

 

Fig. 3.50 – NLS analyses results for retrofitted with RC walls models 
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Tab. 3.14 – Percentage variation of roof displacement, at maximum value of base shear  

Models compared  Model with RC walls – δR of 1 cm – variation of 
Vb (%) 

Rigid floor – Strut model 17.10 

Rigid floor – Equivalent shell 16.60 

 

As shown for the infilled frame models, in the models with RC walls, the differ-

ence among capacity curves was strongly accentuated, with elastic stiffness different 

of about of 25%, assuming as reference the rigid floor model. The results obtained 

imply that FE models with different hypothesis about floor stiffness, presented a varia-

tion, in terms of Vb at a fixed δR, which is larger when the vertical elements are stronger. 

In addition, the evidences shown in figures 3.44 and 3.45, occurred also in this case 

(Figure 3.51), where increasing the stiffness of vertical elements, the differences 

among pushover curves with rigid and flexible floor increase. In the figure 3.51 is also 

note the differences, in terms of elastic stiffness that the retrofit solution provides to the 

stiffness. It can be interesting to observe the resultant in-plan deformed shapes of 

structural models, at fixed displacement. With this regard, the nodes of rigid floor mod-

els have an equal displacement in the pushing direction, while for the flexible floor mod-

els, an “arch effect” occurs. This effect is gradually increased when vertical elements 

are more important. In Figure 3.52, the in-plan deformed shapes are shown, for models 

with RC walls, at fixed displacement of 2 cm. The shape of the two models with flexible 
floor are similar. Generally, the results show how the hypothesis about floor system 

can play an important role, providing different results about the global response of ex-

isting RC buildings, with different evaluation of the vulnerability. Especially in the cases 

of strong masonry infills and in the cases of retrofit solution with increment of strength 

capacity, the rigid floor assumption should be assessed, also if consistent with the 

codes prescriptions and with regard of the stresses distribution in the structural ele-

ments. This latter consideration requests major in-situ investigations, with analysis of 

geometrical and mechanical parameters of masonry panels and RC slab.  
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Fig. 3.51 – Difference of initial stiffness among bare frame and retrofitted models. 
 

Rigid floor model Struts model Orthotropic equivalent shell 
model 

   
 

Fig. 3.52 – In-plan deformed shape of models with RC walls 
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4. Methods of seismic analysis of existing RC buildings 
 
 
4.1 Overview 

Within the context of vulnerability assessment process of existing RC buildings, 
one of the fundamental phase is the one of seismic analysis. The main aim of this phase 

is to predict the performances of the structure under seismic actions, with regard of 

global and local responses for several LSs. The core of the seismic analysis is the 

application of external forces, which simulate the seismic actions, to a numerical model 

that represents the building investigated. The result of the analysis should provide an 

information about the building behaviour under horizontal actions, which are definable 

in different modalities, due to the time and application methods. To this purpose, the 

first distinction is between static and dynamic actions, where the difference between 

them is related to the ratio between the application time of the action and the modal 

behaviour of the building. It is worth mentioning that both static and dynamic analysis 

can be linear and NL and the combination of these provide four methods of analysis, 

as suggested by all technical codes. On the other hand, for investigating the behaviour 

of existing RC buildings, it is strongly suggested from scientific literature to consider 

the geometric (P-Δ effects) and mechanical nonlinearities of all members, which ex-

clude the linear methods of seismic analysis (useful in the design phase of new build-

ings). Generally, NLD analysis is rarely used in ordinary engineering applications be-

cause of its complexity and relevant computational efforts, but also due to the difficulty 

of choosing representative design accelerograms, consistently reproducing the post-
elastic and hysteretic behaviour of the structure, besides to the difficulty of interpreting 

of the results. On the other hand, NLD analysis results are expected to be more accurate 

than other methods, due to the better simulation of the seismic action. In recent years, 

NLS analysis has gained increasing importance as an alternative NL method of analy-

sis. It is proved that usually the resulting response well represents the envelope of all 

the possible dynamic responses and can so be used to replace a full NLD analysis. It 

can provide information about some important response characteristics that cannot be 

obtained from linear analyses and, at the same time, it is relatively easier than NLD 
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analysis. In this Chapter, the author is going to describe the main features of NLS and 

NLD analysis, from the technical codes and scientific literature point of views, with an 

eye to practitioners’ use. After a widely presentation of the NLS and NLD analysis meth-

odologies, a sensitivity analysis on a sample of ideal existing buildings is presented, on 

which conventional NLS analysis are performed, with focus on the role of the control 

node (or performance point) position (Uva et al., 2018). Subsequently an application 

of simplified non-conventional NLS analysis (multimodal), adapt to the use by practi-

tioners, is proposed and applied on a particular real case of existing RC building (Porco 

et al., 2018). 

 
4.2 Nonlinear static analysis 

The NLS analysis, also called pushover analysis, is a seismic method of anal-

ysis that consists in the application to a structural system, subjected to gravity loads, 

of a load vector made by horizontal forces (F0), which are directly related to the struc-

tural masses. In addition, in some cases it is possible to apply a vector of displace-

ments, in a substitution of F0. For carrying out the analysis, F0, which simulate the seis-

mic action applied to the storeys mass, is monotonically increased until to the structural 

collapse, by using an incremental factor α, whose value varies from 0 to a certain level. 

The structural behaviour is monitored in a node representative of the entire building (or 

of its part), called performance point or control node (CN), which is usually chosen in 

the CM of the last storey (it is not a fixed rule, but valid for the regular buildings). This 

procedure is gradually performed and, for each increment of the factor α, it is possible 

to monitor the displacement of CN (if CN is coincident with the CM of the last storey, 

the CN displacement is equal to the δR) and the total Vb, in order to define the capacity 

curve of building. For each instant, the resultant force of αF0 is equal to Vb. Mathemat-

ically, the most common algorithms used for performing the pushover analysis works 

as “displacement-control”, where, for each step, an incremental displacement of CN is 

fixed and the equilibrium among external and internal forces is performed, in order to 

obtain the value of Vb for that step. The NLS analysis should investigate the evolution 

of the structural response, accounting the NL behaviour of all structural elements. In 
particular, if the numerical model accounts for the nonlinearity through plastic hinges, 



 172

the capacity curve, as above defined, shows the evolution of the plasticity in the struc-

tural elements. As shown in figure 4.1, the capacity curve of the system depicted, as-

suming it as a ductile structure, modelled through plastic hinges made (does not ac-

counting brittle mechanisms) and subjected to αF0, is describable as summarized be-

low: 

 A first branch where the structural system is elastic and the forces applied 

provide elastic displacements, proportional to the global flexural stiffness 

of the building;  

 Occurrence of the first plasticization in a structural element, which corre-
sponds to the system yielding; 

 Progressive formation of plastic hinges in the structural elements, with con-

tinue changes of flexural stiffness in the curve; 

 Activation of a failure mechanism in the structure, due to the formation of a 
certain number of plastic hinges that does not allow the equilibrium of the 

forces in play.  

 

Fig. 4.1 – Capacity curve of a ductile system 
 

Generally, the last branch can show a softening trend or a horizontal one, de-

pending from the plastic hinges definition. As above specified, the capacity curve 

shown in figure 4.1 is related to a ductile structural system. When one accounts the 

brittle mechanisms, as the shear of structural elements or the beam-column joints be-

haviour, the capacity curve can be strongly different, with the occurrence of degradation 
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phenomena. In these cases, local or global failure mechanisms does not allow of ex-

hibiting a post-elastic branch, because the capacity curve stops itself before. With this 

regard, it is possible to reduce or to eliminate in the analysis the elements that lose their 

stiffness, as in the sawtooth capacity curves. The capacity curve can be plotted also in 

others ways, accounting displacement parameters more significant with regard to the 

structural damage, such as the θi. Through the definition of the capacity curve, the NLS 

analysis allow of identifying the following parameters (Krawinkler and Seneviratna, 

1998 and Kim and D’Amore, 1999): 

 Evaluation of the overstrength ratio, defined as αu / α1, where αu is the value 

of incremental factor to the failure mechanisms and α1 is the value of in-

cremental factor to the yielding; 

 Estimation of the maximum seismic demand, in terms of strength, for the 

brittle mechanisms of structural elements; 

 Estimation of the maximum seismic demand, in terms of deformation, for 
the flexural mechanisms of structural elements; 

 Possibility of assessing the effective distribution of the inelastic demand, 

for building designed with q factor; 

 Estimation of assessing the structural behaviour, after the strength or duc-
tility losses in some structural elements; 

 Evaluation of the irregularities in-plan and in elevation, which cause modi-

fications in the dynamic response;  

 Evaluation of θi, which is a significant damage parameter, also accounting 
for the possible discontinuities, in terms of strength or stiffness; 

 Monitoring of the deformations, rotations, stresses, yielding, failures or col-

lapses of the structural elements and the entire structure, in order to define 

the performance of the building for the LSs to investigate. 

 
The role of capacity curve consists in the evaluation of the structural capacity 

towards the seismic demand, through some methodologies, which allow of comparing 
the response of an equivalent SDoF system with the response spectrum, in the ADRS 
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format. In particular, the assessment is performed through methodologies proposed by 

the technical codes as the well-known N2 method (see Chapter 2) or other ones, such 

as the capacity spectrum method (ASCE, 41-13) or the displacement-based assess-

ment (Priestley, 1997 and NZSEE, 2017). The capacity curve is strongly dependent 

from the lateral load vector applied on the structure. Geometrically, a generic load pat-

tern can be defined as follow: 
{퐹 } = {훹} ∗ 푝(푡) (4.1) 

where p(t) is a scalar that describe the amplitude of the force system in the 

time and Ψ is a vector that takes into account the force distribution and then, its shape. 

The value of Ψ can assume a value directly related to the main building properties, such 

as the first mode of vibration (unimodal pushover). It is worth mentioning that, based 

on the kind of load profile adopted, the pushover analysis can be divided in conventional 

or non-conventional. This classification can be addressed to two main limitation. Firstly, 

the assumption of an unimodal profile does not allow of taking into account the effects 

of higher modes, which can significantly influence the structural response in some sit-

uations (e.g., tall buildings, presence of structural irregularities in mass or stiffness,…). 

A second drawback concerns the assumption of time invariant load-profiles, which 

neglects the changes of the dynamic properties of the structure (Ts, shape of funda-
mental mode,…) due to the progressive plasticization of structural elements and con-

sequent loss of stiffness. These two issues introduce the non-conventional pushover, 

which will be described subsequently.  

 

4.2.1 Conventional methods 

A conventional pushover accounts for a load pattern that has an invariant shape 

throughout the analysis. The typologies of load patterns used in conventional pushover 

analysis are summarized below: 

 Unimodal load pattern, where the shape of the load vector is proportional 
to the first mode of the structure and the mass of the building storeys. The 

value of Ψ can be computed as: 
{훹} = [푀]{훷 } (4.2) 
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where M is the diagonal matrix of masses and Φ1 is the eigenvector of the 

first mode of the structure.  

 Inverse triangular load pattern, where the shape of the load vector is pro-

portional to the mass and height of the building storeys. The value of ψ can 

be computed as 
{훹} = [푀]{퐻} (4.3) 

where H is the total height of the structure.  

 Uniform load pattern, where the shape of the load vector is proportional to 

the mass of the building storeys. The value of ψ can be computed as 
{훹} = [푀]{퐼} (4.4) 

where I is the influence vector associated to the input direction of motion. 

 

Generally, for regular buildings, the unimodal and inverse triangular load profiles 

can be same and provide the same results. The above vectors are characterized by 

several limitations, confirmed in several scientific publications. In particular, as shown 

in (Miranda, 1991, Krawinkler and Seneviratna, 1998, Gupta and Kunnath, 2000, Pa-

panikolau et al., 2006), the use of conventional load profiles provides good results in 

the cases of low-rise buildings, in which the influence of higher modes is negligible. 

For high and irregular structures, the conventional load profiles cannot estimate the 

seismic behaviour, because the deformation profiles can have a different shape from 

the one of the above profiles. In addition, the conventional pushover analysis can be 

strongly disadvantageous in the behaviour estimation, because when the first plastici-

zation occurs, the force distribution acts in the parts degraded with more influence. 
This lead to increase the damage in a localized part of the structure, which is the result 

of a time-invariant nature of the conventional load profile. The reliability of pushover 

analysis can be checked through the comparison between the capacity curve and the 

results obtained from time-history analysis. In (Mwafy and Elnashai, 2001), the results 

of pushover analysis through inverse triangular, multimodal and uniform invariant load 

patterns on several RC buildings were compared with the results of time history anal-

yses. In particular, in figure 4.2 the results are shown for a high regular building. The 
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results of work showed that the triangular inverse and multimodal analysis provided 

same results, different from the one obtained by the uniform load profile. The main 

difference is that the uniform distribution provided a capacity curve with greater Vb and 

lower collapse δR than the one obtained from the triangular inverse (and multimodal) 

analysis. This is due to a resultant of uniform load profile, which is applied on a height 

lower than the application point of the resultant of the triangular inverse load profile. 

This provides major strength and a minor limit for a collapse LS. In this case, the uni-

form load pattern overestimated the response, as confirmed from the time history anal-

ysis, in terms of initial stiffness and Vb. On the other hand, the uniform load profile can 

be useful in the cases of pilotis, where the soft-storey mechanism can occur.  

 

Fig. 4.2 – Comparison of capacity curves obtained from different load profiles (Mwafy and 
Elnashai, 2001) 

 

Generally, this difference in the response, due to the different load profiles, sug-

gest that the real behaviour of the building is in the middle of the responses. With this 

regard, the international codes, such as EC8 provides some criteria for performing the 

pushover analysis in conventional way. In particular, it suggests that the pushover anal-
ysis must be performed with two load profiles (taken from two groups that account for 

the differences in figure 4.2) and evaluate the response in conservative way, consider-

ing the more disadvantageous case. In addition, the same code fixes limitations about 

the dynamic properties of the buildings, suggesting two conditions to observe, like a 
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minimum M[%] of 75% and a T1 lower than two seconds and 4TC (where TC is a point 

of the elastic spectrum) in the analysis direction. With these latter conditions, the code 

imposes that conventional pushover can be applied on regular buildings, with negligible 

influence of higher modes, also when the building go into the inelastic field. The limita-

tion about the M[%] introduces (besides the weight of the higher modes) a focus on 

the torsional effects of the pushover analysis. It is worth mentioning that the NLS anal-

ysis was firstly developed on bi-dimensional (2D) numerical systems, representative 

of the 3D buildings. With this regard, the abovementioned load profiles were developed 

for accounting the behaviour of 2D frames, while in the practical applications the build-

ings are simulated through 3D numerical models. Clearly, with this kind of models, it is 
possible to simulate the real behaviour of building, taking into account also the real 

irregularities of buildings, as widely explained in the Section 2.2. In the cases of irreg-

ularities in-plan, as happens when the CM and CS are not coincident, pushing with the 

above profiles can cause the situation shown in figure 2.3, with wrong estimation of 

the global performance and structural element behaviour, different from the one shown 

by NLD analyses. At the same way, in the cases of irregularities in-elevation, the use 

of the conventional load profiles, can induce to apply the loads in a different way for 

each storey, with development of local mechanisms, which are not predictable by NLD 

analyses. From the torsional point of view, the unimodal load profile is better than the 

triangular inverse and uniform ones, because it is able to take into account the rotational 

inertia forces (numerically, the unimodal load profile turns out to be composed by a 

force and a couple in the CM). On the other hand, the results are not reliable if the 

fundamental mode in the direction considered has low M[%]. For accounting the tor-
sional effects, besides to the M[%] limitation, the EC8 suggests to perform NLS analysis 

considering an equivalent eccentricity. In particular, the value of eccentricity, for each 

direction of pushing, is equal to 5% of perpendicular length of building, considered from 

the CM to right and left. Hence, EC8 imposes to practitioners of performing eight push-

over per direction (two load profiles, two eccentricities, two verses) and of considering 

the more conservative result for the assessment. For concluding, the NLS analysis 

method is more accurate of a linear analysis (static or dynamic), but the static nature 
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of the forces applied does not allow of evaluating the real dynamic behaviour. Further-

more, the choice of two load profiles, such as suggested from EC8, could be not con-

servative, especially if the influence of higher modes in both elastic and inelastic fields 

is important. 

 

4.2.2 Appraisal of the role of control node position by conventional nonlinear static 
analysis on a sample of building models 

Concerning to conventional NLS analysis, the aim of this Section is to investi-

gate the limits provided from the prescriptions suggested by EC8. In particular, remem-

bering the problems about the 2D and 3D numerical models due to the torsional effects, 

the author is going to investigate the applicability of conventional NLS analysis, by using 

unimodal load profiles on 3D numerical models. In particular, according to EC8, an 
ideal sample of existing RC buildings with irregularity in-plan has been simulated. As 

summarized in the Chapter 2, the EC8 provides several indications for defining a build-

ing as irregular in-plan, but at the same time, the evaluation of modal parameters is 

propaedeutic for applying unimodal NLS analysis, with focus on the value of M[%], 

which should be greater than 75%. Furthermore, another aspect investigated is the def-

inition of CN position, which is fundamental for the definition of capacity curve and 

then, the structural response. Generally, the choice of CN position, according to the 

EC8 prescriptions (and other codes), is usually assumed coincident with the CM of the 

last storey. For irregular buildings, the choice of CN coincident CM could provide results 

not conservative, with greater value of real building capacity, in terms of roof displace-

ment at life safety limit state (δR, which here is called δLS with reference to the LSLS). 

This assumption is significant when, in order to verify the structural capacity with N2 

method, the equivalent SDoF system is considered and the real variability of CM posi-

tion is neglected, provided by the accidental loads. This means that in the computation 

of CDR, the results could lead to an overestimation of structural capacity. In addition, 

it is possible that the position of CM is not well-defined for irregular buildings or it is 

geometrically out of the plant, which is an evidence that can induce to wrong evaluate 
the global performance of the building. Hence, the scope of the work herein presented 

is the definition of a new formulation, able to provide the increment or decrement of δLS 
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of capacity curve for buildings with generic in plane shape, which have M[%] greater 

than the inferior limit for applying the conventional (unimodal in this case) pushover. 

The formulation allow of computing the capacity curve, by assuming whatever CN po-

sition on the last storey, starting from the usual assumption of CN coincident with CM 

and accounting for the variation of number of storeys. It is worth mentioning that, 

changing the CN position, the structural capacity is always the same, but the represen-

tation of the capacity curve can be different, with the above problems in the CDR com-

putation. The methodology proposed can find an application also in the expeditious 

estimation of structural behaviour for several RC buildings of urban aggregates, which 

have irregular in-plan shape and different number of storeys. In this typology of analy-
sis, the method can be useful for correcting fragility curves, providing the most unfa-

vourable and conservative solution. Concerning to our case studies, the sample of 

buildings is constituted by several ideal RC buildings, made starting from a reference 

model (RM), which is a square frame system constituted by 4 RC beams with length 

of 5.00 m and 4 RC columns with height of 3.00 m. The modelling has been carried 

out using finite element (FE) software as SAP2000. Beams and columns have constant 

section with dimensions respectively of 40 x 50 cm and 40 x 40 cm. The RM has been 

in-plan replied, in order to obtain a starting model (SM) made with sixteen RM (4 RM 

in both directions), as shown in figure 4.3. Subsequently, the SM with storey has been 

replied in-elevation, in order to obtain buildings with 2,4,6,8 levels. 

 

Fig. 4.3 – In-plan view of the starting model (SM), obtained by duplicating the reference 

model (RM) 
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In order to complete the description of RM, the amount of longitudinal and 

transversal bars have been inserted by hypothesizing that RM is a part of existing RC 

building designed through old technical rules, considering only gravity loads and with 

construction details that do not take into account seismic actions. The amount of lon-

gitudinal steel bars is indicated as the number n of bars having diameter φ (nφ), 

whereas the amount of transversal steel bars isi indicated in terms of the ratio φ/s, 

expressed in cm (s = spacing of stirrups, φ = diameter of longitudinal and transversal 

bars). Using a simulate design, which has been carried out with the oldest Italian tech-

nical law (R.D.L 2229, 1939), in each beam have been inserted 4 φ16 as longitudinal 

steel bars and φ6/30 as transversal steel bars, in both top and bottom sides of end 

sections. While, in each column have been inserted 4 φ18 as longitudinal steel bars 

and φ6/20 as transversal steel bars along each side. In the cases analysed, the me-

chanical parameters of concrete have been defined according to the strength class 

C25/30, as classified in EC8. In particular, Ec is equal to 31467 MPa, Gc is equal to 

11315 MPa and ν is equal to 0,2. Mechanical parameters of steel rebar chosen have 

been defined according to strength class B450C as classified in EC8, with Es equal to 

210000 MPa. Dead (G) and Accidental (Q) loads has been applied on RM, according 

to EC0, paragraph 6.4.3.4. In particular, G1 is equal to 3,5 kN/m2 (considering that each 

floor is constituted by a ribbed slab with an height of 30 cm and a top concrete slab of 

5 cm), G2 is equal to 2,5 kN/m2 (including the weight of non-structural elements as 

masonry infills, which is not modelled in case study) and Q is equal to 2 kN/m2. Starting 

from SM, several buildings with different shapes have been defined, removing casually 
RM and obtaining all possible combinations of irregular in-plan structures. A summary 

framework of models analysed, with all in-plan shapes considered, is depicted in figure 

4.4. In addition, considering that each model has been analysed with 2, 4, 6 and 8 

levels, the sample is constituted by a total number of 92 FE models. Firstly, for each 

models, eigenvalues analyses have been carried out, by determining modal parameters 

as T, eigenvectors (Φ), coefficients of modal participation (Γ) and M[%]. This latter 

analysis has been able to provide indications on what models can be applied the NLS 

analysis, considering only ones with M[%] greater than of 75%, coherently with lower 
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limit provided by EC8 for carrying out a pushover. In order to consider a model with a 

proper shape in the analysis, this limitation must be always valid varying number of 

storeys.  

 

Fig. 4.4 – In plane shape of models analysed  
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It is worth mentioning that for this Section, where indicated, the major part of 

the figures are reported in Annex A. Here, only the figures for buildings with 2 storeys  

are reported. In the Annex A, one can find similar figures for the others buildings. Figure 

4.5 and figures from A.1 to A3 (see Annex A) show histograms that summarize the 

M[%]s of fundamental modes of models, with specific indication about the inferior limit 

on the parameter investigated, accounting for the main directions (X and Y). 

 

Fig. 4.5 – M[%]s of fundamental modes in both directions (X and Y) for models with 2 storeys. 
 

The tag assignment of the buildings is causal and made according to the gen-

eration of the models. Based on the results obtained from the eigenvalue analyses, the 

models accounted for the pushover analyses are the ones indicated in figure 4.4 with 

fillings. The linear model have been made considering the hypothesis of rigid floor, 

through the introduction of an internal rigid diaphragm constraint at each floor. In addi-
tion, models have been embedded at the base. One could note that the models B and J 

have been not considered in the subsequent analyses (they are not filled in figure 4.4). 

In fact, the study has been performed for models in which, for each height (2, 4, 6 and 
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8 storeys), the M[%] is greater than 75% for the fundamental mode. Nevertheless, only 

some models of B and J typologies have M[%] greater than 75%, reason for which they 

are not significant for the investigation. Furthermore, just in this part of the analyses, 

one can note that models as M is irregular in-plan, according to the definition provided 

by EC8, but the conventional pushover is applicable, as highlighted in figures 4.5 and 

A.1-A.3.  Before to perform the NLS unimodal analyses, in the FE models have been 

included the NL properties of materials and sections, simulated through a lumped plas-

ticity approach. In particular, at end section of elements plastic hinges have been 

placed, which are defined considering inelastic mechanisms of simple bending for the 

beams and a combination of axial stress-bending stress for the columns. In both cases, 
the plastic hinges have been defined according to FEMA 356 rules, as shown in figure 

3.8. For NLS analysis results, two hypotheses about collapse mechanisms have been 

supposed, as well as the brittle shear mechanisms are neglected (shear plastic hinges 

are not inserted) and the local mechanisms, as soft story, are not allowed. For respect-

ing this latter condition, the simulated design has been calibrated more times, especially 

for the higher buildings. For each model, NLS analyses have been carried out, by using 

an unimodal load profile, assumption which results correct, because M[%] related to 

fundamental mode of vibration is greater than of 75%, according to EC8 – part 3, par-

agraph 4.4.4.2 and EC8 – part 1, paragraph 4.3.3.4.2. Analyses have been performed 

assuming CN coincident with geometrical CM of last storey, obtaining as result the 

capacity curves (or pushover curve) in terms of Vb - δR. The term δLS (then, the criterion 

for defining the achievement of the LSLS) has been defined as roof displacement due 

to the first achievement of ¾ θu in one column. In figures 4.6 and from figure A.4 to 

figure A.6 (see Annex A) are shown the results of pushover curves in X direction (for 

simplicity, pushover curves in Y direction are not reported, because the treatment is 

similar in both directions), for each model selected above, varying the number of sto-

reys. The curves in figures 4.6 and from figure A.4 to figure A.6 (see Annex A) are 
shown in a-dimensional terms, normalizing the Vb respect to the total seismic weight 

of the structure (Wbuilding) and δLS respect to the total height of the building (Hbuilding). It is 
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worth mentioning that the choice of LSLS threshold is not specified in anyone technical 

rule. 

 

Fig. 4.6b – A-dimensional pushover curves of 4 and 2 storeys models selected, assuming CM =CN. 
 
Therefore, the criterion chosen is in accordance with the crucial role that the 

vertical elements assume into global safety of building analysed. In fact, analysing the 

columns behaviour, it is possible calibrates the retrofit intervention. In the cases in 

which the LSLS is achieved by a horizontal structural element, one should do an eval-

uation case by case, with attention to the collapse mechanism typology (shear or flex-

ural collapse). For the above reasons, the choice of LSLS threshold can be defined in 

different way, such as done in other works described in this Thesis. Once that the first 

NLS analyses have been performed, the position of CN has been varied on the models 

investigated. In particular, CN has been moved in a grid of points made on top storey 

plane. To this scope, the grid has been determined through the definition of a new 

reference system “α-β”, centred in the origin of X-Y reference system, according to 

figure 4.3. Each CN is identified by using a normalization of X-Y values, as follow: 
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훼
푋

푋  (4.5) 

훽
푌

푌  (4.6) 

where XTOT and YTOT are the total lengths of SM, respectively in X and Y direc-

tions. In this way, the coordinates were dimensionless and both α and β are included 

between 0 and 1. In this new reference system, CM has coordinates αcm and βcm. In 

each model, CN has been positioned in 16 different positions obtained by varying α 

and β. The values that α and β assumed in the above positions are summarized below: 

 α: 0; 0,5; 1; αcm; 

 β: 0; 0,5; 1; βcm 

 

In figure 4.7 is shown the combination of α and β values, for 16 points where 

positioning CN. In some cases, the number of points of grid is reduced, because some 

of these can be both out of plane or coincident with other ones.  

 

Fig. 4.7 – Grid points for model J, using the parametric approach to positioning CNs. 
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This parameterization takes into account the usually uncertainty related to the 

real position of CM, provided by the accidental loads. Clearly, to consider the CM in the 

corner of the building is not physically significant, but the procedural choice is focused 

on the identification of an extensive and complete trend of structural capacity plotting. 

Plotting the pushover curves varying the CN position, results has shown that in some 

cases, especially those with regular in plane shape, as in SM, T, U and V, all capacity 

curves are similar in terms of δLS. Same result has been obtained on Q and R models, 

which are in-plan symmetric in both direction. Furthermore, even the results of model 

P did not present high differences. For these models, maximum differences between 

δLS,CM (obtained by analysis with CN = CM) and δLS obtained by CN in other points of 

the grid (δLS,i), are lower than 5%. Table 4.1 shows the percentage differences of what 

previous described, considering maximum and minimum δLS,i. In the other models (J, 

K, M, N, O and S), which have generally irregular in-plan shape, there are consistent 

differences between δLS,i and δLS,CM, which in some cases, reached values of 20%. Table 

4.2 shows percentage differences in the previous models (in absolute value).  

 

 
Fig. 4.8 – Zoom view of a-dimensional pushover curves of models selected and reported in tab. 4.2, 

considering the variation of δLS for each model to 2 storeys 
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Tab. 4.1 – Models with low differences of δLS 

Model δLS,CM (m) Variation 
δLS,imax - δLS,CM (%) 

Variation 
δLS,imin - δLS,CM (%) 

SM 

8 Storeys 0,0818 0,00 0,00 

6 Storeys 0,0726 0,00 0,00 

4 Storeys 0,0573 1,33 -2,89 

2 Storeys 0,0513 1,83 -1,83 

T 

8 Storeys 0,0875 0,00 0,00 

6 Storeys 0,0703 0,01 -0,79 

4 Storeys 0,0589 0,15 -3,31 

2 Storeys 0,0494 0,55 -0,37 

U 

8 Storeys 0,0906 0,00 -2,31 

6 Storeys 0,0741 0,15 -0,16 

4 Storeys 0,0665 0,01 -0,01 

2 Storeys 0,0511 0,14 -0,16 

V 

8 Storeys 0,0986 0,13 -1,04 

6 Storeys 0,0751 0,00 -0,68 

4 Storeys 0,0629 0,01 -0,01 

2 Storeys 0,0494 0,04 -0,04 

P 

8 Storeys 0,1091 1,37 -2,66 

6 Storeys 0,0866 0,92 -0,58 

4 Storeys 0,0712 0,42 -1,69 

2 Storeys 0,0621 2,42 -1,29 

Q 

8 Storeys 0,0897 0,54 -0,94 

6 Storeys 0,0732 3,71 -3,73 

4 Storeys 0,0573 0,00 -1,86 

2 Storeys 0,0489 0,03 -0,03 

R 

8 Storeys 0,0979 0,04 0,00 

6 Storeys 0,0762 2,02 0,00 

4 Storeys 0,0669 0,43 -0,43 

2 Storeys 0,0526 0,02 -0,02 
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Tab. 4.2 – Models with high differences of δLS 

Model δLS,CM (m) Variation 
δLS,imax - δLS,CM (%) 

Variation 
δLS,imin - δLS,CM (%) 

J 

8 Storeys 0,0838 8,37 -7,57 

6 Storeys 0,0775 10,92 -10,92 

4 Storeys 0,0707 12,98 -12,02 

2 Storeys 0,0615 13,21 -12,25 

K 

8 Storeys 0,0891 11,04 -7,33 

6 Storeys 0,0659 13,83 -10,86 

4 Storeys 0,0562 18,08 -12,29 

2 Storeys 0,0553 19,92 -12,48 

L 

8 Storeys 0,0717 11,80 -7,50 

6 Storeys 0,0521 14,33 -11,60 

4 Storeys 0,0356 17,96 -12,56 

2 Storeys 0,0226 18,96 -12,99 

M 

8 Storeys 0,0936 10,99 -6,78 

6 Storeys 0,0700 15,21 -11,10 

4 Storeys 0,0565 17,85 -12,74 

2 Storeys 0,0493 18,06 -12,89 

N 

8 Storeys 0,1092 13,01 -6,50 

6 Storeys 0,0953 15,01 -19,52 

4 Storeys 0,0775 17,66 -12,89 

2 Storeys 0,0613 19,06 -13,02 

O 

8 Storeys 0,0936 8,97 -9,69 

6 Storeys 0,0911 17,63 -10,93 

4 Storeys 0,0755 18,62 -11,60 

2 Storeys 0,0613 20,04 -11,78 

S 

8 Storeys 0,1001 3,60 -3,60 

6 Storeys 0,0877 8,36 -7,68 

4 Storeys 0,0744 10,62 -7,09 

2 Storeys 0,0605 13,50 -6,70 
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In figures 4.8 and from figure A.7 to A.9 (see Annex A) are reported the final 

parts of the curves in figure 4.6 and from figures A.4 to A.6 (see Annex A), showing 

the variability of results in terms of δLS, with the pushover curves, which can be shift in 

horizontal. Clearly, as just mentioned, the value of maximum Vb is constant for each 

capacity curve of same model and the structural capacity is the same, but the variation 

of CN change the plot of the response. This is a limitation of NLS analysis, because it 

strongly depends from the CN (differently from the NLD analysis). In addition, results 

of NLS analysis of all models showed that, in X direction, δLS is equal for each position 

on the line that connect the points with same α. This means that to 4 values of β cor-

respond to 4 values of δLS in the 4 capacity curves, as showed in figure 4.7. The same 

observation can be made regarding analyses in Y direction, where δLS is equal for each 

position on the line that connect the points with same β.  Results obtained by NLS 

analyses are plotted in particular graphs (figures 4.9 and from figure A.10 to A.12, see 

Annex A) in which, for a fixed number of storeys, in abscissa there is a position β, while 

in ordinate there is the ratio δLS,i/δLS,CM. As shows in this figure for model J, points are 

reported and, in order to define a general rule for identifying the results, a trend line are 

outlined. Assuming trend lines as linear, each one is plotted in the graphs, showing 

their trend of varying, when the number of storeys change. The regression factor R2, in 

each case, is greater than 0.98, being R2 the coefficient usually adopted for estimating 

the good fitting of the regression lines to the data. This result was expected, considering 

that, using an unimodal load profile for pushover analysis, the rotational component of 

loads provided a torsional effect. In figures 4.10 for model J and from figure A.13 to 
A.18 for other models (see Annex A), the 4 trend lines obtained for the cases analysed 

are plotted, varying the number of storeys. Same figure provides two main indications: 

 Increasing the number of storeys, the slope (m) of the trend line decreases; 

 The 4 trend lines are placed on the graph, according to a proper bundle of 
straight lines, with centre of rotation in a specified point: CM. The coordi-

nates of the centre of rotation are: βCM in abscissa and δLS,i/δLS,CM = 1 in 

ordinate. 
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The second indication can be expressed in a generic format, with the following 

relationship, where the unknown factor is only δLS,i: 
훿 ,

훿 ,
− 1 = 푚(훽 − 훽 ) 

(4.7) 

 

Fig. 4.9 – Distribution of δLS,i/δLS,CM, varying β for 2-storeys models of J. 
 

In eq. 4.7, firstly, the influence on formulation of XTOT value must be assessed 

and secondly, the slope of the trend line (m) must be determined, considering all pa-

rameters that influence its value. To this purpose, the XTOT value has been varied, in 

order to check that the in plane dimensions do not vary the formulation found. By re-

taining constant the building height and varying the length of beams at values of 6.00 

m and 2.50 m, dimensions of RM have been changed. The new RMs have been replied, 

in order to obtain the same in-plan shapes of models previously analysed. All phases 

performed have been replied, assuming the position of CN in the grid of points defined 

above. The proof have been carried out randomly, investigating the variation of XTOT, for 
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3 models as M, L and K. Results are shown in figures 4.11 and from figure A.18 to 

A.20 (see Annex A). 

 

Fig. 4.10 – Distribution of δLS,i/ δLS,CM, varying number of storeys, for models J 
 

In eq. 4.7, In each graph the trend of the parameters δLS,i MIN/δLS,CM and δLS,i 

MAX/δLS,CM are depicted, assuming the 3 values of XTOT for RM (XTOT RM) and varying the 

number of storeys. The 3 lines are positioned similarly to a horizontal line, with maxi-

mum differences in the order of 5%, value which suggest that the variation of XTOT do 

not change the trend showed in eq. 4.7. In order to provide a relationship able to esti-

mate m for each model, a correlation between m and the number of storeys (n) has 

been evaluated. For this reason, a fitting curve has been carry out for each model and 

all have been inserted in a graph with in abscissa the value of n and in ordinate the 

value of m. Figure 4.12 shows all trend lines and, from these, a global linear trend has 

been determined as follow: 

푚 = 0.35 1 −
푛

20  (4.8) 
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Fig. 4.11 –Trend of δLS,i MIN/δLS,CM and δLS,i MAX/δLS,CM, varying XTOT  for models M,L and K, with 2 storeys. 
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Fig. 4.12 - Trend lines for each model, consecutive to fitting m-n. 
 

In order to validate the eq. 4.8 this latter one has been inserted in eq. 4.7 and 

for each model investigated the value of δLS,i has been analysed, comparing these re-

sults with the ones obtained by NLS analyses on numerical models (varying the position 

of CN). To follow, in tables 4.3 and from table A.1 to A.3 (see Annex A), the percentage 

differences, between δLS,i obtained by FE models and δLS,i obtained by eq. 4.8, are re-

ported for each model. Results of comparison show that the percentage differences are 

in the order of 10–15%, with maximum variation, in very few cases, of about 20%. 

These values imply that the eq. 4.8 represent, with good accurateness, the real trend 

of m variation. 
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Tab. 4.3d – Results of methods validation; percentage differences between FE models and 
formulation in terms of δLS, for 2 storeys buildings 

Model β δLS,i/δLS,CM Model δLS,i/δLS,CM (eq.4.8) Variation (%) 

J 

1 0,868 0,811 6,737 

0.5 0,995 0,991 0,198 

βCM 1,000 1,000 0,000 

0 1,122 1,171 7,736 

K 

1 0,800 0,801 20,115 

0.5 0,963 0,970 4,441 

βCM 1,000 1,000 0,000 

0 1,126 1,161 9,496 

L 

1 0,810 0,807 18,509 

0.5 0,980 0,987 2,602 

βCM 1,000 1,000 0,000 

0 1,130 1,167 9,736 

M 

1 0,819 0,790 14,574 

0.5 0,974 0,970 2,203 

βCM 1,000 1,000 0,000 

0 1,129 1,150 11,026 

N 

1 0,809 0,795 17,264 

0.5 0,971 0,975 3,317 

βCM 1,000 1,000 0,000 

0 1,130 1,155 10,842 

O 

1 0,810 0,793 16,968 

0.5 0,970 0,973 3,370 

βCM 1,000 1,000 0,000 

0 1,130 1,153 10,908 

S 

1 0,865 0,811 7,250 

0.5 0,921 0,991 15,442 

βCM 1,000 1,000 0,000 

0 1,067 1,171 3,050 
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The results of all analyses performed, show the effects of NLS analysis on ex-

isting RC buildings with irregularity in-plan, varying the position of CN. In particular, a 

sample of 92 ideal buildings has been investigated, made according to predominant 

features of real existing buildings and with casual in-plan shape and number of storeys 

variables from 2 to 8. From the first analyses, 28 buildings of the sample have been 

considered, because dynamically regular (M[%]>75%). On these models, through the 

application of NLS unimodal analyses, a new formulation has been developed, able to 

describe how to change the plotting of capacity curve, with reference to LSLS, changing 

the position of CN. In particular, the formulation proposed, through a parametrization of 

the CN on the last storey of buildings, is able to provide the increment or decrement of 

δLS, starting from the value of δLS,CM, by using the mathematical equation of a straight 

line. This evaluation takes into account the uncertainty related to the real position of 

CM, provided by the accidental loads, important datum in order to carry out the N2 

method for assessing the performance of existing buildings.  

 
4.2.3 Non-Conventional methods: multimodal and adaptive pushover 

As just mentioned in the Section 4.2, NLS procedures, despite their effective-

ness, have two main limitations (figure 4.13). Firstly, the assumption of an unimodal 

profile, which accounts for only the deformed shape of the fundamental vibration mode 

and it is not able to consider the effects of higher modes, with higher frequency. This 

latter can be significant in some situation, especially when the buildings are irregular. 

In particular, the higher modes can be important when the buildings present irregulari-

ties in-plan or in-elevation, or systems that hide irregular mass and stiffness distribu-

tions. In this case, the building can be defined as dynamic irregular, in the sense that 

the vibration modes are coupled, with lower M[%] in the main directions. The direct 

consequence of applying an unimodal pushover to an irregular building could be a 

wrong prediction of the structural response just in elastic field, with different elastic 

stiffness shown from the capacity curve. Consequently, the post elastic branch of ca-
pacity curve does not catch the real inelastic behaviour, considering the continuous 

evolution of the vibration modes. In addition, another effect is a wrong estimation of the 
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torsional effects of the structure, which can lead to the increment of the seismic de-

mand for the storeys elements, especially for the ones on the building sides. This effect 

can increase the occurrence of brittle mechanisms in the structural elements. The tor-

sional behaviour of the existing buildings, in both elastic and inelastic field is highlighted 

in several works available in the scientific literature (see Chapter 2, where is shown the 

explanation of the main parameters, which influence the problem). Clearly, these effects 

provide different results, in terms of assessment and definition of structural perfor-

mance and safety level, such as shown in (Kreslin and Fajfar, 2012). In order to over-

come this limitation, it is possible to use a load profile proportional to the storey shear 

distribution, computed by combining modal responses from a modal response spec-
trum analysis of the building. Another methodology, which was developed in several 

scientific works, is the multimodal pushover analysis.  

 

Fig. 4.13 – Drawbacks of conventional pushover analysis 
 

The second issue related to conventional NLS analysis concerns the assump-
tion of time invariant load profiles. Generally, when a building is stressed with a push-

over analysis, in the post-elastic field progressive plasticization of structural elements 

occurs, even for regular buildings. This is due to a continuous redistribution of inertial 

forces that in turn is due to local losses of stiffness and damage of the structural ele-

ments. The assumption of a time invariant load profile lead to neglect the variations of 

the dynamic properties of the structure, as the fundamental frequencies, the shapes of 
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fundamental modes and the M[%]s and to provide a good estimation of the structural 

response until the end of the elastic field. In the inelastic field, the structural response 

can results not consistent with the ones observed from NLD analyses. In order to over-

come the problem given by a time invariant load profile, technical codes suggest of 

performing adaptive pushover analysis. In the last 30 years, the scientific community 

employed for developing methodologies for estimating the structural response through 

non-conventional pushover analyses, as the multimodal and adaptive ones. Concerning 

to the multimodal pushover analysis, the first work in which was assessed the rele-

vance of higher modes in NLS analysis, was (Paret et al., 1996), where authors per-

formed unimodal pushover analyses proportional to the first three modes of two high 
RC buildings, one with strong columns and weak beams and another one with strong 

beams and weak columns. For identifying the critical mode for the buildings, authors 

proposed of computing a vulnerability index called “Modal Criticality Index” (MCI), com-

puted relating the capacity curve with the response spectrum. The mode with the 

greater MCI was the critical one for the building, as the second mode for the case in 

figure 4.14. 

 

Fig. 4.14 – Graphic computation of MCI with critical vibration mode, which is the second one  
 
Subsequently, other authors (Sasaki et al., 1998) presented a similar study to 

the previous one, in which they proposed to perform three different pushover analyses, 

with load profiles proportional to the first three main modes. The results of the research 
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work confirmed that, in some cases, the actual damage mechanisms were not associ-

ated to the first mode, according to the results obtained from NDL analyses. The most 

important procedures for performing multimodal analyses were proposed by Chopra, 

which published some works about this topic, proposed some solutions, and subse-

quently improved them. In particular, in (Chopra and Goel, 2002), authors proposed a 

procedure known as Modal Pushover Analysis (MPA). The aim of the authors was to 

develop a procedure based on the elastic theory of the dynamic of the structures, per-

forming pushover analyses according to the elastic behaviour of the structure. Starting 

from it and assuming that the structures in the inelastic field have same initial stiffness, 

mass, damping and vibration modes, authors extended the procedure in the inelastic 
field. In particular, they uncoupled the vibration modes, defining the load profiles as in 

eq. 4.2 (see figure 4.15). The pushover analyses were performed until a target dis-

placement, dependent from the vibration mode and from the damping of system, com-

puted through the equivalence of the structure with the equivalent SDoF for that mode. 

After the performance of the pushover analyses, the MPA was performed, combining 

the response of the structure, through the elastic method combination, such as the 

complete quadratic combination (CQC) or SRSS. In the application of the methodology, 

authors found a good agreement with the results obtained from NLD analyses results 

and the ones provided by MPA. The main limitations of the method proposed were 

firstly, the study of the inelastic behaviour neglected the well-known phenomena that 

occur, such as the increment of plasticization and the variation of the vibration modes. 

In addition, the major critical issue was the combination of inelastic responses (e.g. in 

terms of deformation as θi), by using methodologies valid in the elastic field and without 
theoretical base. In fact, when the plasticization effects became significant, there is a 

continuous change of the structural stiffness, with variation of modal shapes and cou-

pling of vibration modes, which are effects that cannot be neglected in a NL analysis. 

In a successive paper (Chopra and Goel, 2004), the same authors applied the afore-

mentioned procedure for buildings asymmetric in-plan. Numerical analyses showed 

that the method was applicable both to spatial “torsionally-stiff” and “torsionally-flexi-
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ble” systems, whereas the method lost its accuracy for “torsionally-similar-stiff” sys-

tems (i.e. systems for which torsional stiffness and flexible stiffness are comparable) 

because the vibration modes become strongly coupled.  

 

 

Fig. 4.15 – Application of MPA on a 9 storeys building, considering the first three vibration 
modes (Chopra and Goel, 2001)  

 

In (Goel and Chopra, 2005), authors applied the MPA to an extensive set of 

case studies composed by more of 100 tall buildings. As a general result, they ob-

served that the consideration of the higher modes in the analyses, especially in the 

cases of high buildings, were important for predicting the formation of mechanisms in 

the higher floors. In addition, in few cases, performing the pushover analysis propor-
tional to the 3rd vibration mode, the phenomenon of reversal occurred, in which the 

formation of plastic hinges causes an inversion of the direction of the top floor dis-

placement. In this case, the results of MPA showed the inapplicability of the method. 

The same researcher (Chopra et al., 2004) proposed a modified version of MPA, in 

which the inelastic response of buildings was derived from the combination of the ine-

lastic response of the 1st mode and the elastic contributions of the responses provided 

by static analyses performed according to the higher modes. The main advantage of 

this method was to provide results comparable to MPA results, carrying out fewer NLS 

analyses and substantially decreasing the computational efforts. Contemporary to the 

works of Chopra and following the above idea, (Moghadam, 2002) formulated a pro-
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cedure similar to MPA, proposing to use, in the elastic range, of a simplified combina-

tion of modes, through coefficients obtained by the modal participation factors of the 

considered modes. Other authors (Hernadez-Montes et al., 2004), proposed an energy-

based formulation for predicting the structural response of buildings through NLS anal-

yses. In particular, authors showed that in some cases, such as when occurs the case 

of “reversal”, the capacity curve depicted by the usual performance point (δR - Vb) was 

not a good representation of the capacity of structure. In fact, one of the main problems 

of MPA was that, in the inelastic range, the growth of the δR had different trend of the 

other floors displacements, as instead happens in the elastic range. In order to show 

the real critical damage state of the building, preventing problems related to the choice 

of the performance point, the authors proposed an energetic procedure for the deter-

mination of the capacity curve. In particular, instead to plot the capacity curve as above 

indicated, the authors proposed to plot the capacity of the system, for each mode, in 

terms of Vb vs. the energy dissipated from the system during the analysis, through the 

definition of an energy-based displacement (De,n). This latter was defined as follow: 

퐷 ,  =
2퐸
푉 ,

 
(4.9) 

where En is the energy dissipated from the system under the analysis and Vb,n 

is the Vb, for the load profile related to the nth vibration mode. The energy dissipated is 

the area underlying the curve. In order to apply the energy-based approach also in the 

inelastic field, for each analysis step, the authors recorded the work done by Vb,n on the 

system, in differential way, through the computation of dEn, which is proportional to the 

differential displacement dDe,n, as indicated in figure 4.16. The application of the pro-

cedures on a case study, showed how this procedure was able to reproduce the results 

obtained from the conventional pushover curve for the fundamental mode and the pos-

sible anomalies criticized in the previous works of Chopra, such as the application of 

the elastic combination rule (SRSS) in situation of strong plasticization. In (Kunnath, 

2004), a multimodal procedure was proposed, based on the combination of two load 
profiles proportional to the sum and difference of the first two modes. The results of 

the procedure applied on two case studies (8 and 16 storeys buildings) showed that, 
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in the first case, the structural response, expressed in terms of θi, was overestimated 

for lower floors, while in the second case there was an overestimation for higher floors, 

based on the comparison with NLD analyses. In order to predict the structural response 

of buildings, the author conducted a subsequent campaign of numerical analyses for 

regular RC frame buildings and calibrated a procedure called Method of Modal Combi-

nation (MMC), in which the load profiles proportional to the first three modes were 

combined through modification factors “αi”. These latter coefficients depended by the 

seismic demands and elastic T of the mode considered. 

 

Fig. 4.16 – Definition of energy-based capacity curve, extended to inelastic domain (Hernandez-Montes 
et al., 2004) 

 

In (Barros and Almeida, 2005), with the aim of simplifying the computational 

efforts of multimodal analysis previously proposed, authors accounted for the contri-

bution of higher modes, through the proposal of a multimodal analysis procedure based 

on a single load profile. This was computed through the combination of the modes by 

using participation factors called α (different from the ones previously defined) for each 

vibration mode, obtained by the elastic response of the structure subjected to seismic 

action. They carried out pushover analyses on 3D models with different features (sym-

metrical structure, stiffness asymmetric structure, mass asymmetric structure) and the 

results were compared with NLD analysis and unimodal pushover results, in order to 

calibrate the load profile combination on simple structures. In (Poursha et al., 2009) a 

different approach to the problem was proposed, by leading consecutive pushover 
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analysis performed by pushing the structure to determined displacements, based on 

the modal properties of the structure. In particular, the analysis started with an inverse 

triangular or uniform load profile and then, according to the T of the first vibration mode 

of the structure. After, the load profile was updated to different consecutive displace-

ments, established on the base of the target displacements. The update was performed 

by using standard coefficients estimated by the modal parameters of structures. The 

method, called consecutive modal pushover (CMP), allowed of changing the load pro-

file, one time for rigid system, two times for deformable system. Furthermore, the re-

sults of the method were compared with MPA ones, showing that CMP provided more 

accurate values of interstorey drifts and plastic hinges rotations, especially at lower 
floors (according to the results of NLD analyses). In (Sucuoglu and Günay, 2011), a 

multimodal procedure was proposed, called generalized pushover analysis (GPA). In 

particular, the procedure provided generalized load profiles, computed as combination 

of modal components obtained from response spectrum analysis. The results of anal-

yses were the peak seismic responses obtained from the envelope of N+1 pushover 

analyses, where N is the number of storeys of the building investigated. For each push-

over step, the load profiles were maximized through a modal analysis, in order to reach 

the maximum damage parameter, in terms of θi. In (Surmeli and Yuksel, 2015) a variant 

of modal pushover analysis (VMPA) was proposed, based on an iterative process, able 

to modify the secant stiffness of the structural elements and then, able to account the 

dynamic behaviour variation. Using the equal displacement rule, for each analysis step, 

authors updated the moment-curvature law of structural elements through the compu-

tation of the secant stiffness on the ADRS plane, in order to consider the building be-
haviour in the inelastic field and to account for the plasticization. Changing the consti-

tutive laws of structural element, the dynamic parameters changed, such as the vibra-

tion modes, which ruled the definition of the load profiles. The application of the method 

provided high accuracy with the results obtained from NLD analyses, with some prob-

lems related to the structural elements in the upper stories. Other recent research works 

should be mentioned about the multimodal pushover, such as the ones proposed by 

(Kaatsiz and Suculoglu, 2014, Ferraioli et al., 2016, Colajanni et al., 2017, Ferraioli, 
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2017). The lack of a unique method able to define a “correct” load profile for simulating 

the seismic actions and, at the same time, able to take into account the stiffness vari-

ation in the post-elastic range induced several researchers to consider the possibility 

of performing NLS analyses with an adaptive load profile. This latter must be continu-

ously update, by considering the real damage state of the system and its structural 

elements. In the scientific literature, many adaptive pushover methods were proposed 

and developed. The first proposal of adaptive method was in (Bracci et al., 1997), 

where the authors developed a procedure valid for medium-low-rise buildings in which 

the load profile was updated when the stiffness variation become significant. The load 

pattern was update three times, as well as at the yielding, near to the collapse and at 
collapse. For each update, the capacity curve was compared with a range of seismic 

demand, depicted in the band in figure 4.17. Based on the position of the curves bundle, 

which was dependent from the dynamic parameters of the building, it was possible to 

understand the behaviour of the system under seismic action, with regard of the yield-

ing and failure states. 

 

Fig. 4.17 – Comparison of structural capacity and seismic demand, after the load profile up-
date (Bracci et al., 1997) 

 

In (Gupta and Kunnath, 2000) a new procedure was proposed, which provided 

the execution of a certain number of pushover analyses, according to the number of 

significant vibration modes. The load profiles were function of the elastic spectrum of 
the site considered and the analysis was conducted in incremental form, in which the 
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modal shapes associated to the tangent stiffness matrix were calculated at the begin-

ning of each load step. If at the end of a step, an element was yielded, the stiffness 

matrix was changed, accounting for the phenomenon. After evaluating the response 

parameters for each mode, they were combined through the SRSS modal combination 

rule. The authors applied the method to buildings with different heights, varying the 

strength and stiffness features of the case studies and evaluating the seismic demand 

parameters, such as Vb and θi. Concerning to their application, authors concluded af-

firming that, excluding the low-rise buildings, the higher modes must be considered in 

the analysis, such as done in their proposal. In (Elnashai, 2001), based on the proce-

dure developed in (Bracci et al., 1997) a procedure was proposed, based on a single 
pushover analysis in which at each load step, the load profile was determined by com-

bining the profiles corresponding to each vibration mode considered, through the SRSS 

combination rule. The author proposed two methods for updating the load profile, as 

the incremental and the total one. The total change of the load profile manifested insta-

bility problems. In the procedure, the structural element were investigated at each de-

formation level, varying the associated tangent stiffness matrix and inserting a param-

eter dependent from the response spectrum. In particular, the load profile was update 

through the factor CSa,I, computed as below: 

퐶 ,  =

푊 ∑ 훷 Γ 푆
∑ 푆

∑ 푊 ∑ 훷 Γ 푆
∑ 푆

 

(4.10) 

where k and l are counters, I is the number of storeys, j is the increment num-

ber, m is the number of modes, n is the storey considered, Φ is the mode shape vector, 

Γ is the coefficient of participating mass and Sa is the spectral acceleration. The method, 

which was an arbitrary extension of linear modal analysis, did not always provide ac-

curate results, with respect to the response of NLD analysis. Based on the procedure 

of previous research, other authors proposed an algorithm that allowed the develop-

ment of an adaptive pushover, able to account for the progressive stiffness deterioration 

and the effects caused by higher modes, as shown in (Antoniou and Pinho, 2004a). 
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The methodology, called Force Adaptive Pushover (FAP), was based on the previous 

work and had the aims of the accessible use, the identification of the critical regions 

where the strong inelastic deformations occur and the seismic demand for brittle ele-

ments and the good capacity of predicting the correct sequence of structural elements 

yielding, during the analysis. The steps of the procedure were similar to the ones shown 

in (Elnashai, 2001), where the scalar factor was called λ. The algorithm provided of 

updating the load profile in incremental or in total way, starting from an eigenvalue 

analysis of the structure. In particular, the modal load profiles proportional to the modes 

considered were determined by using the Lanczos algorithm and profiles were com-

bined through SRSS or CQC combination rule. The methodology was developed on 

several stick-models, where authors recorded the load profile shape, at different levels 

of total drift, such as shown in figure 4.18 

 

Fig. 4.18 – Update of the load profile, for different level of deformation (Antoniou and Pinho, 2004a) 
 

The results of analyses showed that, despite the capacity curves in terms of 

Vb-δR were acceptable, for some response parameters as the total drift, the methodol-

ogy did not provide a trend comparable with that calculated through NLD analyses. In 

order to improve the method, the same authors later developed an alternative procedure 
(Antoniou and Pinho, 2004b) called Displacement Adaptive Pushover (DAP), in which 

the innovation was represented by the use of a lateral displacement profile instead of a 

force profile. The methodology at the base of the procedure was analogous to the FAP, 

with greater results, in terms of total drift, as shown in figure 4.19. Generally, the new 

algorithm proved to be effective, thanks to the continuous update of the displacement 

profile shape, but suffered of a main limitations, consisting in the application of SRSS 

or CQC combination rules, which are valid for elastic systems, but scarcely indicated 

to NL systems. Other adaptive methods can be found in the literature, in which the 
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lateral load profile was updated at the occurrence of a defined number of plastic hinges. 

One of these (Raquena and Ayala, 2000) was based on the calculation of an equivalent 

vibration mode obtained by the SRSS combination of significant modes. 

 

Fig. 4.19 – Comparison of DAP and FAP results of a case study (Antoniou and Pinho, 2004b) 
 

Based on the experience of the scientific literature about non-conventional 

methods of NLS analysis, a general summary of the skills that a pushover methods 

should have, in order to predict the local and global structural responses, is below 

listed: 

 An inelastic analysis should account for the influence of higher modes, es-

pecially for irregular and high buildings; 

 An inelastic analysis should account for the variation of modal parameters 

in the post-elastic field, directly related to the occurrence of the plasticiza-
tion or the variation of constitutive laws of materials; 

 An inelastic analysis should account for the variation of damping level in 

the post-elastic field, for avoiding errors until 200% (number provided in 

Elnashai, 2001); 

 An inelastic analysis should account for the real development of the struc-
tural elements yielding and failure; 

 A pushover analysis should depend from the seismic demand, parameters 

easily considerable through the dependence of the load profile by the Sa 

(the most commonly used and directly related to the fundamental vibration 

modes); 
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 A pushover analysis should include in the analysis some features, often 

neglected in the pushover analysis, as the earthquake duration of the am-

plification effects; 

 The load profile of a pushover analysis should adapt to the continuous local 
variation of stiffness and strength, with the aim of equilibrating the system. 

  

Despite the non-conventional methodologies try to solve the above features, 

they are characterized by some limitations, especially from the practitioners point of 

view. Concerning the multimodal analysis, besides the well-explained problem about 

the time invariance of the load profile, the main problem for practitioners is the perfor-

mance of a lot of pushover, especially for irregular buildings, modelled with a 3D FE 

model. While, for the regular buildings, the multimodal analysis can be useless, con-

sidering that the capacity curve should locate between the response of the inverse tri-

angular and uniform profiles. In addition, for building extremely irregular, the multimodal 
procedures developed and described can provide structural response not enough pre-

cise. Regarding to adaptive methodologies, the concepts at the base of analysis is 

surely noble but, as shown in the scientific literature, they need algorithms usable with 

open source software (or low commercial software of high level). For concluding, the 

pushover analyses results are usually validated with NLD analyses, which strongly de-

pend from several features of the set of accelerograms chosen (other information will 

be provided in the next Sections) and then, this represents an uncertainty source. 

 

4.2.4 Proposal of an effective simplified multimodal approach: application to a case 
study 

The choice of a proper methodology of seismic analysis, such as the NLS anal-

ysis, can lead to have not accurate results, despite its consistence with the prescrip-

tions provided from the technical codes, as EC8. Especially for existing RC buildings, 

others factors can influence the response of analysis, as a reliable appraisal of the 
parameters involved in the structural modelling. It is evident that, for performing a cor-

rect assessment, the preliminary study of the building and the definition of the correct 

geometry, materials and loads are crucial for obtaining an effective FE model, able to 
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predict the real structural response in the elastic and inelastic field. In the Chapter 2, 

several information about the knowledge path have been provided, with specific refer-

ence to the in-situ investigations for determining the mechanical parameters of struc-

tural materials, as the concrete strength. As will show in the next Section, this latter 

parameter can be an uncertainty source, which can provide a structural response totally 

different from the real one. It is worth mentioning that the approach proposed and used 

in this application concern to a deterministic approach, which is friendly for practition-

ers. On the other hand, the scientific literature proposes approaches more refined, 

where the uncertainty sources, as the epistemic one, can be considered in probabilistic 

way, using some methodologies known as Monte Carlo simulation or first order second 
moment (these latter are not focus of this thesis). Here, the author is going to propose 

a methodology for accounting the uncertainty due to the irregularity of a building, 

through the application of a multimodal pushover analysis on a case study. The aim of 

the procedure is to estimate the building behaviour with a simple procedure, able to 

take into account for the dynamic irregularity of buildings, which means the irregularity 

in terms of modal parameters (T and M[%]). 

 The case study investigated is an existing RC school building located in Bovino, 

Province of Foggia, Puglia, Southern Italy. The building has a plant inscribed in a rec-

tangle of dimension 24.90 m x 35.65 m, 3 floors above ground and a pitched roof with 

total height of 15.55 m, as shown in the picture in Figure 4.20. The structure, built in 

the 60s’ in the absence of specific seismic codes, was designed considering only ver-

tical loads and it is constituted by a RC frame with beams and columns. The floor 

systems were constituted by ribbed slabs for the first two floors and SAP slab at the 
3rd floor. The case study is representative of the structural typology that constituted a 

school building stock in abovementioned geographic area. The dimensions of the struc-

tural elements are variable, according to the design loads, as summarized in table 4.4, 

which also reports the sectional parameters in terms of geometry (indicating with B and 

H respectively the height and the base of each section), longitudinal and transversal 

steel bars. In the table, the amount of longitudinal steel bars is indicated as the number 

n of bars, having diameter φ (nφ), whereas the amount of transversal steel bars is 
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indicated in terms of the ratio φ/s expressed in cm (s = spacing of stirrups, φ = 

diameter of stirrups). 

 

Fig. 4.20 – Picture of the existing RC school building investigated 
 

In addition, there is specific reference to the longitudinal bars orientation, ac-

cording to the global reference system of the building. It is also reported the amount of 

longitudinal steel bars in the middle (M) and in the End (E) sections of the beams. The 

foundations are constituted by plinths connected by beams, while the orientation of 

elevation beams is in just one way. Concerning to the in-situ materials, after some 

investigation about steel and concrete, the medium values founded are respectively, 

f’ym equal to 401 MPa and f’cm equal to 14.3 MPa. It is worth mentioning that the values 

of in-situ materials assumed will be modified in the next Section, considering that es-

pecially for the concrete, the f’cm is characterized by elevate dispersion. With regard of 
knowledge path, the building was object of investigations, performed within the just 

mentioned Agreement between “AdB Puglia” and “Polytechnic University of Bari” (Mez-

zina et al., 2011). According to the prescription provided by EC8 and based on the 

amount of in-situ investigation performed related to the building dimensions, a com-

plete process of knowledge on the case study was carried out. The knowledge level 
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achieved was a KL3, which allow of considering the mechanical parameters of materi-

als as provided by the tests.  

 
Tab. 4.4 – Dimension and geometry of structural elements 

Level Element B (mm) H (mm) 
Longitudinal bars Transversal 

bars X Y 

Ground 
floor 

Columns 400 600 4 Φ18 4 Φ16 Φ6/20 

 500 600 8 Φ18 4 Φ18 Φ6/18 

 550 700 8 Φ18 4 Φ18 Φ6/18 

 500 650 8 Φ18 4 Φ18 Φ6/18 

Beams 800 400 E: 3Φ18  M: 6Φ18 Φ8/15 

 800 200 E: 4Φ16  M: 4Φ16 Φ8/20 

 400 600 E: 3Φ16  M: 6Φ16 Φ8/15 

First 
floor 

Columns 400 600 4 Φ16 4 Φ16 Φ6/20 

 400 400 4 Φ16 4 Φ16 Φ6/20 

 400 650 4 Φ16 4 Φ16 Φ6/20 

 500 650 8 Φ18 6 Φ18 Φ6/20 

 350 400 4 Φ16 4 Φ16 Φ6/20 

Beams 800 200 E: 5Φ18 M: 8Φ18 Φ8/20 

 400 800 E: 6Φ18 M: 6Φ18 Φ8/15 

 400 600 E: 3Φ16 M: 3Φ16 Φ8/20 

Second 
floor 

Columns 400 400 4 Φ16 4 Φ16 Φ6/20 

 400 600 4 Φ16 6 Φ16 Φ6/20 

 350 400 4 Φ12 4 Φ12 Φ6/20 

 350 500 4 Φ16 4 Φ16 Φ6/20 

 300 300 4Φ12 4 Φ12 Φ6/20 

Beams 350 800 E: 5Φ16 M: 6Φ16 Φ8/20 

 350 700 E: 3Φ18 M: 3Φ18 Φ8/20 

 350 500 E: 2Φ16 M: 2Φ16 Φ8/20 

 

In order to investigate the structural response of the building, this latter has 

been modelled by using the FE software SAP2000. Beams and columns have been 
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modelled as one dimensional frame elements, assuming fixed end restraints at the base 

of the columns. Dead loads have been applied to beams, according to the direction of 

the joists and the influence area. In particular, G1 = 2.50 kN/m2, G2 = 1.00 kN/m2 for 

all floors; Q = 3.00 kN/m2 for the 1st and 2nd floor while Q = 0.50 kN/m2 for the top 

floor, this latter established according to the value provided by Italian codes for a ser-

vice floor. Thanks to the completeness of the available documentation, it has been pos-

sible to accurately reproduce the actual geometric configuration of structural elements. 

The pitched roof has been modelled by considering the mass consistently distributed 

on the supporting beams (a preliminary analysis has shown that there was no signifi-

cant variation by assuming a complete model with the actual inclination of joists). The 
NL behaviour of the building has been modelled by a lumped plasticity approach, con-

sidering a Takeda behaviour for cyclic loads and neglecting P-Δ effect (because it did 

not influence the analysis results of this case study). In this case, the concrete cracking 

effect has been considered, through the reduction of Ec, considering that, in NL analy-

sis, this effect may be considered when the plastic hinges overcome the yield limit. 
Regarding to the plastic hinges, they have been defined through the evaluation of the 

chord rotation demand and the corresponding capacity, for each section investigated, 

according to the formulation provided by EC8, as shown in eqs. 3.3 and 3.4. In partic-

ular, the plastic hinges have been placed at the ends of structural elements. It is worth 

remembering that the inelastic mechanisms considered for beams are only those due 

to simple bending, by defining a NL moment-rotation relationships. For the columns, 

the combination between axial and bending stresses has been considered, in order to 

define the NL moment-rotation relationships dependent from the variation of the axial 

stress. Based on the characteristics of the constructive elements of the floors, the hy-

pothesis of infinite extensional stiffness has been assumed, by introducing an internal 

rigid constraint at each floor. Ec of concrete has been calculated according to NTC08 

formulation, which depends by f’cm, Gc has been calculated according to the well-known 

elastic formulation which links it with Ec and ν. In this work, the possible activation of 

brittle shear mechanisms in the structural elements has been neglected, even if a very 

low amount of transversal reinforcements was detected during the investigation 
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phases. This is a quite common situation for Italian RC frame buildings designed in the 

absence of anti-seismic standards. It is thence evident that brittle shear mechanisms 

can develop since the very first steps of the analysis, undermining the objectives of the 

research study. It was supposed that shear mechanisms would be anyway preliminarily 

prevented by means of proper intervention strategies. In order to investigate the possi-

ble differences in modelling methods and to include the influences of secondary struc-

tural elements (such as influence of slabs and joists) an additional numerical model 

has been implemented, replacing the previous one and introducing horizontal elastic 

elements in the first two floors. In particular, the presence of double joists or concrete 

bands have been simulated, as detected from the in-situ investigation. In figure 4.21 is 
shown the plan of the case study, with specific reference to the position of the elastic 

elements inserted, as abovementioned.  

 

Fig. 4.21 – Carpentry of the case study. Red signs indicate double joists and concrete band 
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Being made from a different floor system, the 3rd level does not present addi-

tional contribution of double joists or concrete bands and, for this reasons, the elastic 

elements have been added only at the first two floors. Therefore, 2 numerical models 

have been made and, subsequently investigated. The model that account for the floor 

elements is called “complete model”. Preliminary eigenvalue analyses has shown that 

the explicit modelling of floor elements (double joists or large concrete bands) did not 

provide significantly effects, considering a lower variation of mass and stiffness in the 

numerical model. However, all subsequent analyses have been performed with refer-

ence to the complete model, which is closer to the real structural configuration. After 

an eigenvalue analysis, the modal parameters of the model investigated have been 
shown in the table 4.5, with reference to the first 6 Ts and the related M[%]s. 

 
Tab. 4.5 – Periods and participating masses of the building model 

Mode T (s) M[%]x (%) M[%]y (%) M[%]θ (%) 

1 0.849 86.066 0.066 3.468 

2 0.562 2.977 27.61 58.993 

3 0.517 0.625 64.694 29.189 

4 0.275 8.549 0.105 0.233 

5 0.211 0.226 3.32 5.46 

6 0.171 0.014 3.21 1.60 
 

For assessing the structural behaviour of the building in the inelastic field, NLS 

analyses have been performed on all models, for the two main directions X and Y and 

taking into account the gravity loads before of pushing the structure with horizontal 

loads. Nevertheless, based on the eigenvalue analyses, it is important to highlight that 

in the X direction, the M[%] of the fundamental mode is always greater than 85% for all 

models, whereas in the Y direction it is comprised in the range 60-65%, which is a level 

not sufficient for using a unimodal profile. Therefore, the focus of the subsequent eval-

uations is going to be the structural response along Y direction and only the results 

obtained from NLS analysis in this direction are going to be shown. Concerning to the 
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choice of load profile, for each model, the pushover analyses have been carried out by 

using an unimodal (ULP) and a multimodal load profiles (MLP). For completeness, NLS 

analysis by using inverse triangular and constant load profiles have been performed, 

but they are not reported here, because not significant for the aim of the research. The 

procedure used for defining the MLP accounts for a weighted contribution of significant 

modal shapes, considering new participation factors calculated using the response of 

the structure, obtained by the linear response spectrum analysis above performed. The 

main advantages of the procedure adopted consists in the performance of a multimodal 

analysis, by using just a unique load profile (different from the MPA proposed by Cho-

pra), which takes into account the higher modes contribute. As abovementioned, this 
is surely a benefit in terms of computational efforts, especially from the practitioners’ 

point of view. The adopted procedure was firstly proposed in (Caliò et al., 2010) and, 

after few modifications, the steps of procedure are listed below: 

1. The modal shapes {Φ}n are evaluated from the eigenvalue analysis. For 

each mode, the modal participation factors are computed as: 

훤 =
{훷} [푀]

{훷} [푀]{훷}
{푒}  

(4.11) 

being [M] the mass matrix of structure and {e} the influence vector asso-

ciated to the input direction of motion; 

2. From the elastic response spectrum, through a response spectrum analy-

sis, the modal displacements {D}n are determined. 

3. For each mode, the maximum modal displacements are function of the 

spectral values: 
{푢} =  Γ 퐷 {Φ}  (4.12) 

4. The maximum response {u}max, in terms of displacements, is evaluated 

through the application of the CQC combination rule of vectors {u}n. 

5. The Modal decomposition of {u}max into the modal contributions of the each 

vibration mode is performed and the corresponding participation factors are 

calculated as: 
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푧 =
{훷} [푚]

{훷} [푚]{훷}
{푢}  

(4.13) 

6. The NLS analysis is performed by using a MLP determined as the combi-

nation of the vibration modes of the structure, according to the participation 

factors obtained at step 5 and scaled with respect to floor masses (load 

profile normalized), as below reported 

퐹 , = φ 푧  
(4.14) 

where F0,i is the storey force of the MPL at the storey i, φi is the component 

of the eigenvector of the storey i for the mode n. After calculating the new 

participation factors zn by eq. 4.13, only the modes having a M[%] higher 

than 1% are taken into account, since the remaining modes had a negligible 

influence on the computation of the load profile. 

 

The above listed procedure has been applied to the FE model of the building, in 

order to obtain a MLP to be applied along Y direction. An observation about the proce-

dure is related to the combination rule used. In particular, the CQC is a combination rule 

that takes into account the sign of the eigenvectors and the phasing of the modes and 
then, of their maximum effects. Avoiding to report the formulation of CQC, easily fund-

able on whatever technical code, the author believe that the use of this combination 

rule is better than the SRSS, because this latter is always additive, with regard of the 

higher modes. In addition, the author knows that the scientific literature provides other 

combination methods, accurate and useful for accounting the inelastic phenomena and 

what these latter imply. On the other hand, the CQC rule is the most easy and practical 

way for combining the modes, from the practitioners’ point of view. Another key point 

is related to the MLP computation. In particular, the load pattern computed is composed 

by forces applied just in Y direction, in the centers of the mass of the storeys. In fact, 

the load vector does not take into account a bidirectional loading. In addition, in its 

computation, it is strongly influenced from the modes with higher M[%] in the Y direc-
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tion, while the modes with high M[%] in the X direction are accounted with them influ-

ence in the direction considered, which is low. This way to proceed is consistent with 

the use of pushover analyses in the practical application. For assessing the efficiency 

of the procedure, the results obtained from the NLS analyses, have been compared 

with the ones obtained from other NL analyses. In particular, 3 IDAs (Vamvatsikos and 

Cornell, 2002) have been performed, by applying 3 different artificial design-consistent 

accelerograms automatically generated with SIMQKE software (Gasparini and 

Vanmarcke, 1976), with duration equal to 20 seconds and stationary part of duration 

equal to 10 seconds. In figure 4.22, the accelerograms used are shown, considering 

them spectrum-compatibility with the elastic acceleration spectrum of site of case 
study, at LSLS. For performing the IDAs, the accelerograms have been properly scaled 

in amplitude. The value of scale factor has been increased of 0.25 per time, starting 

from a low action up to strong acceleration that caused the structure collapse. The aim 

of the analysis is to reproduce the trend of structural response in Y direction, in order 

to compare it with the ones obtained from the multimodal and unimodal analyses. To 

this scope, each accelerogram was composed by just one component, which was ap-

plied (and after scaled) in the Y direction. 

 

Fig. 4.22 – Artificial accelerograms used in the IDAs, simulated with SIMQKE software  
 

It is worth mentioning that when one performs an IDA with one accelerogram 

(or group) on a building, as suggested by some works about this topic, it is necessary 

to apply the two horizontal components of the accelerogram (in some case, also the 

vertical component) and, subsequently, one should  scale them up to the global insta-

bility. Furthermore, the IDA is suitable for investigating the linear and NL structural re-

sponse, in a probabilistic way, considering some phenomena that a pushover analysis 
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cannot account for, such as reversal effect, higher mode effect in the elastic field, pos-

sibility to find median and dispersion of the structural behavior (major details will be 

provide in the Sections 4.3.2). In this work, author recognizes that the term IDA can be 

improper in this application, because here IDAs have been performed by using artificial 

accelerograms (not recommended in this kind of analysis), with 3 accelerograms com-

posed by one component (not consistent from the probabilistic point of view). Hence, 

in this case, the performance of IDAs does not follow all concepts at the base of the 

original procedure, because the aim is to confirm if the multimodal procedure repro-

duces the trend of capacity curve (it should be done from the median of the results). 

On the other hand, the easier way for reproducing the behavior of a unidirectional push-
over can be the performance of some IDAs by using spectrum-compatible accelero-

gram, applied in the same direction and plotted in the same plane of the pushover. In 

this way, the results of IDAs are coherent with the ones obtainable from a pushover 

analysis. The results of the analyses obtained by increasing the accelerogram ampli-

tude have been depicted in the same graph of the NLS analyses, in the plane Vb-δR. 

With this regard, figure 4.23 shows the comparison among NLS analyses performed 

with ULP, MLP and IDAs results. The trend of IDA results come near the NLS analyses 

results obtained using MLP in both elastic and inelastic field for all models and this 

confirmed the validity of MLP calculated for estimating the real structural response. The 

comparison between the model can be summarized in table 4.6, where the percentage 

differences of Vb in two different cases, for two different values of roof drift (0.2% for 

the elastic range and 0.4% for the inelastic range) have been evaluated. The differences 

are reported in absolute value. 

 
Tab. 4.6 - Percentage differences of base shear between MLP and ULP, at defined values of the roof 
drift 

Roof drift (%) ΔVb,(UPL-MPL)(%) 

0.2 11.29 
0.4 6.81 
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Fig. 4.23 – Comparison among NLS analyses with ULP and MLP and IDAs 

 

From the results shown in figure 4.23 and table 4.6, one can observe how the capacity 

curves of the same model present differences, due to the load pattern employed in the 

pushover. This difference is more evident in the yielding zone, while the curves tend to 

rejoin in the post-elastic branch. The results makes physically sense, considering that 

using an ULP, we apply a system of force that account for torque. Then, in the elastic 
part, the torques cause this difference with a curve obtained by the MPL, which intrin-

sically consider the torsion contribute. After the yielding, the building loses the coupling 

of the modes and the effect of torque loses its power. Even the IDAs confirm the effi-

ciency of the methodology. Clearly, the methodology has been tested on a case study. 

The procedure should be tried on other cases study, in order to discover what can be 

its limits and leakages.  
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4.2.5 Appraisal of the influence of compressive strength variation by means of 
nonlinear conventional and multimodal static analysis 

In addition to the problem of irregularity in terms of modal parameters, as just 

mentioned in the previous Section, also the characterization of mechanical parameters 

of structural materials, as the concrete strength, can be represent a source of irregu-

larity and uncertainty. Generally, in order to investigate the features of an existing build-

ing, one should perform a largest number of materials tests (DTs and NDTs). This prac-

tice has the aims of improving the accuracy and quality of information about the me-

chanical parameters of in-situ materials and the one of avoiding an excessive penaliza-

tion of materials strength with consequent penalization of the CDR, according to the 

philosophy proposed by EC8. On the other hand, the immediate consequence is the 

disproportionate in the immediate release of costs of the assessment. In addition, be-
sides being uncertainty source, the mechanical parameter of a building can represent 

also an irregularity source for the existing RC buildings, especially in the cases of dif-

ferent concrete strengths, distributed randomly among the structural elements. This 

can be mainly due to constructive technologies, which did not provide acceptance cri-

teria for the cast in place concrete in the existing RC buildings built about 50 years ago. 

Assuming the number of in-situ tests that have not to exceed a certain cost, it is pos-

sible that the in-situ characterization of the materials of existing buildings can provide 

results very dispersed. This situation can lead to a subjective choice of the key features 

of in-situ materials, with possible wrong estimation of the structural behaviour of build-

ing.  The case study investigated in the previous Section is proper characterized by this 

kind of problem. In particular, concerning to the investigation performed on the struc-

tural elements, in order to estimate the mechanical properties of steel, the investigation 
plan provided the execution of the widespread pacometric tests, with the performance 

of them in 18 structural elements and tensile and bending tests of reinforcement bars, 

at each floor, for a total number of 3 tests. The results revealed the presence of smooth 

bars of "Aq42" steel class, a mild steel with f’ym equal to 401 MPa. With regard to the 

assessment of concrete mechanical properties, the extraction of 9 cylindrical cores 

was performed, which were subjected to laboratory compression tests. As shown by 
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scientific literature, the DTs on concrete specimens can be integrated with NDTs. There-

fore, an investigation plan about mechanical parameters was drafted, wherein 28 NDTs, 

like ultrasonic tests were performed. Table 4.7 shows the results in terms of cubic 

strength (Rc) and, through a correction factor, the values of cylindrical strength (Fc) for 

each specimen. In addition, the table shows the dimensions of specimens (d and h) 

and the specific weight of the in-situ concrete (γc). 

 
Tab. 4.7 – Results of compression tests on RC specimens 

Core d (mm) h (mm) Fc (MPa) Rc (MPa) γc (kg/m3)  

C1 94.00 94.00 11.60 12.05 2131 

C2 94.00 94.00 25.20 25.95 2290 

C3 94.00 94.00 15.50 16.30 2253 

C4 94.00 94.00 17.50 17.65 2242 

C5 94.00 94.00 11.90 12.15 2281 

C6 94.00 94.00 13.10 13.50 2154 

C7 94.00 94.00 12.80 13.20 2096 

C8 94.00 94.00 11.50 11.65 2134 

C9 94.00 94.00 14.80 15.45 2263 

 

The results of compression tests showed a relevant dispersion of the strength 

values and consequently the mean value could not be assumed as representative pa-

rameter in view of the structural modelling. In particular, the difference between the 

maximum and the minimum values found for the compressive strength was equal to 

14.3 MPa, with a RSD (as defined in section 2.2) equal to 0.29, whereas the threshold 

indicated by FEMA is 0.14. Even the performance of NDTs, which usually allow of un-

derstanding the presence of different homogeneous strength classes of in-situ con-

crete, confirmed the uncertainties related to characterization of these parameters. In 

order to understand how the in-situ materials influence the structural response, the 

numerical model shown in the previous Section has been duplicated to 3 FE models, 

which are characterized by different f’cm. In particular, in each model, steel strength has 
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been assumed according to in-situ measured parameters (f’ym = 401 MPa). Regarding 

to the concrete, a sensitivity analysis has been proposed, performed with regard to the 

concrete strength value. 3 possible values of f’cm have been considered, as well as 10 

MPa, 20 MPa and 30 MPa, based on the range of strength values provided by destruc-

tive tests. This choice clarifies that the purpose of this work is not determine the repre-

sentative value of f’cm for our existing RC structure. The purpose is to study several 

engineering scenarios related to the assessment of existing RC buildings, wherein the 

author want to show the possible structural responses, analysing a real case study  and 

varying the in situ concrete strength in a certain range of values. For the 3 numerical 

models of investigating, through the performance of eigenvalue analyses, the natural 
vibration modes have been computed. Figure 4.24 reports the shape of the first 2 

modes for the complete model, which has a value of fcm = 10 MPa. Herein, this model 

has been assumed as the reference one for all subsequent comparisons, because it 

has an f’cm nearest to the average of results obtained by compressive tests previously 

computed. 

 

Fig. 4.24 – Shape of vibration modes in the two main directions, for the reference model 
 

 In table 4.8 are shown the first 6 Ts and the related M[%]s for the reference 

model, whereas in table 4.9 are shown the percentage variations of T and M[%] in the 

two main directions of the others two models, for which f’cm=20 MPa and 30 MPa. 

Subsequently, a modal response spectrum analysis has been performed, according to 

the features of the building site. In particular, the seismic action has been defined 

through the definition of the elastic response spectrum calculated in the building site. 
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Tab. 4.8 – Periods and participating masses of reference model 

Mode T (s) M[%]x (%) M[%]y (%) M[%]θ (%) 

1 0.876 87.123 0.031 3.458 

2 0.573 1.940 33.326 59.909 

3 0.542 0.629 59.037 28.125 

4 0.284 8.643 0.073 0.233 

5 0.216 0.145 3.415 5.641 

6 0.179 0.00985 3.134 1.589 

 

To this scope, a design nominal life (NL) of 50 years and an usage class (UC) 

III (to which a Coefficient of importance cu equal to 1.5 is associated) have been as-

sumed, in order to determine the reference Tr for the seismic action at the LSLS. Ac-

cording to the seismic hazard map of Italy, the PGA of the building site, for an A-type 

of ground is equal to 0.2491/g, where g is the gravity acceleration. As suggested by 

EC8, the response spectrum analysis has been performed assuming a design spec-

trum, computed by using a q=1.5, which is the minimum value for RC building and the 

suggested value for existing buildings. Results in terms of stress distribution on the 

structural elements have been compared among the different FE models. In particular, 

in table 4.10 are shows the comparison, in terms of maximum percentage variation, of 

the bending moments, shear stress and normal stress among the reference model and 
the models with f’cm= 20 MPa and 30 MPa. 

 

Tab. 4.9 – Variations of periods and participating masses among the reference model and 
models having fcm equal to 20 and 30 MPa 

Mode 
f’cm = 20 MPa f’cm = 30 MPa 

ΔT(%) ΔM[%]x (%) ΔM[%]y (%) ΔT(%) ΔM[%]x (%) ΔM[%]y (%) 

1 -9.86 -0.01 0.00 -15.17 -0.02 0.00 
2 -9.86 0.05 0.07 -15.18 0.10 0.11 
3 -9.87 0.00 -0.05 -15.19 0.00 -0.07 
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Tab. 4.10 – Variations of stresses among the reference model and other ones  

f’cm = 20 MPa f’cm = 30 MPa 

ΔNmax (%) ΔTmax (%) ΔMmax (%) ΔNmax (%) ΔTmax (%) ΔMmax (%) 

7.11 1.62 11.63 10.36 2.60 16.99 
 

The figure 4.25 shows the geometric configuration of the frame considered for 

computing the stress differences in table 4.10, which is indicated in figure 4.21, by a 

light blue dashed box. In the figure, it is possible to appreciate the dimensions of the 

structural elements in a vertical section of buildings, through an extruded view of the 
FE model. 

 

 

Fig. 4.25 – Geometric dimensions of a representative frame of the case study 
 
The comparisons of modal parameters in table 4.9 (T and M[%]) shows that 

for the T, variation of f’cm provides differences about, respectively, 10 and 15%, which 

cannot be considered very high. In addition, the differences of M[%] among the models 

are negligible, which means that the shapes of vibration modes are the same. Concern-

ing to the stress variation among models, table 4.10 shows that the differences are in 

the order of 10-15%, such as occurred for the modal parameters. These evidences 
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suggested that a wrong evaluation of the in situ concrete mechanical parameters, as 

f’cm, could provide variation in the elastic field relatively low, for a case as the one in-

vestigated (low-rise building). Regarding to the NLS analysis, analogously with what 

done in the previous Section, the results are going to show only for Y direction, due to 

a M[%] in a range of 60-65%, value not sufficient for applying a ULP. Therefore, for the 

3 models, the pushover analyses have been carried out by using a ULP and the MLP, 

computed according to the procedure before proposed, in order to obtain a MLP to be 

applied along Y direction. Clearly, for each model there are variations of the modal pa-

rameters, with consequent variation of the MLP shape. In figure 4.26, the MLP com-

puted for the reference model, through the specified procedure, is shown, where in 
abscissa there is the normalized force, related to the weight of building storeys and in 

ordinate, there is the height of the building. In the figure, the MLP is compared with an 

inverse triangular load profile, normalized in the same way. 

 

Fig. 4.26 – Comparison between multimodal and inverse triangular load profiles 
 

Then, the MLP has been implemented in the FE models, in order to perform 

multimodal NLS analyses, besides to use the ULP for NLS unimodal analyses. For each 
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of the 3 models, varying the load profile shapes and the mechanical parameters of 

materials, capacity curves have been obtained and the these latter have been compared 

with the reference model, in order to appraise the differences among the related capac-

ity curves. In addition, in order to assess the NLS analyses results, varying the assump-

tion about in-situ material, IDAs have been carried out, according to the artificial accel-

erograms of figure 4.22 and performing the analyses in the analogous way (one com-

ponent in Y direction and same scale factors). The results of the analyses have been 

plotted in the same graph of the NLS analyses, in the plane Vb-δR. With this regard, 

figure 4.27 shows the comparison among NLS analyses performed with ULP and MLP, 

applied on the 3 models (f’cm= 10 MPa, 20 MPa and 30 MPa) and IDAs results. 

 

Fig. 4.27 – Comparison among NLS analyses and IDAs, varying the concrete strength 

 

Also in these cases, the trend of IDA results come near the NLS analyses results 

obtained using MLP in both elastic and inelastic field for all models and this confirmed 



 226

the validity of MLP calculated for estimating the real structural response. The compar-

ison is also summarized in table 4.9, in terms of percentage differences of Vb in the 

different cases, for two different values of roof drift (0.2% for the elastic range and 0.4% 

for the inelastic range). From the results, it is possible to appreciate the clear difference 

of the elastic stiffness with the variation of concrete from 10 MPa to 30 MPa. In addi-

tion, table 4.11 shows that the uncertainty of the building response in the inelastic field 

related to the variation of f’cm (curves of different colors), which is greater than the one 

due to the approximation related to analysis method (curves and points of same color). 

This evidence, albeit limited to the case study examined and therefore not directly gen-

eralizable, clarifies the importance of the phase of in-situ investigation about mechani-
cal parameters in the vulnerability assessment of RC buildings, phase that is often dis-

regarded with respect to those of structural modeling and analysis. 

 
Tab. 4.11 - Percentage differences of base shear among different models, at defined values of the roof 
drift, due to the variation of fcm in all structural elements of the building 

Roof drift (%) 
fcm = 10 MPa fcm = 30 MPa fcm 10 - fcm 30 
ΔVb,(UPL-MPL)(%) ΔVb,(UPL-MPL)(%) ΔVb,(UPL)(%) 

0.2 9.62 20.58 30.76 
0.4 15.38 16.67 29.23 

 

Additional analyses have been carried out, by considering the eventuality that 

concrete classes used in construction phases may be different from floor to floor, due 

to possible errors in execution (addition of water in the concrete mixture in order to 

improve the workability, inaccurate in-place concrete compaction, etc...). In particular, 

3 scenarios have been considered, by varying the f’cm in a single floor per time in the 

numerical model. This time NLS analyses have been performed in the Y direction only 

through MLP and the results are compared with the ones obtained from the IDAs anal-

yses performed in the same way of the precedent one (by using the accelerograms in 
figure 4.22). In particular, the capacity curve, provided from MLP on the model with 

f’cm=30MPa has been compared with the results provided by multimodal NLS analyses 
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and IDA by changing the f’cm of each floor, from 30 MPa to 10 MPa. In figure 4.28, the 

results of the analyses are shown.  

 

Fig. 4.28 – Comparison among NLS analyses and IDAs, varying in turn the concrete strength 

at each floor 
 

Analogously to table 4.11, table 4.12 shows the percentage differences in 

terms of Vb at two different values of roof drift (0.2% - elastic range; 0.4% - inelastic 

range).  

 
Tab. 4.12 - Percentage differences of base shear among different models, at defined values of the roof 
drift, due to the variation of fcm in turn of each storey of the building 

Roof drift (%) 
Variation 1st floor Variation 2nd floor Variation 3rd floor 

ΔVb (%) ΔVb (%) ΔVb (%) 

0.2 18.54 8.83 4.53 
0.4 20.99 4.21 0.59 
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By varying the concrete strength at each floor, it has been observed that the 

results had little variations, except for the case of first level. The results summarized in 

table 4.12 and figure 4.28, show that the failure of the structure, neglecting brittle mech-

anisms and considering that in all analyses the system collapses for soft storey at the 

1st level, is greatly accentuated decreasing the f’cm of the structural elements at the first 

level. To confirm the above results, in figure 4.29 are showed how plastic hinges are 

formed in one main frame, at 0.4% of roof drift. In particular, in the figure the formation 

of plastic hinges for that displacement value are depicted, with specific indication to 

plastic deformation.  

 

Fig. 4.29 – Formation of plastic hinges in one main frame at 0.4% of roof drift 
 

In the case of material variation at the 1st floor, the building almost reached the 

collapse (ultimate rotation for the hinges at the base of first columns), differently from 
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the other cases, where the building is yet yielded, besides a different formation of plas-

tic hinges. This evidence confirms the necessity to have specific rules about the distri-

bution of in-situ investigation among the floors of the existing RC buildings. 

 
4.3 Nonlinear dynamic analysis 

The NLD analysis is a generic term for indicating an analysis able to compute 

the time dependent NL response of a structure, assuming as external input one or more 

acceleration waveforms. In particular, an analysis that provides the application of one 

acceleration time history on a structure can be defined as nonlinear time history (NLTH) 

analysis. The scientific community has always considered this kind of analysis as the 

most suitable method for simulating the seismic response of structures, considering 

the research of a faithful simulation of the real seismic excitation. In particular, the ap-
plication of a ground motion to a building, leads to have a full time history response of 

the structure, accounting whatever interest quantity, such as displacements, stresses, 

section rotations and so on. Due to the typology of numerical model, which simulates 

the structure, the response can be linear or NL and, in this latter case, the geometrical 

and mechanical parameters of materials, section and structural elements should be 

accounted for, according to the nature of the building (for RC buildings, these features 

are widely described in the precedent Chapters). In addition, the numerical model 

should including the hysteretic behaviour, necessary for estimating the energy dissipa-

tion due to cyclic loads. Mathematically, a simple NLTH analysis is performable on a 

MDoF structure, through the resolution of a system of linear differential equations of 

second order. In particular, the system of equilibrium equations for a MDoF structure 

in motion, responds to the d’Alembert principle, which is writable as: 

[푀]{푢̈(푡)} + [퐶]{푢̇(푡)} + [퐾]{푢(푡)} = {푆(푡)} (4.15) 

where [M], [C] and [K] are, respectively, the matrices of mass, damping and 

stiffness of the structure, {S(t)} is the time dependent vector of the seismic loads, 

{ü(t)},{ù(t)} and {u(t)} are respectively the acceleration, velocity and displacement 

vectors to whom the system is subjected, due to the external forces. The above princi-

ple is characterized by elastic quantities, which can be extended to NL cases, in which 

it is solved for a FE model that accounts for geometrical and mechanical nonlinearities. 



 230

In both elastic and inelastic cases, for solving the equations system, the scientific liter-

ature provides some numerical procedures and techniques, which provide the direct 

integration (e.g. Newmark method). In particular, the system is integrated, using step-

by-step procedures, does not transform the equation before the numerical integration. 

Despite the NLD analysis is considered the best method for performing a seismic anal-

ysis, its application hides several disadvantages, such as the time and the computa-

tional efforts of the analyses. Moreover, the aim of the method is not of analysing the 

structural response due to a single earthquake record, considering the high uncertain-

ties related to the seismic demand and the structural capacity. Therefore, NLD analysis 

must be performed by using a seismic input characterized by a certain set of ground 
motion records, selected in a certain way, able to provide the most reliable structural 

capacity trend. In the next Section, information about the seismic input selection will be 

described, according to the scientific literature and the EC8 prescriptions, with insertion 

of critical observations from the practitioners’ point of view.  

 

4.3.1 Seismic input: number, selection and scaling 
The choice of the set of accelerograms for the design or assessment purposes 

is a difficult task, due to the high uncertainty related to the nature of the seismic exci-

tation. Concerning to the procedures involved for performing one of a series of NLD 

analysis, the set of accelerograms should respect the real seismic demand for a struc-

ture, according to the hazard of the building site. General information about the phase 

of seismic input determination for NLD analysis have been provided in Chapter 2, 

speaking about the probabilistic seismic hazard analysis (PSHA). Before speaking 
about the accelerograms, it is important to define briefly the characteristics of acceler-

ograms that rule the ground motions and the influencing factors of them. In particular, 

the main characteristics of accelerograms are:  

 Amplitude; 

 Frequency; 

 Duration. 
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Concerning to the amplitude, the main parameter for defining the ground motion 

severity is the PGA, which is the maximum value of acceleration in a time history rec-

ord. On the other hand, the PGA parameter cannot define the potential damage of the 

earthquake and for this reason, by integrating the records, it is possible to compute the 

peak ground velocity (PGV) and the peak ground displacement (PGD), definable in the 

analogous way of the PGA. Generally, the PGA is strictly related to the dynamic forces 

induced by the seismic event on the structure and it is the best parameter for identifying 

the more destructive events, especially for low duration of the motion. On the other 

hand, it cannot always provide information about the damage of the structure, evidence 

shown on some structure, subjected to earthquakes with high values of PGA, which 
reported low damage. The PGV is a parameter useful for motion with intermediate fre-

quency and for this reason, it is adapt for investigating the effects on structures sensi-

tive to intermediate frequency, such as high and flexible buildings or bridges. On the 

other hand, it is low sensitive to motion with high frequency. The PGD is the best pa-

rameter for characterizing the motion with low frequency. On the other hand, it is pro-

vided by a double integration of the acceleration, which lead to have errors in its com-

putation (problem that can be overcome through direct measurements).  

Regarding to the frequency, this parameter describe how the amplitudes of the 

motion are distributed in the signal. It is indispensable for defining the dynamic re-

sponse of the structure, considering that the effects of the motion on the structure are 

strictly related to the ratio between the frequency of the ground motion and the natural 

frequency of the building. Mathematically, the motion can be described as sum of sim-

ple harmonic functions, characterized by different frequencies, amplitudes and phases. 
Each function is computable through the Fourier transform. Hence, for defining how to 

vary the amplitude at the variation of the frequency, it is necessary to define the Fourier 

spectrum, which provides information about the predominant frequencies and ampli-

tudes. Some measures, strictly related to the frequency can be extracted from the Fou-

rier spectrum, as the predominant T, the band amplitude, the central frequency and the 

shape factor. However, this introduce the concept of response spectrum, which de-

scribes the maximum response of a SDoF system, for a particular input motion, at the 
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variation of the natural frequency. It is worth mentioning that the abovementioned spec-

tra are different, because the first one describes the seismic motion while the second 

one describes the response.  

Concerning to the duration, this parameter is related to the time request for 

releasing the energy accumulated along the rupture surface and then, depend from the 

seismic moment and from the magnitude. From the engineering point of view, despite 

the duration contains all accelerations recorded in the complete motion event, the rele-

vant part is the strong motion one, definable with the duration Td. This latter is defined 

as interval between the first and last exceeding of an acceleration threshold (e.g. 0.05g) 

or the interval between the instants in which the energy recorded is equal to 5% and 
95%. In addition, the scientific literature provides other parameters for describing the 

seismic motion, which take into account the combination of the motion characteristics 

above defined, such as the Arias intensity, the root mean square acceleration and the 

spectrum intensity (Acevedo, 2003 and references therein). Regarding to the influence 

factors of accelerograms, it is worth considering the below list of parameters:  

 Characteristics of sources, 

 Path; 

 Site effects. 

 

Concerning to the characteristic of sources, earthquake events are caused by 

the release and propagation of energy due to the rupture of the earth’s crust in a certain 

point. For characterizing the source of the event, the main parameter is the magnitude, 
which is the measure of the energy released in the earthquake. This is classified through 

magnitude scales, such as the Richter one, which rules the size of the earthquake. 

Other characteristic of sources are the rupture mechanisms, directivity and focal depth.  

For identifying the path that the energy released runs, the main parameter to 

describe is the distance. It is measured form the point in which the rupture occurs to 

the building site. The definition of distance can be simply the hypocentral distance, 

which is the distance between the building site and the hypocentre. Clearly, with a major 
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distance, some path effects increase, such as the reduction of the amplitude. Another 

parameter for characterizing the path is the crustal structure.  

Regarding to the site effects, the earthquake propagation is dependent from the 

material, which constitutes the soil layers. Clearly, a soil constituted by rock tends to 

attenuate the shaking, toward a soil constituted by clay, lime or sand. In addition, the 

event can be strongly influenced from the ground topography of the ground surface. 

In order to define the seismic hazard of the building to assess, the magnitude 

and distance should be combined. With this regard, the attenuation relationships (or 

attenuation models) are defined, which are able to define the strong motion parameters 

as function of other ones that represent the earthquake on a site of interest. An attenu-
ation relationship is usually based on empirical data, which includes almost the mag-

nitude-distance bin. The aim of this step of PSHA is not to define the distribution of the 

magnitude and distance, but to predict the probability distribution of the ground motion 

intensities. As reported in (Baker, 2008a), the general formulation of the attenuation 

model is:  

ln 퐼푀 = ln 퐼푀 (푀, 푅, 휃) + 휎(푀, 푅, 휃) 휀 (4.16) 

where ln IM is the natural logarithm of the ground motion intensity measure 

(IM), which is the sum of median and standard deviation (σ) of the same ground motion 

intensities, dependent from the magnitude (M), distance (R) and other parameters (θ). 

ε is the standard random variable, which represents the variability observed in the ln IM 

definition. Once that the attenuation models are defined, it is possible to compute the 

probability of exceeding a certain IM level, given a magnitude-distance bin, through the 

application of the total probability theorem. The general equation of PSHA, able to com-

pute the rates of exceeding a certain IM for the source considered (λ(IM > x)) is: 

λ(퐼푀 > 푥) = λ(푀 > 푚 ) 푃(퐼푀 > 푥|푚, 푟) 푓 (푚)푓 (푟)푑푟푑푚 (4.17) 

where Mi and Ri are the magnitude and distance for the ith source, fM(m) and 

fR(r) are the probability distribution factors of magnitude and distance. By using the 

equation 4.17, the result is the hazard curve, properly defined in the Chapter 2. Within 

this latter, the hazard curve is strictly related to the UHS, which is the target to consider, 
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for a certain LS and for describing the hazard of the site. Therefore, the choice of ac-

celerograms to apply on a building in a certain site must be depend from the hazard of 

the building site. In this frame, the main features to define about the seismic input, at 

the base of the performance of a NLD analysis, are summarized below: 

 Typologies of accelerograms;  

 Selection methodologies of accelerograms; 

 Scaling techniques; 

 Number of accelerograms; 
 

Concerning to the typologies of accelerograms, it is possible to use 3 kinds of 

records: artificial, synthetic and natural accelerograms (Bommer and Acevedo, 2004). 

The artificial accelerograms are unreal signal generated for matching the target spec-

trum (usually the code spectrum or the uniform hazard spectrum (UHS) in the building 

site, for a certain LS). In particular, with the total compatibility, the signal obtained are 

usually constituted by a high number of cycles, with the generation of records that 

reach an elevate energy dissipation from the structure. This can cause a conservative 

result of NLD analysis, which can be appropriate in design procedure, but not in the 

assessment. For generating artificial accelerograms, the scientific literature provides 
some software, such as the above used SIMQKE (Gasparini and Vanmarcke, 1976). 

The synthetic accelerograms are unreal signal generated by modelling, through deter-

ministic or stochastic methods, some ground-motion characteristics, accounting for 

some influencing factors of signals. The use of the synthetic signals is due to particular 

scenarios, for example for simulating an unusual magnitude. Despite the scientific lit-

erature provides some methodologies for defining synthetic accelerograms (Boore, 

2003, Cornell, 2004), their generation reaches many efforts and for this reason, they 

are rarely involved in the NLD analysis. The natural accelerograms are the ones rec-

orded from the earthquakes really happened. In particular, this kind of records are the 

most reliable ones to use in the seismic analysis, considering that this signals take into 

account all ground-motion characteristics, besides to consider the influencing factors 

of accelerograms, all abovementioned. Despite these kinds of records represent the 
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real events, the main disadvantage is related to the difficult of matching the spectrum 

of signal with the target spectrum, also considering the large record variability for rep-

resenting the real building site scenario.  

Generally, the natural accelerograms are usually collected in on-line database, 

on which one can select a certain number of records, according to the target spectrum, 

by using appropriate criteria of selection and, in the case, manipulation. This introduce 

the aspects about the selection of accelerograms. About this topic, some researches 

focus in the choice of natural records, developing some tools for selecting the signals 

compatibly to the code spectrum as REXEL (Iervolino et al. 2010) or conditional mean 

spectrum (Baker, 2011). Generally, for the records selection, two macro-methodolo-
gies can be adopted:  

 Selection in terms of seismological parameters; 

 Selection in terms of spectral matching. 

 
Regarding to the record selection in terms of seismological parameters, the 

procedure to perform is called disaggregation (or deaggregation), which is the inverse 

procedure of the hazard curve definition above explained. In particular, starting from the 

target spectrum, defined for a site with a certain kind of soil and for a structure with 

certain NL and UC, all for a given LS, the procedure consists in the determination of the 

several seismic sources contribute to the hazard scenario in the site.  

 

Fig. 4.30 – Example of disaggregation (Iervolino et al., 2010) 
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In other words, as shown in figure 4.30, for a disaggregation in terms of M and 

R, the process provides several records, where each record is defined by a M-R bin, 

which has certain probability of exceeding the in situ PGA. Obviously, this is not the 

sole procedure for selecting accelerogram, but one can perform the choice according 

to the abovementioned geophysical parameters, such as the expected faulting, duration 

and so on (see Bommer and Acevedo, 2004). 

Regarding to the record selection in terms of spectral matching, the goal is to 

choose accelerograms in order to have the spectrum of the record close with the target 

one or with a part of it. With this regard, one should select a certain IM and to find a set 

of records that match the target spectrum, following this parameter, independently from 
M and R. The choice of the IM is not easy and it was object of several studies from the 

scientific community. In particular, the IM to select must be practical, efficient and suf-

ficient (Luco and Cornell, 2007). Regarding to the practicality, the IM must be chosen 

according to the necessity to have a parameter directly related to the result of attenua-

tion relationship results. This usually converge in the use of the PGA. On the other hand, 

the IM should be a parameter dependent from both hazard of the site and building to 

investigate, able to describe the seismic response of the structure. In the NLD analysis, 

the response of building through the choice of an EDP, which must be significant in 

terms of damage due to the application of seismic force. As in the pushover curve, the 

δR and θi are the most involved parameters for identifying the structural behaviour. 

Hence, a sufficient IM consists in a parameter that provide a structural response, in 

terms of EDP, conditioned by the same IM, which is independent from the ground mo-

tion characteristics as magnitude and distance. An efficient IM consists in a parameter 

that provide a structural response, in terms of EDP conditioned by the same IM, which 

is characterized by small dispersion. As shown by scientific literature, the most used 

parameter of IM for the records selection is the Sa(T1), obtained from the elastic target 

spectrum, 5% damped (Shome at al., 1998), which is also the most used approach 
provides in technical codes. The Sa(T1) is not always sufficient, such as in the case of 

soft-soil and near-source records. This problem occurs also when one scales the ac-

celerograms with large scale factors. In addition, for structures with high influence of 
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higher modes, the T1 is not significant in the power prediction and better results are 

provided by the spectral acceleration of the fundamental vibration mode. Another IM 

can be the PGA, which is a good parameter for estimating the non-structural response 

(Iervolino et al., 2008). A series of methods for selecting the IM is provided in (Kazantzi 

and Vamvatsikos, 2015), where it was carried out a comparison of IM selections for 

single and class of buildings. For example authors adopted for a class of buildings, an 

IM equal to Sa(T=1s) for moderate to long period structures and Sa(T1m) for a generic 

class of buildings, where T1m is the median value of the Ts related to the first mode of 

all buildings considered. A valid approach for a single building, with the aim to obtain a 

sufficiency and efficiency of the IM, is the following (Bayer and Bommer, 2007): 

푆 (푇 ) =  푆 (푇 )  (4.18) 

where Sagm is the geometric mean of spectral acceleration values for the n Ts. 
This formulation can be used for combining both horizontal components of accelero-

grams and for a range of Ts defined on the base of the case study. This formulation 

introduces the concept of spectrum matching in a band of Ts. In fact, the Sagm can be 

computed assuming as bounds, values of Ts that are function of the first vibration mode 

(see references in Kazantzi and Vamvatsikos, 2015).  About this topic, the EC8 sug-

gests to match the records (the code does not provide limitation about the kind of ac-

celerograms) with the code spectrum, with a limitation that the mean of the Sa(T=0) 

must not be smaller than PGA*S, where S is the term that considers the soil class and 

the topography of the site. In addition, EC8 provides limitation about the matching with 

the target spectrum in a T range of interest (between 0.2T1 and 2T1,), where anyone 

record must be less than 90% of the code spectrum values. In each case abovemen-

tioned, the record selection phase can be very complicated for the practitioners. For 
this reason, a friendly method for the record selection can be the randomly selection, 

after the identification of the building site, in terms of PGA, according to a seismic 

hazard models. For example, the EFHER association (Giardini et al, 2013) provides a 

seismic hazard model of Europe, considering the PGA with 10% in 50 years exceedance 
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probability. In this model, a classification of hazard level was proposed, with a distinc-

tion among low (PGA=0.05g-0.15g), moderate (PGA=0.15g-0.25g) and high 

(PGA=0.25g-0.35g) hazard, basing on different PGA ranges. To each hazard level is 

attached a set of accelerograms and practitioners, based on the building site PGA, can 

select the records useful for NL dynamic analysis. In (Iervolino and Cornell, 2005) au-

thors compared the structural response obtained from the application of a set of rec-

ords chosen randomly and another one chosen according to the seismological param-

eters. The results showed that there was no evidences for preferring the above first or 

second set of records. Clearly, for matching the seismic hazard in the site investigated 

and the dynamic behaviour of building to analyse, it needs of scaling the records se-
lected. 

Regarding to the scaling phase, besides to matching the records with the spec-

trum, the utility of the scaling is also due to the necessity of investigating the structural 

response to different IM levels, such as occurs in the structural analysis phase of the 

PBEE. To this latter scope, the set of record can be scaled in a certain way, depending 

from the method of NLD analysis or can be substituted with another set of records 

(some authors do it, in order to do not vary the features of the accelerograms). In the 

practical application it is preferable to select one time the records and after to scale 

them, rather than changed the set of data for different IM levels. The most common 

way for scaling the accelerogram is the scaling in amplitude, using IM values as PGA 

(adapt for structures with low Ts), PGV (adapt for structures with moderate-high Ts), 

PGD (adapt for structures with high Ts) and Sa(T1). This latter is the most used ap-

proach suggested by technical codes, with the disadvantage of the sole dependence 
from the structural features, but not from the seismological parameters. For the meth-

odologies, which provide the scaling in amplitude, it is worth mentioning that it can be 

performed by using other parameters, such as the Arias intensity, the root mean square 

acceleration and the spectrum intensity.  Other methodologies for scaling the acceler-

ograms can be the scaling in time, scaling by wavelets or Fourier transform and scaling 

through seismological parameters. The scaling in time consist in the variation of dura-



 239

tion and frequency. This kind of scaling method is low used, considering a certain en-

ergy variation, besides to the loss of the ratio between duration and number of cycles. 

The scaling by wavelets or Fourier transform consists in the modification of the re-

sponse spectrum through the addition of wavelets, in order to match the target spec-

trum. The scientific literature proposes some works with NLD analysis in which the 

accelerograms were modified in this way (Hancock et al., 2008) and some software 

perform this transformation, such as RSPMATCH (Abrahamson, 1998). Scaling with 

seismological parameters is low common and not preferred toward other methods, 

among the scientific community. Finally, a fundamental parameter for performing NLD 

analysis is the number of accelerograms. Generally, in the scientific literature, the num-
ber of accelerograms for NLD analysis is different among the research works. The ad-

vantage to use a lot of records is a consistent estimation of the structural response, 

with a low bias of the results (Hancock et al., 2008). On the other hand, in a practical 

application it is unthinkable of performing a large number of time-history analysis, con-

sidering the time, computational efforts and high restore space capacity reached. EC8 

suggests the choice of a minimum of 3 accelerograms groups up to a maximum of 7 

ones, where each group is composed by 2 horizontal components and 1 vertical com-

ponent. Increasing the number of records adopted, the same code suggests of adopting 

the mean of structural response, rather than the maximum effects. In each case, for 

having acceptable results, the lower number of accelerograms to consider is equal to 

11. 

 

4.3.2 Recent alternative approaches for the seismic assessment based on nonlin-
ear dynamic analysis 

As just abovementioned, the scope of NLD analysis cannot be provide the 

structural response obtained from a single earthquake record, considering that both 

seismic demand and structural capacity are affected by uncertainty, such as indicated 

in eq. 2.30. The scientific literature provides some powerful methods able to accurately 

estimate the seismic demand for several intensities, in order to define the structural 

response for the objective LSs to investigate. This concept converges with the goal of 
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the PBEE, which wants to describe the performance of the building, in terms of proba-

bility of violating a given LS, in order to quantify the seismic fragility and vulnerability. 

It is worth mentioning that, for performing NLD analyses, each record should be applied 

on the structure with all components (2 horizontal and 1 vertical). On the other hand, 

some studies presented in scientific literature investigate the response of structure, an-

alysing 2D FE models and applying just one component of the accelerogram. The main 

methodologies of NLD analysis to highlight are: 

 Cloud analysis; 

 Single stripe analysis; 

 Multi stripe analysis (MSA); 

 Incremental dynamic analysis (IDA). 

 

The first two methods can be classified as narrow-range methods, which in-

vestigate the structural response in a limited band of IM levels, while the last two meth-

ods are wide-range methods, because they investigate the structural response over a 

large range of IM values. As understandable, the narrow-range methods reach the per-

formance of low NLD analysis than the wide-range methods. On the other hand, the 

wide-range methods provide results more accurate than the ones obtained from the 
narrow-range methods. It is worth mentioning that the description of all methods is 

going to be pointed out to a practitioners’ use, according to the definition of the load 

resistance factor design described in the Chapter 2 and with reference to the work in 

(Jalayer, 2003 and Jalayer and Cornell, 2009).  

Concerning to the cloud analysis, the procedure consists to excite the structure 

by using a set of records with different values of IM, selected for the building. This 

means that, if the IM is the Sa(T1), the structural response obtained for a certain number 

of records is constituted by the same number of points with different Sa(T1). Therefore, 

the result of this series of NLTH is a cloud of points, plotted in the graph IM-EDP, from 

which define the trend of the seismic demand and structural response. From the cloud 

of points, the statistical parameters can be extracted, such as the ηDM|Sa and βDM|Sa of 

the DM for a given level of Sa. These parameters are involved in the application of a 
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lognormal distribution model, which estimates the demand and the capacity through a 

linear regression on logarithmic plane (figure 2.26), as ruled by the formulations pro-

posed in the Chapter 2. One of the main feature of this method is that the seismic input 

can be represented by a set of original records chosen in a certain way, such as using 

the seismological parameters as M and R, related to the building site. Then, the cloud 

analysis is adapt for a structure investigated through a set of unscaled records. For 

improving the estimation of the probability model features, the set of records can be 

chosen in order to cover a large range of IM levels. On the other hand, in order to 

investigate the structural response to more IM levels, without changing the set of ac-

celerograms, one should scale the set of records. An example of cloud analysis on 
scaled and unscaled records was provided in (Jalayer, 2003), which applied this anal-

ysis method on a building and investigated the statistical parameters, for computing 

the factored demand for a given value of Sa. Author numerically demonstrated that the 

statistical parameters obtained from the cloud analysis underestimated the structural 

response (toward the results obtained from numerical integration), with a not good 

ηDM|Sa value and lower βDM|Sa value. This result was due to the choice of a set of ground 

motion, which had difficult to represent the seismic demand related to a proper value 

of IM. In addition, author tried to scale the set of records with a scale factor equal to 2, 

in order to define the probabilistic model for a greater IM level (figure 4.31 shows this 

case, with representation of the regression line and its parameters). In this latter case, 

besides to have a greater value of βDM|Sa (which cannot be considered constant), the 

results of the probabilistic models showed a conservative estimation of the structural 

response, with a wrong estimation of the parameters that rule the regression line.  Other 

application of the cloud analysis are available in (Mackie and Stojadinovic 2001, 

Padgett and DesRoches 2008), which used the method for applying the PBEE paradigm 

on bridges. Despite the real nature of the ground motion involved in the cloud analysis, 

for what abovementioned, the methodology presents some limitations. Firstly, assum-

ing an unscaled set of records, the statistical parameters computed are valid for a cer-

tain range of structural response, conditioned by an IM. This means that, with the in-

crement of the IM level, the ηDM|Sa and βDM|Sa (overall) change, with right estimation of 
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the structural response in a sole band of intensity levels. In addition, the method cannot 

provide the good estimation of the local mechanisms in the post-elastic field, especially 

when they changing rapidly. Finally, if one uses a set of records that provides global 

instability of the FE model, the adoption of a constant βDM|Sa could be not reliable (a 

solution of this problem was proposed in (Miano et al., 2018)). 

 

 

Fig. 4.31 – Definition of statistical parameters, by using cloud analysis with scaled records (Jalayer, 

2003) 
 

Regarding to the single stripe analysis, the procedure consists to subject the 

structure to a set of ground motions, which have the same value of IM. If the IM is the 

Sa(T1) the structural response obtained for a certain number of records is constituted 

by the same number of points with the same Sa(T1). Being available just a stripe of 

points, a main parameter to define is the IM to consider, which can well represent the 

structural response. In (Jalayer, 2003), author selected the IM as the Sa on the Hazard 

curve approximation (Figure 2.25) correspondent to a given mean annual frequency of 

exceeding. Once that the IM parameter is chosen, with a certain criterion, the set of 
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records must be scaled for the value selected, in order to display in the graph IM-EDP 

a stripe of points, such as shown in figure 4.32.  

 

 

Fig. 4.32 – Single stripe analysis result, for a fixed value of Sa (Jalayer, 2003) 

 

Even in this case, from the single stripe analysis, the statistical parameters can 

be extracted, such as the ηDM|Sa and βDM|Sa for that level of Sa. In particular, the ηDM|Sa is 

provided by the EDP value that subdivide the stripe in two equal parts (in terms of 

number of points), called also EDP50, while the βDM|Sa is computable through the 16 and 

84% percentiles values of the data (EDP16, EDP84), as below shown:  

훽 | =
퐸퐷푃

퐸퐷푃 + 퐸퐷푃
퐸퐷푃

2
 (4.19) 

Clearly, the response of the single stripe cannot be a linear regression line, ex-

cept if the values of the probabilistic model are a priori fixed (as the exponential term of 

the power law), with the risk of obtaining wrong results. As shown in (Jalayer, 2003), 
by using a double stripe analysis (two single stripe at different IM level), with the second 
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stripe close to the first one, the results were same to the ones obtained from the nu-

merical integration. Despite the results of the above works and the cheap computational 

efforts for a single or double stripe analysis, the results are strongly influenced from the 

sensitivity of the analyst. In addition, as for the cloud analysis, there are the problems 

about the global instability of points (especially in the case in which the IM value is not 

correctly chosen). In particular, the method provides good results for low seismic in-

tensities (low IM) and significant errors in the cases of high seismic intensities (near to 

global instability).  

Concerning to the wide-range methods, the natural development of the single 

stripe method is the MSA one. Hence, MSA method consists in the development of a 
lot of single stripe analyses, for several IM values, in order to cover a large range of IM 

values. In this case, the procedure can be applied in two different ways. In particular, 

the set of ground motions can be repetitively scaled, by increasing the IM value se-

lected, such as Sa(T1), from low values (elastic field) until to have high values of IM 

(global instability of some points in the stripe). Another possibility can be the change 

of the records, selecting a new set of ground motions each time that the IM value 

change, in order to avoid scaling procedures. Furthermore, knowing that at higher IM 

values, the results are more scattered, it is possible to perform lower analysis at lower 

IM values (increasing the scaling steps) and increase the number of analysis at higher 

IM values (reducing the scaling steps). The results of MSA are a lot of stripes, equal to 

the number of IM imposed with scaling, constituted by a number of points equal to the 

number of records, which constitute the selected set. The MSA method provides a 

complete trend of the structural response, as the seismic demand increases. The com-
putation of the statistical parameters for the lognormal probabilistic model are surely 

correct, as shown in the comparison performed in (Jalayer, 2003) toward the results 

obtained by numerical integration. In particular, it is possible to compute the ηDM|Sa and 

βDM|Sa for all Sa levels and compare these parameters with ones obtained from the single 

stripe analysis. The βDM|Sa can be evaluated through the computation of the 16 and 84% 

percentiles values of the data, at each IM level. Figure 4.33 shows an example of MSA 

application (same case of figures 4.31 and 4.32) in which is computed the ηDM|Sa and 
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βDM|Sa for a given value of Sa. Even in this case, for MSA performed at high IM values, 

some response points can collapse. This can cause the loss of accuracy of statistical 
parameters. In this case, the collapses points can be considered in the evaluation of 

the structural response and in the subsequent fragility analyses, by using particular 

methodologies as the logistic regression (Baker, 2015). 

 

Fig. 4.33 – MSA results, with computation of statistical parameters for a given value of Sa (Jalayer, 
2003) 

 

The MSA concept is directly related to the IDA method, which is the most in-

volved NLD analysis for investigating the structural response in a probabilistic view. 
The IDA method (Vamvatsikos, 2002 and Vamvatsikos and Cornell, 2002) consists in 

the application to the structure of a set of records monotonically scaled to multiple IM 

levels. The main difference with MSA method is that the results are not provided for 

some IM values but considering a full response curve for each record, on the graph IM-

EDP. This kind of analysis completely covers the range of responses for all IM values 

(also considering the global instability). The scale factor to apply on accelerograms is 
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always positive and starts from values near to 0 up to high values. Generally, an IDA 

curve presents some properties, which is going to listed below: 

 The first part of the IDA curve should be linearly elastic up to the end of the 

elastic field. In particular, the slope of this branch depends from the stiffness of 

the structure, which is related to the dynamic parameter of building, such as Ts. 

With this regard, performing more IDAs with several accelerograms, if the sys-
tem is a SDoF, the first part of each IDA curves should be the same, while if the 

system is a MDoF, the first parts of IDAs curve can present dispersion, due to 

the influence of higher modes. 

 In the post elastic field, the IDA curves can behave differently. In particular, as 

shown in figure 4.34, 4 different records on the same structure can cause 4 

different results. This is due to the different properties of accelerograms, which 

justifies the aleatory uncertainties and different properties of the numerical 

model, as later explained. In the first case, as soon as the accelerogram is 
scaled up, the curve presents a trend that softens. This is due to a structural 

response conditioned by initial collapse phenomenon, which does not allow of 

having strength at greater IM levels. In the second case, the curve presents 

hardening. The first two cases can be defined as aggressive (Jalayer, 2003) for 

the collapse at lower IM values. The third and fourth cases present a waving 

trend around the imaginary line, which extends the elastic branch with the same 

slope. The two curves present both softening and hardening behaviours and this 

is one of the most particularity of the IDA method. In fact, in these latter 2 cases, 

the reversal effect occurs. Graphically, the reversal effect happens when at the 

increment of the IM level, the EDP of structural response at successive steps is 

lower than the previous one. Physically, this phenomenon is due to the different 

timing provided from the accelerograms scaling. In particular, if in the previous 

step, the yielding occurs at a certain time and the peak response occur in an-
other time, the consequence of scaling the accelerogram can provide that the 

yielding occurs before of the previous step and the peak response can be in the 

other verse of the shaking, with a lower value of the previous step. This is typical 
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of the IDA analysis (in MSA it is impossible to display this phenomenon), which 

can provide situation of structural resurrection. This can happens also where 

scaling up the accelerogram, the value of the EDP is lower than the previous 

one, which was over the global instability, especially in the cases of conver-

gence problems at the previous step. The last two cases can be defined as be-

nign (Jalayer, 2003) for the collapse not displayed at higher IM values. 

 

Fig. 4.34 – Possible result of IDA curves, applying different records to the same structure 
(Vamvatsikos, 2002) 

  

 A result of the IDA curves is the global instability occurrence. In the first two 
cases of figure 4.34, the curves present at the end, a horizontal branch (flatline), 

which means that with a little increment of IM, the EDP recorded is strongly 

higher than the one obtained at the previous step. This is a synonymous of 

structural lability, such as occur in the pushover curves. 
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It is worth mentioning that, in the case of IDA curve with reversal effects, the 

capacity point for a given LS, is the lowest one that reaches the condition imposed for 

identifying the LS violation. In particular, for reading the IDA curve results (as for MSA 

method, also if in this case the curve is not displayed), two criteria are available: EDP-

based (or DM-based) and IM-based. In the EDP-based criterion, one fixes the EDP value 

related to the LS and the capacity point is the first that reaches this value of EDP. Less 

common is the IM-based criterion, where one fixes the IM value related to the LS and 

the capacity point is the first one that reaches this value of IM. As for the MSA, the IDA 

method provides the complete trend of the structural response and it is possible to 

determine the statistical parameters of for the lognormal probabilistic model. Figure 

4.35 shows an example of IDA application in which is computed the ηDM|Sa and βDM|Sa 

(from the percentile curves) for a given value of Sa.  

 

Fig. 4.35 – IDA results, with computation of statistical parameters for a given value of Sa 

(Jalayer, 2003) 
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5. Simplified methods for the vulnerability analysis of existing RC 
buildings 

 
5.1 Overview 

The vulnerability analysis of existing RC buildings, as shown in the precedent 

Chapters, is a composed by several phases, among which modelling and seismic anal-

ysis. In this frame, a lot of researchers are trying to simplify the above phases, consid-

ering the elevate time and computational efforts that the development of some proce-

dures require. Generally, simplified methods, for both modelling and analysis phases, 

were proposed in the time, for performing the vulnerability analysis of class of buildings, 

usually for a regional scale vulnerability analysis. On the other hand, the possibility to 

have a simplified tool or procedure, able to investigate the seismic behaviour of a single 

building could represent an advantage for researchers and practitioners, for several 

reasons. With this regard, the investigation of the response on a simplified model could 

provide important information about the global behaviour of building, before to perform 
analysis on the complex numerical model. In addition, a simplified model can be used 

as support to the complex numerical model, considering the possibility to perform a lot 

of NLD analysis, in a PBEE view. Finally, the simplified modelling converges in the ne-

cessity of investigating the seismic behaviour of the existing building stock. Even from 

the practitioners’ point of view, in the performance of the PBEE procedure for assessing 

existing RC buildings, the phase of seismic analysis on a FE model can represent a real 

hitch, especially for who wants investigate the structural behaviour in a wide-range of 

seismic demand. Besides the number of analyses to perform, it is worth considering 

the skills of commercial software, which usually are not designed for certain typologies 

of analysis in addition to require a lot of hard disk space for restoring the results of 

analysis and for the post-processing phase. Hence, this Chapter proposes, after a 

presentation of the methods proposed by the scientific literature for simplifying the 
modelling and analysis phases of the assessment procedure, an application of the MSA 

method on a sample of 15 real existing RC school buildings, in the province of Foggia, 

Southern Italy. In particular, the analysis proposed consists in the performance of few 

stripe analyses (FSA) on full FE models made through commercial software, able to 
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provide information about the buildings behaviour in both elastic and inelastic fields. 

Subsequently, the fragility of buildings at different LSs are computed and, subsequently, 

they have been compared with the same information provided by SPO2FRAG software 

(Iervolino et al., 2016 and Baltzopoulos et al., 2017). This latter is a computer tool able 

to compute fragility curves for several LSs, starting from a pushover curve, through the 

involvement of some procedures proposed by the scientific literature. Considering the 

nature and the same features of the sample of buildings, regional fragility curves for 

ultimate LSs are proposed, in order to validate the methodology for a large scale vul-

nerability analysis. Subsequently, with the aim of investigating the global behaviour of 

existing RC buildings through simplified models, a new procedure is proposed. In par-
ticular, the goal is to provide a way for making simplified 3D reduced-order models, 

starting from the information about the knowledge of the buildings. The procedure has 

been tested on the sample of existing RC school buildings previously analysed and the 

results of some elaborations on the simplified models, such as the computation of 

structural response, damage states and confidence levels are compared with the same 

results obtained from the FSA application on the full numerical models. The results of 

procedure provide interesting observation about the application of PBEE in the practi-

tioners’ world, showing some advantages and limitations.  

 

5.2 Simplified methods for the global assessment of existing buildings 
Simplified methods applied to seismic engineering can be defined as simplified 

numerical models or seismic analysis, which lead to estimate more or less accurately 

the vulnerability of existing RC buildings to seismic actions. When one speak about 
simplified model, the idea is a numerical model, which can substitute the full FE model 

of the structure, providing the same response to seismic actions. This concept is im-

plied in the one of equivalent structure. From the mechanic point of view, an equivalent 

structure is a numerical model, which should be constituted by the same mass and 

stiffness of the original structure and, if subjected to external action, should exhibit the 

same global and local response in both elastic and inelastic field of the original struc-

ture. In other words, the equivalent structure should behave as the original one, in kin-

ematic (deformation and displacement) and static (stress and strength) terms. The 
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concept of equivalent structure runs close to the necessity of investigating the structural 

performance, through NLTH analyses, which have been always considered the point of 

reference from the scientific community, as just highlighted in the Chapter 4, besides 

to reduce the uncertainty related to the vulnerability analysis problem. In this frame, the 

possibility to adopt numerical simplified models has been often taken into account from 

scientific community, with the aim to simulate and analyse the global seismic behaviour 

of existing structures and, overall, for reducing the time and computational efforts of 

NL analyses. In the scientific literature, the first idea of simplified model was the SDoF 

system, which takes into account the NL properties of the structure. In particular, in 

(Saiidi and Sozen, 1981), based on the differential equation of dynamic equilibrium of 
an oscillator, authors provided a way of modelling the NL behaviour of the SDoF system 

from the features of the full MDoF system, which was able to simulate the displacement 

history of RC structures under a ground motion excitation. In particular, the SDoF sys-

tem was modelled as the combination of a spring and a mass, as shown in figure 5.1, 

through the adoption of a bilinear constitutive law and a hysteretic model for cycling 

loads. This model was the final proposal, after precedent research works (Gulkan and 

Sozen, 1974 and Shibata and Sozen, 1976).  

 

Fig.5.1 – Equivalent SDoF structure, as proposed in (Saiidi and Sozen, 1981) 

 

The use of SDoF models were, for a lot of time, object of research, in order to 

analyse the seismic behaviour of MDoF models and calibrate some factors useful in 
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the design and assessment phases of RC buildings and employed in the new generation 

technical codes. In (Qi and Moehle, 1991) authors elaborated equivalent SDoF models 

from MDoF inelastic ones, in order to generate a proposal of elastic response spectrum 

and estimate the maximum response, in terms of displacement (δR and θi). In (Miranda 

and Bertero, 1994), authors estimated the value of reduction factor Rμ, based on sev-

eral design input parameters. Using elastic response spectrum, authors established that 

Rμ strongly depended from ductility, T and soil typology. In (Miranda and Ruiz-Garcia, 

2002) authors reviewed several methods for estimating the inelastic displacement de-

mand, starting from analyses on SDoF models presented in (Miranda, 1991). Based on 

the previous review, the same authors in a successive work (Miranda and Ruiz-Garcia, 

2003), estimated the effects of parameters that influenced the inelastic displacement 
ratio, which was the ratio between the maximum inelastic displacement and the maxi-

mum elastic one in a seismic event. The concept of equivalent SDoF system was sub-

sequently adopted for developing the well-known “N2 method” (Fajfar and Gasperic, 

1996), which is actually implemented in the EC8. With this regard, in (Kilar and Fajfar, 

1997) authors proposed simplified models, for structural typology, in order to propose 

an alternative way for providing good results of pushover analysis of buildings, which 

are not regular. In particular, using macroelements, authors investigated the NL behav-

iour of structural systems with RC walls, columns and RC walls, coupled RC walls and 

regular frame. The four models developed in this work are respectively shown in figure 

5.2, with indication about the plastic hinges for modelling the nonlinearity of structural 

elements. 

 

Fig.5.2 – Macroelements model, as proposed in (Kilar and Fajfar, 1979) 
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The main disadvantage of the SDoF system is the impossibility to monitor all 

parameters that significantly identify the earthquakes response and damage, such as 

the θi. With this regard, in (Lai et al., 1992), a simplified model was proposed, com-

posed by rigid body assembled and able to simulate a shear type frame. The model, 

depicted in figure 5.3, allowed of computing the dynamic behaviour of structure, in 

terms of T and M[%], through the resolution of a matrix system, analogously to the FE 

software.   

 

Fig.5.3 – Rigid body model, as proposed in (Lai et al., 1992) 

 

In order to estimate the local parameters of buildings subjected to seismic ac-

tions, other kinds of simplified models were proposed, as the “predictor models”. These 

models were proposed because able to match the needs of investigating the buildings 

with a consistent number of ground motions records, for the probabilistic analysis. The 

first one was the “generic frame model” (Nakashima et al., 2002), wherein using some 
commonly assumptions about the congruence and equilibrium concepts, a matrix for-

mulation was provide. The simplified model was composed by a representative column 
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with rotational springs, linked at each storey with a support, by adding a treat that ac-

counts for the NL features of the beams. In addition, the models were able to predict 

the panel zone behaviour of steel moment frame. A similar approach to the previous 

model was adopted for proposing the “fishbone models” (Luco at al. 2003), as de-

picted in figure 5.4, which was a methodology implemented for estimating the NL re-

sponse of buildings under earthquake excitations, but also accounting for the elastic 

properties of the full model. In fact, this kind of predictor was proposed based on the 

idea of modal superposition, which combined the features of the first two vibration 

modes. The application to some cases studied showed good precision and bias of 

results between the models, with the possibility to have wrong results in the case of 
local yielding in the full model. An improvement of the fishbone models was subse-

quently proposed (Mori et al. 2004, Mori et al, 2006), by accounting for other modal 

properties of the full model, such as the consideration of the 3rd mode for the structures 

with long Ts and the approximation of the post elastic 1st mode to the shape obtained 

from a NL static analysis.  

 

Fig.5.4 – Fishbone model, as proposed in (Luco et al., 2003) 

 

Another simplified model, adopted also in the FEMA440 report (FEMA 440, 

2005), was the “stick model”, which was able to simulate the behaviour of 2D and 3D 

full models. In a 3D model view, the stick model is a MDoF model with 3N degrees of 



 255

freedom, where N is the number of storeys and the DoFs considered are the two trans-

lational and the rotational components of movements, under the hypotheses of rigid 

floor and storey mass concentrated in the CM of the floor. Figure 5.5 shows the stick 

models proposed in the above report, considering shear-type models and, respectively, 

the two limit hypotheses of flexural and shear stiffness’s of beams infinitely greater than 

the one of columns and flexural and shear stiffness’s of columns infinitely greater than 

the one of beams. 

 

Fig.5.5 – Stick-models, as proposed in FEMA 440 report (2005) 
 

The concept of stick model was accurately investigated in (Bovo, 2013 and 

Bovo and Savoia, 2015). The procedure proposed was called “equivalent stick model 

method”, where after the performance of the detailed model, the capacity curves of 

each storey were used for computing the constitutive law of the simplified model. Some 

full numerical benchmarks were investigated, both regular and irregular, with good es-

timation of the dynamic behaviour of full models by using the simplified one, as shown 

from the comparisons of time history analyses. An advantage of the method proposed 

was the possibility to consider in the stick model the local parameters, thanks to the 

evaluation of the behaviour of each storey, in terms of Vb and δR. With the aim to gen-

eralize the procedure for assessing the collapse safety of a class of buildings, in (Hasel-

ton et al., 2007) a method for developing simplified “archetype models” was proposed, 

as shown in figure 5.6, based on a previous work about the RC buildings assessment 

(Goulet et al. 2007).  



 256

 

Fig.5.6 – Archetype model, as proposed in (Haselton et al., 2007) 
 

In particular, the archetype model was a 2D frame model, which contains inter-

nal and external columns, beams and joints. In addition, it accounts for the P-Δ effects 

through a leaning column element. The authors, varying the mechanical and geomet-

rical key features of archetype model and considering the additional axial loads due to 

the other columns elements not considered (overturning effect), studied 30 RC struc-

tures in Los Angeles and derived them probability of collapse, through the computation 

of fragility curves. The method was able to account for the epistemic uncertainties due 

to the model, besides to lend itself for being analysed by a lot of NLD analyses. The 

recent scientific literature proposed other kinds of simplified modelling approaches, 

useful in the risk assessment field. To this scope, some authors proposed the “re-

duced-order models”, which are models with a number of DoFs reduced, but that faith-

fully represents the salient features of full models. In particular, this modelling provides 

similar estimation of structural response parameters, like θi, but it cannot consider the 

individual components failing of the full model, such as the rotation of each plastic 

hinge. One example of reduced-order model is the “parsimonious model” proposed in 

(Gidaris and Taflanidis, 2013), which is a 2D shear-structure model made using the 

elastic properties of the full models for computing the elastic stiffness and the infor-

mation about NL cyclic pushover and sinusoidal dynamic analysis for calibrating the 
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hysteretic behaviour. The models was used for applying the concepts of PBEE with a 

great computational efficiency for the NL analyses. The model proposed, depicted in 

figure 5.7, allowed of estimating with high fidelity, parameters as θi, acceleration and 

velocity of the system and energy dissipation due to cycling loads. Another approach 

can be provided by the “surrogate models” (Tsompanakis et al., 2008, Taflanidis et al., 

2016, Gidaris, 2015, Bakalis et al., 2017), which is a methodology that consist in the 

establishment of a simple relation between the model parameters (input) and the model 

performance (output). In particular, the full model and its response at several points of 

the model parameter space constitute the input, while the output is a model that repro-

duce accurately the features of the initial one.  Generally, for providing the input/output 

relations in the earthquake engineering field, where the input space is consistent and 

the computational efforts become elevated, the surrogate models are usually generated 

using some resolution methodology. In particular the most used in the recent research 

studies are the neural networks (Lagaros and Fragiadakis, 2007), response surface 

models (Gavin and Yau, 2007, Taflanidis and Cheung, 2012) and kriging models 
(Gidaris at al., 2015, Gidaris and Taflanidis, 2015). 

 

Fig.5.7 – Reduced-order or parsimonious model, as proposed in (Gidaris and Taflanidis, 2015) 
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As abovementioned, the use of simplified models is widespread in the risk as-

sessment field, above all considering the involvement of the PBEE approach. In order 

to describe the structural response, the fragility and the vulnerability of a building or a 

class of buildings, it is necessary to perform NLD analyses as IDAs. In a view of com-

putational inexpensiveness, some researchers proposed tools able to perform IDA anal-

ysis in a simplified but faithful way. The main reference is (Vamvatsikos and Cornell, 

2006), where authors developed a simple tool, called SPO2IDA, able to provide the IDA 

curve of whatever SDoF system, with any T and any NL behaviour modelled through a 

multilinear backbone curve. The tool was developed accounting for the results of a 

series of IDAs, obtained from the implementation of an extensive set of ground motion, 
repetitively scaled. In addition, the tool was able to provide the 16% and 84% fractiles 

IDA curves, besides the median with 50% fractiles. The main aims of SPO2IDA were 

the estimation of seismic demand capacity and the inelastic displacement ratio of the 

SDoF system, also accounting for the performance to a certain LS. The results of IDAs 

showed in figure 4.34 can be related to the result of pushover analysis. As shown in 

figure 5.8, the equivalence developed for a simple oscillator (SDOF system) between 

the median curve of IDA and pushover analyses is depicted. The pushover curves are 

plotted in the graph F-δR (where F is equal to Vb if the P-Δ effects are not considered) 

and the median IDA curves are plotted in the graph Sa(T1)-δR. Following the order of 

figure 4.34, the first case occurs when the NL behaviour of the oscillator is modelled 

through constitutive laws with an elastic branch and softening behaviour. An evolution 

of the previous case is the second one, which provide a constitutive law with elastic 

branch, softening and residual plateau. The last two cases are constituted by bilinear 

constitutive laws, respectively with elastic-perfectly plastic and elastic-plastic with 

hardening NL behaviour. A similar application was implemented for MDoF systems 

(Vamvatsikos and Cornell, 2005), accounting for the fundamental vibration mode of it, 

starting from the elastic to the inelastic fields. The aims of the tool were the same of 

the previous cited one. What above shown is one of the computer tools developed from 

researchers in the time. 
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Fig. 5.8 – Equivalence between pushover and median IDA curves, by using SPO2IDA tool 

 

With the necessity to investigate the fragility of existing buildings and based on 

the SPO2IDA tool, a new software was proposed the SPO2FRAG software (Iervolino et 

al., 2016 Baltzoupolos et al., 2017). This latter is a user-friendly tool, able to provide 
the fragility curves of a new or existing building, for the LSs investigated, starting from 

the result of a pushover analyses. To this purpose, the software, which is free available 

online, is characterized by several phases. The input of the procedure is the pushover 

curve of a building that one can perform as wants. This curve is firstly linearized through 

a definition of the quadrilinear backbone on the equivalent SDoF oscillator, as proposed 

in (De Luca et al., 2013). IDA curves are then performed by using the semi-empirical 

equations proposed in SPO2IDA tool (Vamvatsikos and Cornell, 2006). In particular, 
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using the 44 records proposed by FEMA P-695 code, the IDA are performed on the 

equivalent SDoF system and the results are provided in terms of 16, 50 and 84% frac-

tiles curves. Fixing the value of the EDP, for each LS, the Gaussian distribution is com-

puted on the IDA curves, with the definition of the means and the standard deviation 

(Vamvatsikos and Cornell, 2004). Finally, the SDoF system is transformed in an equiv-

alent MDof one, through the conversion of the numerical curve in the IM-EDP plane and 

the addition of the contributions given by the MDoF effects: NL behaviour and higher-

modes contribute. Finally, the software provides the fragility curves for each LS and it 

gives, as output, the value of median and standard deviation for each curve. This soft-

ware will be used later, in the next Sections. Despite the proposal of an equivalent 
structure or a methodology for making a simplified model could sound interesting, as 

in all engineering applications, the use of simplified hypothesis corresponds to a certain 

loss of fidelity, more or less negligible. In particular, despite the inexpensiveness of 

SDoF and simplified MDoF models, the results of NLD and NLS analysis lose some 

details that full models provide, which can be called as MDoF effects. For example, 

some models described are not able to predict the torsional effects, the type of global 

deformation with loss of the coupling of vibration modes, the distribution of strength 

and stiffness after that the model come into the inelastic field and local failures related 

to some structural elements. 

   

5.3 Proposal of a simplified analysis method for the vulnerability analysis via few 
stripe analyses (FSA) 

The use of simplified methods (analysis and modelling) for the vulnerability as-

sessment procedure of existing RC buildings cannot be only a prerogative of the re-
searchers. In fact, simplified methods should be useful for simplifying the work of prac-

titioners, which usually have a different (and practical) background for this kind of ap-

plication. As just mentioned in the Chapter 2, the application of the PBEE concepts to 

real cases of existing buildings requires some skills by practitioners, which should be 

a good knowledge about the seismic vulnerability problem and its probabilistic nature, 

besides to have time for developing all phases of the PBEE. The method proposed in 
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this Section can be an useful instrument for practitioners who wish to perform vulner-

ability analyses of existing buildings. Generally, the main necessity of practitioners is 

to save time, using friendly software equipped with simple graphical user interface. The 

modelling job is often limited to development of a single FE numerical model, good 

enough both for linear and NL analyses. For this latter typology, the choice is most 

frequently oriented on NLS analysis, considering the computational efforts required by 

NLD analyses, without any guarantee to achieve a sound and reliable result. In fact, a 

main problem of commercial software is the poor convergence capacity of the analysis 

in the inelastic field, as it can be observed by looking at a simple pushover curve, in 

which one fixes a value of δR and the result is usually not attained by the same curve, 

due to convergence problems of the software used. Moreover, a correct vulnerability 

analysis should take into account the nature of the seismic demand, which can be 

simulated through accelerograms properly selected and, in the case, properly scaled. 

Furthermore, it is important to quantify the performance of the existing buildings for 

several LSs, with the identification of damage states through the definition of the fragility 
curves and the vulnerability through the definition of the losses curves, as suggested in 

PBEE approach. Within the framework of the probabilistic PBEE approach, we are going 

to propose a practical application of the MSA method (Jalayer, 2003 and Jalayer and 

Cornell, 2009). The novelty of the proposal, which want be a practical application of 

the well-known MSA, consists in the performance of few stripe analyses (FSA) on the 

NL numerical model, with a low number of records.  The result obtained from the meth-

odology application, should be able to provide a complete information about the dam-

age states (at the ultimate LSs) of existing RC buildings in elastic and inelastic field, in 

order to derive practical fragility curves in a “fast manner”, particularly suitable for the 

use by practitioners. It is worth mentioning that the FSA cannot be classified as narrow-

range or wide-range method, but it rends to cover a certain band of the structural re-

sponse, according to the necessity of practitioner. Concerning to our starting point, in 
(Jalayer, 2003, Jalayer and Cornell, 2009), the stripe analysis method allow of evalu-

ating the seismic behaviour of building, through the performance of NLD analyses, by 

using a set of ground motions, selected for a same IM level (in that case, the Sa). When 



 262

the target Sa varies, the accelerograms used can be changed or scaled, in order to have 

other levels of stripes. As suggested by the name of the procedure, the output of anal-

ysis is given by a number of points, equal to the number of records used, located on 

the same stripe for one IM level. Performing the analyses for a lot of IMs of increasing 

levels (MSA), the stripes can provide collapsed and non-collapsed points. The first ones 

occur when the value of EDP investigated is “high” (beyond the global instability limit) 

or grows up to a big amount with a little increment of IM level. A “full” MSA provides 

the trend of the structural response under an increasing seismic action. This trend can 

be quantified through the regression line of the resultant points, by the computation of 

the power law approximation, as in eq. 2.39. For each stripe, it is possible to compute 

the values of ηDM|Sa and βDM|Sa, where this latter is computable by using eq. 4.19. FSA 

method bases its application of what above reported, trying to obtain a similar result of 

MSA, but with lower expense of time and computational efforts. The first phase of FSA 

consists in the choice of the seismic input, in a friendly way for practitioners. As many 

times mentioned, there are several tricky issues and open questions, concerning to the 
choice, the number and the scaling of accelerograms to involve in NLD analyses. With 

regard to the ground motions selection phase, it can be very complicated for engineers. 

Generally, the set of accelerograms can be chosen based on the matching with the site 

elastic spectrum at LSLS, 5% of damping for RC structures, provided by technical 

codes. EC8 suggests that all records should be matched with the code spectrum, firstly 

in terms of PGA*S and secondly in certain parts of the elastic spectrum (with regard to 

the building property), fixing tolerance limits, as indicated in the Chapter 4. The possi-

bility to perform the records selection through the disaggregation of the site spectrum 

in one or more earthquake scenarios, simulated with magnitude and distance bins, is 

far from the practice-oriented applications. Hence, the selection method used in FSA is 

the friendly method indicated in the Chapter 4. In particular, the records are randomly 

selected, according to the characterization of the building site in terms of PGA. To this 
scope, one can search the records on online database, according to the site seismic 

hazard model. A representative example of hazard model is provided by SHARE project 

(EFHER association, Giardini et al., 2013), which collects hazard models of Europe, 
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considering the PGA with 10% in 50 years exceedance probability. Therefore, according 

to the hazard level of the building site to investigate (low, moderate or high), in terms 

of PGA, practitioner chooses a random set of accelerograms, knowing that those rec-

ords must be scaled. Regarding to the number of accelerograms for NLD analysis, it is 

not immediate and is quite variable among the research works. In practical applications, 

anyway, performing a large number of NLTH for a single stripe analysis is not feasible. 

The number of accelerograms to select for a practical application as FSA, should be 

close to the one proposed by technical codes, which usually provide a good compro-

mise between practitioners’ necessities and correctness of the result. EC8 proposes to 

select a minimum of 3 ground motion records and to evaluate the maximum response 
effects. If 7 or more accelerograms are employed, the code allows of considering the 

mean of the structural response instead. We are assuming in the proposed method that 

it is reasonable to use a number of accelerograms not too different from the one sug-

gested by EC8: the number of real records adopted is equal to 11, considering both 

horizontal components applied simultaneously for each analysis. In view of a practical 

application of stripe analysis, it is preferable to select once for all the set of records and 

scale them, rather than changing the set of data for each different IM levels. Concerning 

to the scaling of accelerograms, necessary for obtaining more stripes, first of all it is 

necessary to fix the kind of IM and first desired IM level, commonly for all accelero-

grams of the set. In fact, whereas the accelerogram are selected based on the PGA 

level, they are characterized by different IM levels (considering that our IM is not the 

PGA). With regard of the kind of IM, as suggested by scientific literature, the most 

common IM used is the Sa. In fact, as shown in (Iervolino et al., 2008), the Sa is an IM 
sufficient and efficient. In addition, it is also the most used approach suggested in tech-

nical codes. Now, the question is: what is the best Sa to consider for scaling the accel-

erograms? The use of Sa(T1) is not always the best choice, also considering the request 

of technical codes, as EC8, which wants the matching of the code spectrum with the 

one computed by each records, referring to a T range of interest for the building (ac-

cording to EC8, considering a period ranges from 0.2 T1 and 2 T1). In Chapter 4, based 

on the research study reported in (Kazantzi and Vamvatsikos, 2015), one of the best 
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method for obtaining a sufficient and efficient IM is the use of Sagm, defined in eq. 4.18, 

using significant values of T. The method proposed wants investigate the behaviour of 

existing RC buildings, with application oriented to 3D numerical models, despite can be 

applied on a 2D FE model. Then, a rational method for computing Sagm is to consider 

the Sa related to the first 3 fundamental vibration modes (as well as the two main trans-

lational and the main rotational Ts), as suggested in (Bayer and Bommer, 2007). It is 

clear that, if the other vibration modes are significant, they can be considered in the 

computation of Sagm. Generally, this method is reliable for low-rise buildings. Hence, the 

eq. 4.18 can be rewritten as: 

푆 (푇 ) =  푆 (푇 )  (5.1) 

Once that the IM to considered has been defined, it is possible to perform the 

FSA. The application of the method is composed by 3 stripes. This number of stripes 

is surely low if compared to the indications provided in the scientific literature and MSA 

method, but can be considered a good compromise between the practitioners’ needs 

(low time and low computational efforts) and a satisfactory identification of the struc-

tural response. By adopting a proper approach for the appraisal of the 3 IM levels, it is 

nevertheless possible to have a “cheap but complete” information about the building 

behaviour in the elastic and inelastic fields. Then, the missing datum is the first desired 

IM level. With this regard, the 1st stripe is evaluated to the IM value equal to Sagm-code(T1-

3), which is the geometric mean of the spectral accelerations related to the first three 

fundamental periods, computed on the code spectrum defined at LSLS, 5% damping. 
Therefore, one should define the code spectrum of the building site and, knowing the 

modal parameters of the building to investigate, can define the Sagm-code(T1-3) as: 

푆 (푇 ) =  푆 (푇 )  (5.2) 

The computation of Sagm-code(T1-3) allow of establishing the desired IM, which is 

used for scaling all accelerograms, in order to perform the 1st stripe. In particular, it is 

necessary to define the Sagm-records(T1-3), which is the geometric mean of the spectral 
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accelerations related to the first three fundamental periods, computed for both horizon-

tal components of each accelerogram. The value of Sagm-records(T1-3), for each record, can 

be computed as: 

푆 (푇 ) =  푆 푇 _
_

∗ 푆 푇 _
_

 (5.3) 

where X and Y are the directions of application of the two record components, 

coincident with the two translational directions of the Ts considered. The selected rec-

ords are then scaled, in order to have the matching of the records with the code spec-

trum. In particular, the ratio between eqs. 5.2 and 5.3 provides the scale factor (SF) to 

be applied of each accelerogram component:  

푆퐹 =  
푆 (푇 )

푆 (푇 ) (5.4) 

Adopting this method, both horizontal components of accelerograms are scaled 

for an IM, dependent from a range of Ts defined on the base of the case study. Com-

puting a number of SFs equal to the number of records selected and performing the 

scaling of the accelerogram components amplitude, the result is a set of accelerograms 

(each composed by two components) with the same IM level, useful for carrying out 
the 1st level of stripe. For performing the 2nd level of stripe, the previous IM level must 

be slightly increased (in accordance with that shown in Jalayer, 2003) and this is done 

by multiplying each SF for 1.3. The choice of the amplification factor arises from the 

objective of investigating the structural response in a band of IM levels close to the 

code target, in terms of Sa. Based on the results obtained, the variation of the structural 

response can be appraised by observing the number of “collapsed” and “non-col-

lapsed” points for each level of stripe. There are several possibilities, which are pro-

paedeutic for the choice of the next IM level (3rd level of stripe):  

 All points of the first 2 levels of stripes are “non-collapsed”: the structural re-
sponse is probably in the elastic field. The 3rd IM level should be much higher 

than the previous ones; 
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 Few points of the first 2 levels of stripes are “collapsed”: the structural re-

sponse is in the initial part of inelastic field (such a situation is probably plau-

sible when in the stripe with the high IM level, the number of collapsed points 

is higher than the ones in the lower stripe). The 3rd IM level should be higher 

than the previous ones; 

 a lot of points of the first 2 levels of stripes are “collapsed”: the structural 
response is in the inelastic field. The 3rd IM level should be lower than the 

previous ones. 

 

The threshold between “few points” and “a lot of points” collapsed can be 

quantifiable as the 20% of the total number of points. In the FSA method, the assump-

tion about the amplification factor that multiplies the SF in order to define the 3rd IM level 

is a subjective point. Generally, it depends on the sensibility of the analyst, who must 

make a decision, based on the results of the analyses in terms of EDP values and their 
dispersion. Furthermore, the 3rd IM level depends from the capacity of the commercial 

software to converge and to provide good results. The main advantage of FSA is that 

the method provides a definite identification of the elastic and inelastic structural trend, 

in terms of EDP-IM relation. In fact, the power law shown in eq. 2.39 allows of defining 

the regression of the stripes and, subsequently, the damage states of the buildings, 

through the definition of fragility curves for the LSs investigated. The methodology of 

FSA is summarized in the framework in figure 5.9, wherein is present the methodology 

for performing the 3 stripes, in order to define the structural response. 

 

5.3.1 Case studies: a sample of 15 real existing RC school buildings in the Province 
of Foggia, Southern Italy 

In order to apply the FSA method and to determine the structural response and 

the fragility of existing RC buildings, a sample of case studies have been considered. 

In particular, this latter is constituted by 15 existing RC school buildings in the Province 
of Foggia (figure 5.10), located as in figure 5.11. These buildings were investigated 

within an Agreement between “AdB Puglia” and Polytechnic University of Bari, in which 

the final scope was the development of “Guidelines for the vulnerability assessment of 
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existing buildings”, a document to support the practitioners for carrying out the vulner-

ability assessment of existing school buildings (Mezzina et al., 2011). 

 

Fig. 5.9 – Framework for performing FSA method 
 

The project was characterized by a continuous information exchange between 

an expert academic team and the practitioners appointed for the assessment proce-

dures after a public competition. In some cases, there are more independent buildings 

belonging to a larger complex, which were investigated independently, even if some 

geometric and mechanical features were similar. For each building, practitioners per-

formed all the phases prescribed by EC8, starting with the retrieval of existing docu-

mentation, in-situ surveys and in-situ tests aimed to achieve a “complete” KL (CF equal 

to 1). Based on the data collected, the practitioners performed the vulnerability assess-
ment for each building through the definition of a NL numerical model (using commer-

cial software) and the execution of NLS analyses (according to EC8). Finally, they per-

formed the final assessment of the structures, with the definition of the CDR value and 
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they proposed the design of the retrofit solution (in some cases the practicability of the 

schools were denied).  

 

Fig. 5.10 – Province of Foggia, Southern Italy 
 

It is worth mentioning that the buildings here investigated have already been 
object of vulnerability analysis from the practitioners involved in the abovementioned 

project. Hence, the aim of our work is not to assess the results obtained by practition-

ers, but to use the data collected from them for our research work. In this work, the 

buildings were numbered as shown in figure 5.11 with a casual tag assignment (B1 – 

B15) and indication of Foggia province and cities boundaries, wherein are distributed 

the schools. It is worth mentioning some of the buildings here investigated have been 

used for other works of this thesis. In particular, building B14 has been used in the 

section 3.4.2, buildings B10 and B11 have been used in the section 3.6, buildings B4 

have been used in the section 4.2.4. 
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Fig. 5.11 – Spatial distribution of the sample of buildings investigated 

 

Furthermore, for the studies of this Chapter, all structures have been modelled 

another time, according to the methodology explained later. Several common features 

characterize the buildings of the sample, as below listed: 

 All buildings were built between the 60s’ and 80’s, and they were designed 

only for gravity loads. In fact, the old technical laws did not consider seismic 
actions and consequently, all buildings lack of anti-seismic construction de-

tails; 

 All buildings have different in-plan shapes, considering that a scholastic 

complex has usually a large in-plan extension for accommodating more spa-

cious places adapt to the uses of the building. In this case, it is not possible 

to define that all buildings of the sample investigated are irregular in-plan; 

 All buildings are low-rise structures  of 2 or 3 storeys above ground. This is 
a common feature of this building typology in the South Italy, often due to the 

topography of the sites where they were built. In some cases, the buildings 
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present on the last floor a pitched roof. The sample of buildings investigated 

is considered in-elevation regular; 

 

All buildings are RC frame structures with masonry infills. The floor system is 

usually constituted by a RC ribbed slab of about 25 cm comprising one-way beams 

and lightweight infills of hollow clay bricks, as typical in Southern Italy. Columns are 

reinforced by smooth steel rebars. The shear reinforcement is usually composed by 

smooth stirrups with diameter of 6 mm, with spacing from 10 to 20 cm (it depends 

from the type of structural element). Occasionally, there are 45° diagonals bars. Foun-

dations are constituted by plinths, which are connected by beams in some cases. Gen-
eral information about the first building of the sample investigated are provided in the 

figure 5.12. It is worth mentioning that for this Section, where indicated, the major part 

of the figures are reported in Annex B. Here, only the figures for building B1 are reported. 

In the Annex B, one can find similar figures for the others buildings. Concerning to figure 

5.12 (and figures from B.1 to B.14), it shows the information about one building, among 

which the schematic plan with total dimensions and the FE model. The picture provides 

the city of the building with the geographic localization in terms of coordinates (latitude 

and longitude), the NL, the Uc, the soil category (Cat) and the topography coefficient 

(Top), according to the classification in EC8. All these information are necessary for 

defining the code spectra, for all LSs. In addition, all knowledge path information, col-

lected in the above cited project, are reported, among which the year of construction, 

the number of storeys, the estimated value of the vertical loads provided by a load 

analysis (where G are dead loads and Q are live loads), and the drawings of the beam 
and column sections more representative of the structures. Finally, there are the data 

provided by investigations about the mechanical parameters of in situ-materials: f’cm, 

f’ym and Ec. The Es is assumed equal to 205000 MPa for all numerical models. Con-

cerning to the numerical model depicted in the above figures, using the data collected 

in the knowledge path performed on each building, the NL numerical models have been 

implemented in the FE software SAP2000. Beams and columns have been modelled as 

one-dimensional frame element, with fixed restraints at the base of the columns. The 
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floor systems have been modelled as rigid, through internal constraints. For each build-

ing, geometrical and mechanical parameters and vertical loads have been assumed 

according to in-situ surveys. Staircases have been implemented in the numerical mod-

els only in terms of mass. Where pitched roofs are present, they have been modelled 

through sloping beams and columns, but neglecting the NL behaviour of this part. The 

nonlinearity of the frames have been modelled according to a lumped plasticity ap-

proach, by introducing plastic hinges at the end sections of structural elements, whose 

remaining part was elastic. The inelastic mechanisms of plastic hinges have been as-

sumed to be ductile, considering the combination of axial and bending stresses for the 

columns and simple bending for the beams. In the case of columns, the axial stresses 
have been derived from the application of the seismic combination of vertical loads, 

according to formulation proposed by EC8. In the computation of hinges for columns, 

the variation of axial stress has been not considered. The columns’ hinges used take 

into account the bidirectional behaviour of the sections, useful when the sides of the 

sections have different dimensions. The plastic hinges have been defined through the 

evaluation of the chord rotation demand and the corresponding capacity, for each sec-

tion investigated. In particular, a quadrilinear Moment – Rotation constitutive law were 

used, representing the backbone with 4 damage levels: first cracking of concrete, yield-

ing of longitudinal bars with hardening behaviour, softening simulating the section’s 

strength degradation and the residual moment, fixed at 20% of the yielding moment. 

Yielding (θy) and ultimate rotation (θu) were computed according to the formula pro-

posed in EC8 (part 3.3), as well as indicated in eqs. 3.1 and 3.2. In order to define the 

chord rotation values at the ultimate LSs, the acceptance criterion, for each section, 

were fixed equal to ¾ θu for the LSLS and θu for the NCLS. The cyclic behaviour is 

governed by the Takeda rule. The shear response has been neglected in the modelling, 

even if the low amount of transversal reinforcement in the structural elements. This is 

for avoiding brittle mechanisms in the first steps of the subsequent analyses. It is worth 

mentioning that the shear capacity should be considered in a structural model and, for 

this reason, it has been considered in post-processing by using the Biskinis’ formula-

tion (eq. 2.3).   
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Fig. 5.12 – B1 building information 
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All analyses in this Chapter will be shown without considering the shear mech-

anisms. In the Annex E and F, there are all results, similar to the ones presented here, 

accounting for the shear mechanisms. These latter identify the real response of the 

buildings investigated. On the other hand, we are going to propose some procedures, 

which are independent from the initial hypotheses about numerical models.  Finally, it 

is worth mentioning that the influence of infill panels have been not considered in the 

numerical models.  

 
5.3.2 Application of FSA and comparison of the damage states with SPO2FRAG soft-
ware 

The case studies presented in the previous Section have been investigated in 

order to test the FSA method and to evaluate the seismic response and fragility of the 
buildings. With this regard, the buildings have been modelled in a FE software, which 

have a philosophy very close to the commercial software and that needs of a lot of 

time, computational efforts and hard disk space for the post-processing phase, for per-

forming and solving NLD analyses. Before performing the FSA on the sample of build-

ing, other analyses have been performed. First of all, in order to evaluate the dynamic 

behaviour of the buildings analysed, the first step of the work consisted in the eigen-

value analysis. In particular, the first three periods (T1, T2, T3) and the translational and 

rotational participating masses (MX[%], MY[%], Mθ[%]) have been evaluated for each 

building, as shown in table 5.1. The Ts are comprised in a wide range of value: 0.3 s - 

0.85 s. This result is consistent with the particular nature of the class of buildings in-

vestigated (low-rise; variable in-plan shape and dimensions). In addition, in many 

cases, the modal shapes are coupled, with low values of the maximum M[%] per di-

rection. Despite this, NLS analyses in the two main directions (X and Y, following the 

reference systems shown from figures 5.12 and A.1 - A.14) have been performed, by 

applying only an uniform load pattern and neglecting the eccentricity. The scope of the 

NLS analyses is twofold: firstly, to use the output of the analyses (pushover curves) as 

the input data of the SPO2FRAG software; secondly, to appraise the structural response 

in the inelastic field for defining the EDP values at the relevant LSs, as suggested in 
(Gunay and Mosalam, 2013). 
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Tab. 5.1 – First three Ts and M[%]s for the buildings investigated 

Building T1 (s) T2 (s) T3 (s) Mx[%] My[%] Mθ[%] 

B1 0.317 0.310 0.277 79.13 83.42 83.73 

B2 0.844 0.828 0.732 46.33 90.88 47.11 

B3 0.359 0.320 0.298 90.05 84.05 84.63 

B4 0.831 0.539 0.512 86.97 61.58 56.91 

B5 0.376 0.301 0.232 76.91 79.18 77.97 

B6 0.520 0.412 0.336 99.18 85.53 87.75 

B7 0.751 0.590 0.555 53.08 91.5 51.39 

B8 0.744 0.591 0.575 89.18 60.83 60.11 

B9 0.693 0.668 0.576 99.17 92.44 93.85 

B10 0.432 0.396 0.394 58.30 70.65 42.44 

B11 0.598 0.445 0.399 90.99 96.52 94.26 

B12 0.535 0.461 0.434 92.27 50.26 52.62 

B13 0.480 0.409 0.314 69.30 93.47 69.88 

B14 0.788 0.776 0.657 84.78 74.54 81.41 

B15 0.588 0.572 0.479 83.96 62.89 61.32 

 

In figure 5.13, the results of NLS analyses in X and Y direction are reported, in 

terms of pushover curves in the plane Vb - δR. The values of EDP have been evaluated 

from the results of NLS analyses, in terms of maximum θi for each building and pushing 

direction, as shown in table 5.2. The criteria established for estimating the EDP values 

are based on the following definitions of the ultimate LSs violation: 

 Violation of LSLS: a certain percentage, 50%, of the structural elements as 

beams and columns, reach a value of chord rotation equal to ¾ θu. In the 

cases of soft-storey at the first level, the LSLS is violated when the 50% of 

the columns of the level considered reaches the above mentioned chord ro-

tation; 

 Violation of NCLS: the first column reaches a value of chord rotation equal to 

θu; 
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Considering that the technical laws do not provide clear references about this 

topic, the authors have established these criteria based on their experience and their 

sensitivity in the analysis. The values of EDPs in table 5.2 have been then used for 

computing the fragility curves at the ultimate LSs for each building, both after the ap-

plication of the FSA method and simultaneously to the application of SPO2FRAG one, 

as will be highlighted later. Concerning to the shear mechanisms of buildings, after the 

evaluation of the shear capacity of the structural elements (considered like the achieve-

ment of the shear values computed), the criteria established for estimating the EDP 

values are based on the following definitions of the ultimate LSs violation: 

 Violation of LSLS: a certain percentage, 20%, of the structural elements as 

beams and columns, reach the shear capacity value. 

 Violation of NCLS: a certain percentage, 50%, of the structural elements as 

beams and columns, reach the shear capacity value. 
 

Even in this case, there are not specific criteria to follow, but one should con-

sider that the collapse due to the shear does not allow of separating the serviceability 

and ultimate LSs, as soon as of separating the LSLS and NCLS. The criteria imposed 

represent a way for separating the 2 ultimate LSs considered. Analogously to the figure 

5.13, in figure E.1 (see Annex E) the results of NLS analyses in X and Y direction are 

reported, in terms of pushover curves in the plane Vb - δR. In this case, there is a specific 

indication about the achievement of the ultimate LSs. In particular, blue dots represent 

the achievement of LSLS and red dots represent the achievement of NCLS. In addition, 

analogously to the table 5.2, table E.1 (see Annex E) shows the values of EDP evaluated 

from the results of NLS analyses, in terms of maximum θi for each building and pushing 

direction, accounting for the shear mechanisms. It is clear that these values have been 

used for conditioning in different way the probability of violating the LSs. Furthermore, 

one can see that the values are lower, but after to the yielding of the backbones, which 

means that in the major parts of the cases we have ductile shear.   
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Fig. 5.13 – Pushover curves of all buildings in the two main direction 
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Tab. 5.2 – Values of EDP, in terms of θi estimated from pushover analyses 

Building 
X direction  Y direction 

LSLS  
 max θi [%] 

NCLS  
 max θi [%]  LSLS  

 max θi [%] 
NCLS  

 max θi [%] 

B1 4.69 6.13  4.71 6.44 

B2 3.02 4.23  3.03 4.19 

B3 3.39 4.23  3.45 4.43 

B4 2.76 3.64  2.35 3.17 

B5 2.33 2.90  2.57 3.15 

B6 3.87 4.31  4.17 5.00 

B7 2.48 3.82  3.55 4.41 

B8 2.26 3.93  2.61 4.31 

B9 2.52 3.99  2.55 4.42 

B10 3.13 3.93  3.22 3.85 

B11 3.82 4.75  3.87 4.76 

B12 3.50 4.70  3.52 4.51 

B13 3.06 4.39  3.59 4.67 

B14 2.53 3.36  2.42 3.19 

B15 3.45 3.65  2.66 3.56 

 

For applying the FSA method, a set of 11 real accelerograms (each is made up 

by 2 horizontal components) has been selected from the INNOSEIS project (see the 

website in the references, 2017), that collects real accelerograms from European seis-

mic events in the last years, classified in high and medium seismicity. Based on the 

PGA values of the different building sites, the records have been randomly extracted 

from the set of records available. According to the elastic spectra of buildings at LSLS, 

5% damping, the PGAs related to buildings are of medium seismic intensity. The rec-
ords selected are summarized in table 5.3, where the accelerograms are indicated with 

tags E1-E11.  
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Tab. 5.3 – Earthquakes records to medium intensity selected 

ID Earthquake record Components PEER tag 

E1 Chichi aftershock – 20/09/1999 CHY104-N / CHY104-W 

E2 Chichi aftershock – 20/09/1999 CHY076-E / CHY076-N 

E3 Hector mine – 10/16/1999 0593c090 /  0593c360 

E4 Imperial Valley – 15/10/1979 H-CMP015 / H-CMP285 

E5 Kocaeli – 17/08/1999 GYN000 / GYN090 

E6 Landers – 28/06/1992 BAK050 / BAK140 

E7 Lomap – 18/10/1989 SUF090 / SUF180 

E8 Manjil – 20/06/1990 ABBAR--L / ABBAR--T 

E9 Morgan Hill – 24/04/1984 HD3255 / HD3345 

E10 Northridge aftershock –  20/03/1994 TARZA090 / TARZA360 

E11 Palm springs – 08/07/1986 NPS210 / NPS300 

 

For all buildings, the values of SFs have been computed: the values of Sa(Ti) 
have been extracted from the elastic code spectra, 5% damping, at LSLS, for each 

building, by using the first three Ts reported in table 5.2. Subsequently, from each com-

ponent of the accelerograms, the values of Sa(Ti) have been computed. Using eqs. 5.2 

and 5.3, the values of Sagm-code(T1-3) and Sagm-records(T1-3) have been computed and through 

eq. 5.4, the values of SFs have been obtained. The SFs values are reported in table 5.4, 

which are useful for scaling each component of the accelerograms that have been sub-

sequently applied to the numerical models. The first 2 stripes have been performed on 

3D numerical models, using the record scaled with SF and 1.3*SF. The results, in terms 

of maximum θi, have been recorded in the 2 main direction for each record (θmax_X,Ei and 

θmax_Y,Ei). After, for considering a unique response for each building, the value of the 

EDPs resultant (θmax_record,Ei) has been computed, by combining the previous terms using 

the SRSS rule, as provided by the following expression: 

휃 , =  휃 _ , + 휃 _ ,  (5.5) 
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Tab. 5.4 – Values of SFs for the set of accelerograms selected, via eqs 5.2, 5.3 and 5.4 

SF E1 E2 E3 E4 E5 E6 E7 E8 E9 E10 E11 

B1 5,15 10,24 18,42 2,53 2,80 3,24 4,10 0,80 4,82 1,66 0,72 

B2 10,40 9,87 12,25 4,36 3,58 4,35 3,92 0,87 3,08 4,67 0,85 

B3 3,75 6,63 13,98 1,91 1,95 2,73 3,15 0,54 3,60 1,14 0,51 

B4 6,30 9,97 12,69 5,10 3,94 3,79 3,78 2,17 1,69 3,07 1,24 

B5 4,38 7,02 13,05 1,94 1,93 2,71 3,22 0,62 3,60 1,03 0,59 

B6 5,56 9,04 15,82 2,55 2,83 3,27 4,55 0,74 4,31 1,54 0,83 

B7 9,68 11,33 17,72 3,80 4,08 5,09 5,94 1,00 4,87 3,05 1,10 

B8 10,01 11,47 17,99 3,91 4,07 5,13 6,05 1,00 4,95 3,25 1,08 

B9 10,15 11,61 19,45 3,98 4,42 5,44 5,91 1,05 4,35 3,39 1,07 

B10 5,90 10,62 13,90 2,61 2,97 3,40 4,47 0,79 4,86 1,93 0,88 

B11 5,91 9,42 12,73 2,49 2,83 3,12 4,26 0,74 4,02 1,81 0,81 

B12 6,02 9,76 13,59 2,54 3,14 3,03 4,26 0,82 3,84 1,62 0,92 

B13 4,91 8,98 13,50 2,24 2,51 2,77 3,99 0,69 3,84 1,43 0,72 

B14 12,87 13,99 21,10 5,21 4,82 6,55 6,49 1,11 4,85 5,69 1,23 

B15 5,70 7,75 11,42 2,33 2,64 2,92 4,05 0,69 3,34 1,46 0,76 

 

11 points in the plane IM-EDP represent the result of each stripe analysis. In 

some cases, some of these points are collapsed. For all the buildings, based on the 

percentage of collapsed points and on the global trend provided by the first 2 stripes, 

the values of the 3rd amplification coefficients, of applying to SFs, have been estab-

lished. Figure 5.14 shows a histogram in which, for each building, there are 3 bars. The 
first two bars show the number of collapsed and non-collapsed points related to the 

first two stripes. Instead, the 3rd bar shows such result for the 3rd stripe performed with 

the multiplying coefficients (and IM levels associated), as reported in table 5.5. As pre-

viously explained, the decision about the 3rd IM level (and then of the SF value) depends 

from the expert opinion of the analyst (in this case the author), which can establish the 

IM level, on the base of the criteria described in the previous section and in the figure 

5.9. 
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Fig. 5.14 – Number of collapsed and non-collapsed points for each stripe analysis 
 

The 3 stripes analysis provided the trend of the structural behaviour for all build-

ings, through the computation of the power-law approximation defined in eq. 2.39. In 

figure 5.15 for B1 (only the figures for building B1 are reported. In the Annex C, it is 

possible to find similar figures for the others buildings) and figures from C.1 to C.7 for 

other buildings (see Annex C), the results of FSA for each building are displayed, with 

the explanation of the power laws in the plane IM-EDP (where EDP is the θmax_record). In 

these figures, the collapsed points considered in the computation are not shown. It is 

worth mentioning that for buildings B14 and B15, as also shown in figure A.21, the 

collapsed points in some stripes are greater than 20% of the total number of points. In 

these cases, the application of the regression law does not make sense, because the 
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structural capacity is less than the seismic demand. In other words, to many EDP val-

ues correspond a conditioned probability of LS violation equal to 1. 

 
Tab. 5.5 – IM level of the 3rd stripe for each building  

Building 3rd SF multiplying coefficient 3rd IM level (per g) 

B1 1,77 1.50 

B2 1,61 0.70 

B3 2,71 1.80 

B4 0,81 0.45 

B5 2,20 1.50 

B6 1,81 1.30 

B7 0,92 0.60 

B8 0,78 0.50 

B9 0,77 0.50 

B10 1,68 1.30 

B11 1,63 1.00 

B12 1,57 1.00 

B13 1,51 1.00 

B14 0,75 0.50 

B15 0,73 0.35 

 

Therefore, for providing the fragility curves in these cases, the maximum likeli-

hood method (Baker, 2015) has been employed: the damage state of the structure has 
been evaluated as the sum of two distinct functions, one due to collapsed data (logistic 

regression) and one due to non-collapsed data. Once that the FSA method has been 

developed and the structural response has been identified, the next step is the perfor-

mance of fragility curves at the ultimate LSs for each building. In particular, the fragility 

curves of buildings at ultimate LSs have been computed, through the evaluation of the 

probability function of violating a certain LS, given a certain IM level. 
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Fig. 5.15 – Stripe analyses’ results and related power law for building B1 
 

Based on the EDPs values showed in table 5.2, the criterion adopted for condi-

tioning the damage state, for a given LS, has been the one of considering the minimum 

value of θi between the two directions. Furthermore, other parameter to a-priori fix is 

the value of epistemic uncertainties, in order to estimate the dispersion of the fragility 

curves. With this regard, a value of the epistemic uncertainties has been established, 

taking into account the terms just explained in the eq. 2.30. The choice of this value is 

based on the suggestions provide by the FEMA P-695 code, in table 7-2. This latter, 

valid for new buildings, proposes some range of values for all kinds of uncertainties, 

assigning high values of β when the data quality is poor and vice versa. Considering 

the nature of the numerical models and the data collected about the buildings 

knowledge, the value adopted for summarizing the epistemic uncertainties has been 

assumed equal to 30%. This value has been used in both ultimate LSs considered, even 

if it is usually suggested just for the NCLS. Therefore, the fragility curves have been 

computed and they have been directly compared for each building and LS investigated, 



 283

one by one, with the results obtained from the SPO2FRAG software. The fragility curves, 

for the full models, have been computed by using the philosophy of “vertical statistics”, 

such as defined by H. Krawinkler. The concept is explainable as an IM-basis estimation 

of structural response, given a value of EDP. In other words, a probability level of the 

fragility curve is computed by the ratio between the number of points, given by the 

intersection of IDA curves or stripes with the LS threshold in EDP term that are under a 

fixed IM level and the total number of points considered. By gradually increasing the IM 

level, it is possible to have all probability levels of fragility curve, for the LS investigated. 

Still, the fragility curves have been mathematically computed by using a fit of the result 

obtained by the application of the empirical cumulative distribution function of the points 
selected as above. Subsequently, in order to find the fragility curves by using 

SPO2FRAG software, the procedure explained in section 5.2 has been applied to each 

building. In particular, the input data for the entire sample are the pushover curves de-

picted in figure 5.13. The LSs thresholds used are the same shown in table 5.2. More-

over, coherently with the precedent procedure, the epistemic uncertainty adopted for 

the NCLS has been assumed equal to 30%. The first peculiarity is the presence of 2 

pushover curves for each building, with subsequent generation of two families of fra-

gility curves for a same case study, which is the consequence of adopting 3D numerical 

models. For providing a unique solution of the damage state for one building, the pro-

cedure has been applied using both pushover curves and, subsequently, the result with 

the highest MAF of exceeding the LSs investigated, definable as λLS, has been selected. 

This choice is surely conservative, but in accordance with the use of practitioners in 

the CDR definition. Clearly, a highest λLS corresponds to a lower CDR. The value of λLS 

can be evaluated through the definition of the site hazard and the seismic hazard sur-

face, just defined in the Chapter 2. As reported in figure 2.21 (Vamvatsikos and 

Ascheim, 2016), by vertically cutting the hazard surface, a hazard curve can be ob-

tained, for a selected value of the T. From the hazard curve related to the building ana-

lysed, fixing a value of IM and its dispersion, which are function of the LS and the EDP 

value associated (fragility curve features), it is possible to compute the MAF through 

the equation 2.28, based on the value of βRTR, definable through eq. 2.29. For each 
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building of the sample investigated, the hazard surfaces have been derived using the 

data provided by the SHARE project (see the website in the references). Hazard sur-

faces have been cut selecting one value of T per building. With this regard, in order to 

consider one value of T for a 3D structure, the geometric mean of the first three periods 

(T1-3) have been computed, as provided by the following equation: 

푇 =  푇  (5.6) 

Once that the representative Ts have been selected and, by using the above-

mentioned features of the fragility curve, the MAF values have been computed for each 

direction and for both ultimate LSs, as reported in table 5.6. Figure 5.16 for B1 and 
figures from C.8 to C.14 for others buildings (see Annex C), show the hazard surfaces 

of the case studies, plotted in the log-plane MAF-Sa(T). In the same figure, the red curve 

represents the hazard curve used for the MAF computation, selected for the Sa(T1-3). 

Clearly, the hazard surfaces for buildings B6, B7, B8 and B9, as soon as the ones for 

B11, B12 and B13 are the same, but the hazard curve is different, cause the assumption 

of a different value of  T. The values of the highest MAFs are displayed in bold in the 

table 5.6, with the aim of highlighting the directions assumed for identifying the damage 

state of buildings in SPO2FRAG application. Once that the worst direction of analysis 

has been identified for each building, fragility curves at ultimate LSs have been com-

puted, by using SPO2FRAG software. Figure 5.16 for B1 and figures from C.15 to C.21 

for other buildings (see Annex C) show the one-by-one comparison of the fragility 

curves obtained from FSA method and SPO2FRAG software. In each graph the fragility 
curves of one building are reported, for both LSLS (blue curves) and NCLS (red curves). 

The results show that in some cases, the SPO2FRAG fragility curves are shifted to right, 

if compared to the ones obtained from FSA application, with a greater dispersion. For 

explaining these results, one should consider that, firstly, the procedures, even if dif-

ferent, are both simplified. In SPO2FRAG, the information about the seismic demand is 

more complete than the one used in the FSA 
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Tab. 5.6 – MAF for ultimate LSs, estimated via SPO2FRAG results 

Building 
X direction – SPO2FRAG  Y direction – SPO2FRAG 

LSLS - MAF NCLS - MAF  LSLS - MAF NCLS - MAF 

B1 0.037 0.023  0.062 0.052 

B2 0.027 0.015  0.032 0.023 

B3 0.0011 0.001  0.0013 0.0011 

B4 0.005 0.0032  0.0014 0.001 

B5 0.006 0.0031  0.015 0.002 

B6 0.0003 0.0002  0.0004 0.0003 

B7 0.0014 0.0008  0.0025 0.0013 

B8 0.0027 0.001  0.0032 0.0014 

B9 0.0019 0.0009  0.004 0.0016 

B10 0.0011 0.0009  0.0011 0.0009 

B11 0.0037 0.0028  0.0014 0.0012 

B12 0.0023 0.0018  0.0025 0.0019 

B13 0.0018 0.0011  0.0045 0.0029 

B14 0.0024 0.0017  0.0026 0.0018 

B15 0.0023 0.0021  0.0038 0.0027 

 

Moreover, the numerical model investigated in SPO2FRAG was simplified, but 

it was analysed using IDA analyses, which allow a full investigation of structural re-

sponse in elastic and inelastic field. Then, the structural response in SPO2FRAG is 

surely more complete than the one obtained from the other method. In the cases in 

which fragility curves provided by the two methods are very different, probably this is 

due to the power law computation. In this case, it is necessary to improve the fragility 

curves with the addition of another stripe that further investigates the building in the 

inelastic field. Of course, this would require additional time and computational efforts, 

which can discourage the use by practitioners, besides the risk to have a lot of col-

lapsed points in a possible new single stripe analysis.  



 286

 

Fig. 5.15 – Hazard surfaces (all curves) and Hazard curve (red curve) for B1  

 

Fig. 5.16 – One-by-one comparison between the fragility curves obtained from the two methodologies 
adopted, for B1 
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Generally, we can say that the results obtained are “conservative”, which could 

be a good feature for the design of new buildings, but properly not for the assessment 

of existing ones. Anyway, this can be a good compromise for the evaluation of damage 

states by practitioners in a PBEE framework, being sure that results are close enough 

to the real behaviour. The analogous results, accounting for the shear mechanisms are 

presented from the figure E.2 to E.9 (see annex E). In these cases, the trend of the 

comparison is confirmed, but the results are better than the ones without shear mech-

anisms, due to the achievement of ultimate LSs in the neighbourhood of the yielding.  
 

5.3.3 Regional fragility curve of the sample of buildings 
Once that the damage states for the ultimate LSs have been defined, consider-

ing the nature of the sample investigated, it is possible to provide an information about 

the overall behaviour of the entire class of buildings (same geographic area, same ty-

pological features: low-rise buildings, existing RC school buildings), by deriving re-

gional fragility curves. To this purpose, one can correlate the results obtained from each 

building (intra-building), for defining the damage states features of the entire sample 

(inter-buildings). The scientific literature about the theme is not extensive. In (Baker, 

2008), the author provided a correlation among the damage state of the building con-

sidered and the damage states of the elements that constitute the same building. In 

particular, the author provided a simple method for incorporating the influence of the 

structural components’ damage states into the fragility function of the case study. With 

this regard, using Monte Carlo method for simulating the damage capacity of each el-

ement investigated, author correlated the damage capacities of two elements, in order 
to establishing the total probability of having a certain damage for both components. 

This kind of correlation can be extended for providing a prediction about the damage 

state of a class of buildings characterized by common features, like in the case pre-

sented. Generally, given a sample of N buildings for which the fragility curves (for a LS 

investigated) are known, the general damage state of the class of buildings can be 

defined through by regional fragility function features: median (μreg) and dispersion 

(βreg). For predicting the entire probability distribution of the total sample of buildings, 

the first step is to define the overall median (Saoverall) and the overall dispersion (βoverall). 
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The overall median is the median of all individual medians by fragility curves, while the 

square of overall dispersion is the sum of the square of the intra-building dispersion 

(βintra) and inter-building dispersions (βinter). The latter is the expression of the law of 

total variance. The above concepts are summarized in the following equations: 

푆 =  
푁 + 1

푁
푆푎  (5.7) 

β =  β +  β  (5.8) 

Subsequently, for computing μreg, the simple mean of the single fragility median 

of each building in the sample (Sai
50) is simply considered, as shown below: 

μ =  
∑ 푆푎

푁
 (5.9) 

The computation of the regional fragility dispersion is directly linked to the βover-

all. In particular, it can be estimated through the SRSS of the βintra and βinter, as here 

reported: 

 β =  β +  β  (5.10) 

βintra is provided by the mean of the all the fragility curves’ dispersions (βTOT,i), 

computed for each building: 

  β =  
∑ ,  (5.11) 

βinter is computed as the dispersion (standard deviation of the natural logarithm) 

of all  Sai
50 values: 

  β =
∑   (5.12) 

For the case studies analysed, μreg and βreg should be computed, in order to 

define the regional fragility curves. To this scope, the above parameters should be iden-

tified on a sample of buildings with the same T, which means the same Sa(T) and the 

same IM. This necessity is due to the definition of fragility curves, as defined by eqs. 

2.31, 2.32 and 2.33, where the IM is used for conditioning the LS to investigate. There-

fore, all fragility curves must have the same IM, in order to carry out the elaborations 
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presented from the eq. 5.7 to eq. 5.12. In this case, considering that the Ts used for 

computing the Sa(T) are different among the buildings (they are in a range between 0.3 

and 0.85 s), a unique value of the period has been considered, which has been as-

sumed equal to 0.5 s. This implies to scale the abscissa of each fragility curve, previ-

ously obtained, of a certain value, given by the ratio between the Sa(T) used for each 

building and the relative Sa(T=0.5s). Considering that, each fragility curve has been 

provided by NLD analyses made using several records (44 in the SPO2FRAG case, 11 

in the FSA case), the value of Sa(T=0.5s) has been computed as the arithmetic mean 

of all values of the Sa for a T=0.5, extracted record per record. For mathematically 

expressing the above procedure, the value of Sa(T=0.5) for scaling the abscissa of 
each fragility curve can be expressed with the following equation: 

푆 (푇 = 0.5) =
∑ S (푇 = 0.5)

푘
 (5.13) 

where k is the number of records used for each procedure employed and 

Sa(T=0.5)i
th

record is the value of the spectral acceleration for the ith record and a T=0.5s. 

Hence, by applying the procedure on the resultant fragility curves obtained with both 

two methodologies adopted, it is possible to plot the new curves on the same graph. 

Figures 5.17 and 5.18 show all fragility curves scaled, blue for the LSLS and red for 

NCLS, while the black curves are the regional fragility curves obtained for each LS, by 

using the values obtained from eqs. 5.9 and 5.10. These values of μreg and βreg are 

summarized in table 5.7. 

 
 Tab. 5.7 – Regional fragility curves features, in terms of μreg and βreg 

Regional 
fragility 
curves 

SPO2FRAG  FSA 

LSLS NCLS  LSLS NCLS 

μreg 2.093 2.498  1.644 2.112 

βreg 0.754 0.742  0.845 0.879 
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Fig. 5.17 – Regional fragility curves for the LSLS, from FSA and SPO2FRAG 
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Fig. 5.18 – Regional fragility curves for the NCLS from FSA and SPO2FRAG 
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The results show a slight difference between the two methods for both LSs 

investigated. In particular, the regional fragility curves obtained from the FSA method 

application present a greater dispersion and lower median, evidence maybe due to the 

different scaling value used in the plotting of fragility curves. The analogous results, 

accounting for the shear mechanisms are presented from the figure E.10 to E.11 (see 

annex E). In these cases, the differences between the regional fragility curves are lower, 

as shown in table E.2. 
 

5.4 Proposal of a parsimonious modelling methodology: 3D reduced-order models 
The procedures of simplified modelling of existing RC buildings are usually very 

attractive among the scientific community, for the skills of reducing computational time 

and efforts and for the possibility to perform a lot of NLD analyses on the structural 

modelling. The main aim of simplified models are to provide an adequately characteri-

zation of the structural response, equivalent to the one obtained from a full and complex 

numerical model. In the precedent Sections, a simplified methodology for performing 

NLD analysis (FSA) has just been presented, which provides an application of the MSA 

method. The method, as shown from the application on a sample of case studies, is 
useful for carrying out the assessment of the building fragility in a practical and fast 

manner, adapt to the use by practitioners, which want to apply the concepts at the base 

of PBEE approach on FE models made with commercial software. In this Section, the 

author is going to present a proposal of simplified methodology, which has a similar 

goal of the previous application. In particular, the method consist in the definition of an 

analytical path, made of same steps, able to provide simplified models of existing RC 

buildings that give the same response of full FE models. Even in this case, our scope 

is to provide a method for matching the real necessity of practitioners with the possi-

bility to assess the existing buildings, by using the PBEE approach. The method here 

presented is able to provide 3D reduced-order models, which can be feasible for re-

searchers and practitioners. In particular, the present work defines the steps for making 

a 3D reduce-order numerical model, starting from the linear and NL features of the 

structural elements of an existing RC building. It is worth mentioning that, as specified 
in the Section 5.2 for other simplified models, the scope of this methodology is not to 
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account for all mechanisms of individual components, which is most important for ex-

isting buildings without capacity design rules, where local failures may occur. Gener-

ally, this latter goal could be captured only indirectly through observing the pushover 

curve of the full model. Our approach going to investigate the possibility of producing 

a 3D reduced-order model without knowledge of the capacity curve and other charac-

teristics of the full. In fact, through the development of analytical equations, it is possible 

to make the 3D reduced-order model of whatever RC building, which here is called 

“uncalibrated model”. On the other hand, a simplified model can be simply calibrated 

by using the results of full models, in order to obtain the same structural response. In 

this case, the full models should be available, with them capacity curves, which can be 
compared with the analogous results obtained from the 3D reduced-order models. 

Therefore, we are going to provide the possibility of producing the 3D reduced-order 

models, using the results of the full ones, in order to define a kind of simplified model, 

here called “calibrated model”. Whether this is, a successful endeavour will typically 

depend on the characteristics of the building under investigation. Still, we can anticipate 

a certain loss of fidelity especially vis-à-vis the abovementioned effects that a properly 

calibrated reduced-order model can better account for. The proposed 3D reduced-order 

model consists in one or more one-bay 3D structures, with same number of storeys of 

the existing building analysed. In particular, the input data necessary for making the FE 

model are the ones usually provided from the knowledge path of the building, like the 

geometrical and mechanical features of the building, the structural elements and the 

loads applied. As just mentioned, the method proposed, allows of making a simplified 

model that is independent from the full model (uncalibrated version). In fact, the full 
model of the structure is not necessary here and it can be unknown. We are going to 

provide a way for defining the elastic and inelastic 3D reduced-ordered model, through 

several rules and equations. The aim of the procedure is to ensure, firstly, the equiva-

lence, in terms of stiffness and mass, between the building and the simplified model 

and secondly, the equivalence of the post-elastic behaviour. The accurateness of the 

procedure will be assessed subsequently, by using a full model, which is made with 

the same modelling hypotheses of the 3D reduced-order model. Assuming that all 
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structural elements are rectangular, such as occur in the existing RC buildings, the 

geometric features of the ith structural element are the follow: 

퐴 = ℎ ∗ 푏  (5.14) 

퐼 =
ℎ ∗ 푏

12
 (5.15) 

퐼 =
푏 ∗ ℎ

12
 (5.16) 

where A is the section area, b is the section base and h is the section height of 

the element. Iw and Iv are the inertia moments of the section, considering w and v its 

local axes. For how to express Iw and Iv, the inertia moment related to the vertical loading 

is Iv. The reduction is performed per direction. Regarding to the beams, for each storey, 

the quantities provided by eqs. 5.14, 5.15 and 5.16 are computed for all beams and 

they are condensed in two new parallel beams, as shown in figure 5.19. In particular, 

the two beams, for the jth direction, should have the following features: 

퐴 , =
∑ 퐴 ,

2
 (5.17) 

퐼 , =
∑ 퐼 ,

2
 (5.18) 

퐼 , =
∑ 퐼 ,

2
 (5.19) 

where N represents the number of elements in the jth direction considered, Ab, 
Ibw and Ibv are, respectively, the area and the inertia moments of the beams of the 3D 

reduced-order model. Still, the dimension of the previous beams, which is the dimen-

sion of the bay for the direction considered, is provided by a proportion between the 

inertia moments Iv of the elements and their length (Lb,j), as shown in the below equa-

tion: 

퐿 , =
∑ 퐼 , ∗ 퐿 ,

∑ 퐼 ,
 (5.20) 
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Regarding to the columns, the concept is similar to the beams and, for each 

storey, all elements are computed by using eqs. 5.14, 5.15 and 5.16 and condensed 

in 4 new columns. For this case, the eqs. 5.18 and 5.19 are rewritten as follow: 

퐼 =
∑ 퐼

4
 (5.21) 

퐼 =
∑ 퐼

4
 (5.22) 

where Icw and Icv are the inertia moments of the columns of the 3D reduced-

order model. However, the columns area cannot be computed as performed for the 

beams, because it is necessary to consider the loss of the overturning effect, due to 

the reduction of the number of columns in the FE model. For accounting this effect, eq. 

5.17 can be rewritten in analogous way, but adding the well-known Steiner term. This 

latter is computable multiplying the area of the ith column (Ai) for the square distance 

(di) between each column considered and the CM of the 3D reduced-order model. In 

other words, eq. 5.17 became as follow: 

퐴 =
∑ 퐴 + 퐴 ∗ 푑

4
 (5.23) 

where Ac is the area of the columns of the 3D reduced-order model. The L of 

the columns is that of the storey considered. In addition, the 3D reduced-order model 

should consider the total mass of the building, which can be evaluated by computing 

the total weight (W) of the structure. Generally, one can use the usual formulation pro-

vided by the technical codes, such as the one proposed by EC8 and below reported: 

푊 =  퐺 + 훹 푄  (5.24) 

where Gk are the characteristic dead load, Qk are the live load and ΨE are the 

seismic combination coefficients of the quasi-permanent values of the live loads. In our 

case, the evaluation must be made for each storey, where after the evaluation of storey 

weight (Ws) one can compute the storey mass (Ms), by using the gravity acceleration 

(g) and, subsequently, can subdivide equally the mass in the four nodes of the storey 

model, as suggested by the following equation: 
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푀 =  =    (5.25) 

where Mn is the mass of each node of the considered storey s. Computationally, 

Mn is a translational mass and then, it must be applied in the two main horizontal direc-

tions. For completing the 3D reduced-order model, the nodes of each storey must con-

sider the rotational effect associated to the structure. To this scope, it is necessary to 

compute the rotational nodal masses, directly from the rotational mass of the dia-

phragm. In particular, this quantity is strictly linked to the concept of the floor mass 
inertia moment (Js), which in turn depends from the floor inertia radius (Ir,s), as below 

reported: 

퐽 = 푀 ∗ 퐼 ,  (5.26) 

where, assuming the total dimensions of the building sides in the two main 
directions as Lx and Ly, the value of Ir,s is provided by: 

퐼 , =  
퐿 + 퐿

12
 (5.27) 

Whereas the 3D reduced-order model must have the same behaviour of the 

building, the rotational mass of the nodes (Jr,n) is provided by the difference between 

the Js of the structure and the floor mass inertia moments of the simplified model, 

submitted in the 4 nodes of the storey. Mathematically, we have the following equation: 

퐽 , =  
퐽 − 푀 ∗  

퐿 , + 퐿 ,
12

4
 (5.28) 

where Lb,x and Lb,y are the expression of Lb,j in the two main direction X and Y. 
One should observe that the 3D reduced-order model built is a regular model, with CM 

and CS coincident. This means that our simplified model surely loses the property to 

reproduce the coupled vibration modes, especially when the building to analyse is 

strongly irregular. On the other hand, it is possible to improve the estimation of irregular 

buildings, adopting a 3D reduced-order model constituted by more one-bay structures. 

With this scope, one can subdivide the building in two or more parts and applies the 

procedure above, respecting all structural elements that fall in the part selected. The 
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result is given by two or more 3D reduced-order models, which must be linked storey 

per storey, in order to work together. For having an accurate estimation, one should 

takes care the position of the simplified models. In fact, their CMs must be coincident 

with the ones of the building parts selected. Concerning to the NL behaviour of the 3D 

reduced-order model, the modelling approach adopted is to lumped plastic hinges, 

placed in the end sections of the elements of the simplified model. The constitutive law 

of the plastic hinges can be evaluated for all elements, considering the full knowledge 

of the structure and taking into account the bidirectional behaviour for the columns. The 

choice of the constitutive law typology is entrusted to the analyst. In this proposal, a 

quadrilinear Moment – Rotation constitutive law has been assumed, where the back-
bone is constituted by 4 damage levels, such as the first cracking of concrete, the 

yielding of the longitudinal bars with hardening behaviour, a softening part for simulat-

ing the strength degradation of the section and a fourth part of residual moment, as-

sumed at 20% of the yielding moment. 

 

Fig. 5.19 – Concept of our 3D reduced-order model, applied on a case studied (B10) 

 

For each element, the values of the yielding (θy,i) and ultimate rotation (θu,i) are 

computed using the formula provided by the EC8 – part 3.3. Once that the constitutive 

law of each element is defined, the NL behaviour of the 3D reduced-order model ele-

ments can be evaluated, with respect of the elements orientation (jth direction), by using 

the following equations: 
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for beams:  

푀 , =
∑ 푀 ,

2
 (5.29) 

푀 , =
∑ 푀 ,

2
 (5.30) 

휃 , =
∑ 휃 ,

푁
 (5.31) 

휃 , =
∑ 휃 ,

푁
 (5.32) 

 

for columns:   

푀 , =
∑ 푀 ,

4
 (5.33) 

푀 , =
∑ 푀 ,

4
 (5.34) 

휃 , =
∑ 휃 ,

푁
 (5.35) 

휃 , =
∑ 휃 ,

푁
 (5.36) 

 

where the Mby, Mbu, Mcy and Mcu are, respectively, the yielding and ultimate mo-

ment of the beams and columns and θby, θbu, θcy and θcu are, respectively, the yielding 

and ultimate rotation of the beams and columns, all of the simplified model. Figure 5.20 

shows graphically what explained from the latter equations, with an example of reduc-

tion. 

 

5.4.1 Application to set of real case studies 
In order to test the methodology proposed about the 3D reduced-order models, 

explained in the previous section, the sample of 15 existing RC buildings presented in 

the Section 5.3.1 has been taken into account. It is worth remembering that all infor-

mation about the knowledge of buildings are known, such as geometry, materials and 
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them geometrical and mechanical parameters, loads applied and so on. In addition, the 

3D full models made in SAP2000 are available, in order to compare the 3D reduced-

order models with the full ones, in terms of linear and NL behaviour. The hypotheses at 

the base of the full numerical models must be coherent with the ones adopted for the 

3D reduced-order models. In particular, the common hypotheses assumed are the rigid 

floors, the base columns fixed at the ground and the nonlinearity of beams and col-

umns, which are modelled by using a plastic hinges approach.  

Fig. 

5.20 – Nonlinear behaviour of 3D reduced-order models for the jth direction, by using eqs.5.29 – 5.36 
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Concerning to the plastic hinges, according to the modelling of full models, the 

3D reduced-order models account just for the ductile mechanisms, as the bending and 

they neglect the brittle mechanisms, as the shear. Even for 3D reduced-order models, 

the influence of infill panels has been not considered. Regarding to the nonlinearity, for 

each plastic hinge, the limit states acceptance criteria have been imposed, fixing a 

chord rotation value equal to θy for the DLS, ¾ θu for the LSLS and θu for the NCLS. 

The cyclic behaviour of the plastic hinges has been imposed according to the Takeda 

rule. Therefore, the procedure explained in the previous Section has been performed for 

all buildings of the sample investigated and numerical 3D reduced-order models have 

been carried out, by using the Opensees software (McKenna, 2011). The frame mem-

bers have been modelled by using the element beamWithHinges, in which the consti-

tutive law of plastic hinges is simulated through the Pinching4 material. Each plastic 

hinge has been defined as soon as made for the full models. In particular, the constitu-

tive law employed, is able to account for the concepts developed by Ibarra (Ibarra et al, 

2005) for properly weighting the hinges versus the elastic beam. 
 

 
Fig. 5.21 – 3D reduced-order models for the building B1 
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Concerning to the reduction criterion followed, the main goal has been the one 

of making a 3D reduced-order by using only a one-bay model for each structure, ac-

cording to a philosophy of simplified model. Clearly, this is not always applicable, such 

as in the cases in which the buildings have a particular in-plan shape, like an L. For this 

eventuality, the 3D reduced-order models have been made by using a double one-bay 

structure model, where the two structures are rigidly linked storey per storey. Figure 

5.21 for B1 and from figures D.1 to D.7 for other buildings (see Annex D), show the 

numerical model of buildings with the corresponding 3D reduced-order model, with 

indications about the tag assignment of buildings, the cities and the length sides of the 

simplified model (in bold). The first comparison performed between full and 3D re-
duced-order models has been in terms of modal parameters, analogously to table 5.1 

(for full models). In particular, for each 3D reduced-order model, T1, T2, T3, MX[%], 

MY[%] and Mθ[%] have been evaluated and reported in table 5.8. The results show that 

the elastic behaviour of models is same in a lot of cases investigated. This means that 

the 3D reduced-order models take correctly into account the masses and stiffness’ of 
the buildings. Different evaluation can be done regarding the M[%]s where, as just men-

tioned, the vibration modes are totally uncoupled in the simplified models, which is 

different from what we have in the full models.  In addition, one could take into account 

the possibility to reduce the building in more one-bay models connected, for better 

simulating the building dynamic behaviour. As just mentioned, the building can be di-

vided in more parts and the procedure can be applied for each part identified. An ex-

ample of this application is showed in figure 5.22, where the building B2 has been 

reduced in a 3D reduced-order made with 4 one-bay structures. In table 5.9 is pre-

sented the comparison of Ts and M[%]s among full model, 3D-reduced order model 

and 3D reduce-order model with 4 one-bay structures.  
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Tab. 5.8 – First three Ts and M[%]s for the buildings investigated 

Building T1 (s) T2 (s) T3 (s) Mx[%] My[%] Mθ[%] 

B1 0.33 0.32 0.28 92.86 91.71 93.74 

B2 0.78 0.73 0.67 95.89 91.47 94.86 

B3 0.36 0.34 0.30 89.08 90.93 91.48 

B4 0.85 0.57 0.50 89.97 71.35 87.25 

B5 0.38 0.33 0.27 74.90 78.12 81.21 

B6 0.52 0.41 0.31 93.48 93.05 98.22 

B7 0.71 0.55 0.54 97.65 92.27 97.78 

B8 0.80 0.62 0.60 92.16 66.69 69.52 

B9 0.67 0.62 0.53 98.42 93.26 98.57 

B10 0.43 0.42 0.38 98.02 97.77 97.96 

B11 0.56 0.47 0.45 92.62 96.98 97.48 

B12 0.53 0.47 0.44 82.84 60.57 64.25 

B13 0.47 0.41 0.33 94.83 95.36 96.79 

B14 0.83 0.74 0.71 93.05 90.00 92.99 

B15 0.68 0.65 0.56 86.89 84.25 87.78 

 

 

 

Fig. 5.22 – 3D reduced-order model with 4 one-bay structures for the building B2 
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Tab. 5.9 – Comparison, in terms of periods and participating masses, among full, 3D reduced-

order and 3D reduced-order with 4 one-bay structures models, for the case B2 

Building B2 T1 (s) T2 (s) T3 (s) Mx[%] My[%] Mθ[%] 

Full model 0.84 0.83 0.73 46.33 90.88 47.11 

3D reduced-order model 0.78 0.73 0.67 95.89 91.47 94.86 
3D reduced-order model – 4 

one-bay structures 0.83 0.76 0.71 67.35 90.69 62.17 

 

The results show that the last model better approximates the dynamic behaviour 

of the full model, both for the Ts and M[%]s. On the other hand, the performance of a 

simplified model like this, can become hardly feasible for practitioners, besides to con-

sider the possible increment of computational mistakes. From this point, all analyses 

have been performed on the 3D reduced-order models simpler, as in the models shown 

in figure 5.21 and D.1-D.7. After the modal parameters comparison among the model-

ling methodologies, the next step has been the check of the NL behaviour between the 

numerical models (full and 3D reduced-order), for each building analysed. To this 

scope, NLS analyses have been carried out on the 3D reduced-order models, in the 

main directions X and Y, according to the reference system reported in figure 5.12 (and 

figures from A.1 to A.14) and to directions of pushover analyses just performed on the 
full models. Analogously to these latter, the load pattern adopted for pushover analyses 

is the uniform one, with each force applied in the CM of each storey and all models 

have been pushed up to the same displacement of the corresponding full model. The 

results of NLS analyses has  shown that the elastic slope of the elastic branch of the 

capacity curves, here displayed as Vb-δR, of 3D reduced-order models is coincident 

with the ones obtained from the full models. This is due to the strong closeness among 

the elastic parameters of the numerical models (in particular in terms of Ts), evidence 

just shown form the comparison between tables 5.1 and 5.9. With regard to the value 

of yielding base shear (Vby), in some cases there are little differences between the two 

capacity curves of the same building, such as occur for other properties in post-elastic 

field. In particular, the pushover curves of the simplified models show some differences 
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in terms of slope of the hardening part, ultimate Vb and the correspondent δR and slope 

of the softening part. The reasons of this result is of addressing to the nature of the 3D 
reduced-order, which cannot take into account the continuous stiffness variations of 

the single elements in the post-elastic field. In addition, the full and simplified models, 

under the same modelling hypotheses, have been made using two different software, 

which could be cause of numerical differences in the results. In order to capture the 

structural response of the full models, especially in the inelastic field, the 3D reduced-

order models performed (uncalibrated models) have been calibrated on the base of the 

pushover curves obtained for the 2 directions considered. To this scope, some param-

eters of the constitutive law of the plastic hinges involved in the simplified models have 

been adequately modified and, on these new models (calibrated models), the pushover 

curves have been newly recalculated. In figures 5.23 for B1 and from figure D.8 to D.21 

for other buildings (see Annex D) the pushover curves for each model and each direc-

tion are shown, provided by the full models, the calibrated and uncalibrated 3D reduced-

order models. The comparison among pushover curves of uncalibrated, calibrated and 
full models shows that in some cases, the calibrated and uncalibrated curves are sim-

ilar (figures in which the two curves are superimposed, displayable as sole black dotted 

curve) and in other cases they are very different. Generally, both calibrated and uncali-

brated curves difficulty reproduce the faithful trend of the pushover curve obtained from 

full model. This is due to the sudden change of stiffness in the full model, which are 

impossible to reproduce with a simplified model. On the other hand, it is shown how 

the 3D reduced-order model can reproduce the trend of the structural response (under 

static loads), with good approximation. Regarding to the calibration of the models, table 

5.10 shows the percentage variation made on the hinge parameters, which define the 

post-elastic behaviour of buildings. In particular, for modifying a curve in a direction, 

all hinges oriented in that direction have been changed, by applying the same variation 

for the post-elastic parameters.  
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Fig. 5.23 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 
direction, for building B1 

 



 306

Tab. 5.10 – First three Ts and M[%]s for the buildings investigated 

Building 
Calibration X Calibration Y 

fy (%) ah (%) mc (%) ac (%) fy (%) ah (%)  mc (%) ac (%) 

B1 +20 +20 -20 - +15 +100 -50 - 

B2 +8 - +60 +100 +15 +40 +20 +100 

B3 - +10 -50 - - - -30 +100 

B4 - +100 -10 +100 +5 +10 -30 +80 

B5 - - +20 +50 +5 +100 -10 +100 

B6 - - +20 -40 - +100 +80 - 

B7 - - -25 +200 - - -30 - 

B8 - - - - - - - - 

B9 - - - - - - - - 

B10 +5 +70 -55 +100 +5 +50 -50 +100 

B11 - - -   - - - +200 

B12 - - +10 +50 - - - +100 

B13 - - - +100 - -20 +25 +50 

B14 - - -30 - - - -40 +100 

B15 - - - - -10 - +30 - 

 

Among these, which are defined in the Opensees routine used for defining all 

hinges, there are fy, which is the yielding moment (or force, but in this case is a moment 

for the constitutive law used), ah, which is the hardening ratio expressed as percentage 

of the flexural stiffness, mc, which is ductility expressed in terms of ratio between cap-
ping and yielding rotations and ac, which is the capping slope expressed as percentage 

of the flexural stiffness. As shown by the percentage values reported in table 5.8, the 

above parameters are characterized by high sensitivity, which highlights the importance 

of the FE model definition for having good results. However, our aim is to assess if the 

proposed procedure, for making the uncalibrated version of 3D reduced-order model, 

is efficient, provide same results of the calibrated and full models and, above all, can 

be used in the vulnerability assessment of buildings, by using the PBEE approach. With 
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this regard, NLTH analyses have been performed on some of the numerical models 

made. In particular, the aims are firstly, to understand if the uncalibrated models are 

able to capture the structural response of the buildings investigated under dynamic 

loads and secondly, to assess the calibration validity, which has been performed 

through pushover curves. The set of ground motions selected is the one shown in table 

5.3. For this analysis, only 5 buildings have been investigated, randomly chosen in the 

sample, by using just 5 records of the above set. Even in this case, the unscaled ac-

celerograms have been applied on numerical models (full and 3D reduced-order cali-

brated and uncalibrated) with the two horizontal components simultaneously. Figures 

5.24, 5.25, 5.26 and 5.27 show the results of the NLTH analyses performed, with spe-
cific reference to the models investigated and records uses. In particular, the figures 

show the percentage difference in the two main directions, in absolute value, firstly, 

between full and uncalibrated 3D reduced-order models (figures 5.24 and 5.25) and 

secondly, between full and calibrated 3D reduced-order models (figure 5.26 and 5.27), 

in terms of maximum θi and δR. In some cases, the number of bars is less than the 

records used, cause the possibility to have the dynamic instability of the structural re-

sponse, which could also occur only in one of the numerical models performed. Gen-

erally, the results of figures 5.24 and 5.25 show that the percentage differences among 

full models and calibrated and uncalibrated 3D reduced-order, in terms of maximum θi 

and δR, are in the order of 20%, results that demonstrate how to simplified models 

provide a good simulation of the NL behaviour of full models and of the buildings be-

haviour. In addition, as predictable, the calibrated 3D reduced-order models provide 

differences lower than the uncalibrated one. Still, in more cases, the differences be-

tween the responses of simplified models are negligible, evidence that shows the ef-
fectivity of the uncalibrated models and the procedure proposed 
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Fig. 5.24 – Percentage differences among full models and uncalibrated 3D reduced-order, in terms of 
maximum δR 



 309

 

 

Fig. 5.25 – Percentage differences among full models and uncalibrated 3D reduced-order, in terms of 
maximum θi 
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Fig. 5.26 – Percentage differences among full models and calibrated 3D reduced-order, in terms of 
maximum δR 
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Fig. 5.27 – Percentage differences among full models and uncalibrated 3D reduced-order, in terms of 
maximum θi 
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5.4.2 Discussion of results: structural responses, damage states and confidence 
levels 

The NLS and NLD analyses results in the previous Section have shown that the 

3D reduced-order models are able to catch the global structural response of the build-

ings and their full models. The next step of the work is the application of the PBEE 

approach on the sample of buildings, in order to determine the structural responses, 

the damage states at different LSs and the safety levels. Regarding to the seismic haz-

ard of the buildings sites, the seismic input is represented from the set of accelerogram 

just used and reported in table 5.3. In addition, the hazard surfaces of the buildings 

sites have been just defined, as depicted in figures 5.16 and C.8-C.14 (see Annex C). 

Concerning to the structural analysis phase, the real novelty of this work is the improve-

ment given from the 3D reduced-order models. In particular, in the PBEE approach, one 
needs to define the structural response of the building analysed in both elastic and 

inelastic fields, for different IM levels, through several NLD analyses. As just mentioned, 

for characterizing the structural response from the probabilistic point of view, the nu-

merical model should be investigated through some methodologies of dynamic analy-

sis, such as the IDA, cloud or MSA. On the other hand, the use of these kinds of analysis 

has an elevated application only in the academic world, related to difficult by practition-

ers, which needs to reduce the time of analysis and the computational efforts. There-

fore, the main skill of the 3D reduced-order model is the possibility to carry out a lot of 

NLD analyses, useful for fully investigate the structural response, avoiding the above 

problems, especially for practitioners (without considering the limits of its application 

for the academic research). With the aim of evaluating the efficiency of our simplified 

models in the structural response prediction, all models have been investigated by us-
ing NLD analyses. In particular, IDA analyses have been performed on the 3D reduced-

order models (calibrated and uncalibrated) and compared with the results obtained 

from the application of FSA method on full models, widely discussed in the Section 

5.3.2. Concerning to the IDA analyses on all 3D reduced-order models, the set of rec-

ords selected has been applied on the FE models and the accelerograms have been 

scaled up in amplitude sometimes, until to have the convergence of the models. The 

IDA results are represented by 11 IDA curves. The structural responses obtained from 
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the application of IDAs on 3D reduced-order models and FSAs on full models can be 

displayed in the plane EDP – IM, where the values of the EDP has been expressed in 

terms of maximum interstorey drift ratio (θi,max) and IM is the Sagm(T1-3).  Figures 5.28 

for building B1 and from D.22 to D.35 for other buildings (see Annex D) show the 

superposition of the IDA curves on the uncalibrated 3D reduced-order models with the 

points obtained by the FSA application on the full models, plotted for the two main 

directions (X and Y). Analogously to the uncalibrated model, figures 5.29 for building 

B1 and from D.36 to D.49 for other buildings (see Annex D) show the superposition of 

the IDA curves on the calibrated 3D reduced-order models with the points obtained by 

the FSA application on the full models, plotted for the two main directions (X and Y). 

Similar results have been obtained by performing IDAs on calibrated and uncalibrated 

models. The trend of the structural response obtained by the FSA on full models is more 

or less the same to the one computed with IDAs on the 3D reduced-order models. In 

particular, one can see that when the stripes are in elastic field, the dispersion of points 

of the stripes is always the same to the one shows by IDA curves, while in the inelastic 
field there are some differences. This can be explained considering that, in the inelastic 

field, some points in the stripes collapse (red points). Furthermore, it is necessary to 

consider that the full models have been made using a commercial software, as practi-

tioners’ use, which is often characterized by convergence problems of analyses in the 

inelastic fields. Looking the results obtained, the advantages of the 3D reduced-order 

models are manifold. Firstly, the structural response can be completely investigated in 

the elastic and inelastic fields, with a simple model implemented in an open source 

software and, overall, with low computational efforts and analysis time. Secondly, us-

ing this simplified model, the input of NL analyses can be increased, by considering a 

bigger number of accelerograms then the one adopted here, with the consequence to 

have a consistent definition of the structural response, from the probabilistic point of 

view. Lastly, comparing the results obtained from IDA and FSA, practitioner is able to 
increase the number of stripes on the full models, consciously deciding the others IM 

levels to investigate.  
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Fig. 5.28 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 
building B1 
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Fig. 5.29 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B1 



 316

Clearly, this can be wasteful, from the computational effort point of view, but 

one can need to assess the local mechanisms of the structural elements, evidence 

identifiable only on the full model. Subsequently, the results of the structural analysis 

have been used for computing the damage states of the sample of buildings investi-

gated. To this scope, fragility curves have been defined, according to the definition 

reported in Chapter 2. The value of epistemic uncertainties, which depends from the 

knowledge of buildings and modelling methods adopted, has been fixed for all 3D re-

duced-order models equal to 30%, according to the evaluation done about the full mod-

els. In order to compute the fragility curves from the 3D reduced-order models (cali-

brated and uncalibrated), the values of EDP have been fixed, for each LS, through the 
observation of the structural elements status, during the pushover analyses of the full 

models. In this application, the fragility curves computed from the FSA on full models, 

account for the DLS, which has been considered and evaluated for all models. In par-

ticular, using θi,max as EDP, the threshold of DLS has been established equal to 0.5% 

for each building. For the ultimate LS, the criteria for conditioning the LSs have been 
assumed equal to the one provided in Section 5.3.2, with the values shown in table 5.2. 

According to the philosophy used for fragility curves of full models, also in the cases 

of 3D reduced-order models, the damage states have been evaluated following the IM-

basis estimation of structural response, given a value of EDP (vertical statistics).  The 

results of the damage states of the buildings are depicted in figure 5.30 for B1 and from 

figures D.50 to D.56 for other buildings (see Annex D). In particular, in each graph, 

there are 9 fragility curves for each building, provided by the combination of 3 LSs 

(green for DLS, blue for LSLS and red for NCLS) and 3 kinds of models, as indicated 

in the legend. Results show that, first of all, the fragility curves of the 3D reduced-order 

models are generally the same for the calibrated and uncalibrated ones. In many cases, 

the curves of the two simplified models are perfectly fitted, while in the other cases, the 

calibrated models present fragility curves more close to the ones computed by FSA on 
full models. 
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Fig. 5.30 – Comparison of fragility curves, for each model and each LS investigated for B1 

 

Regarding to the comparison among full and simplified models, the results 

show that for the DLS, the fragility curves are similar, evidence that confirm how the 

structural response in the elastic field is perfectly captured from all models. On the other 

hands, for the ultimate LSs, the results show differences in some cases, or anyway, 

the curves are farther apart than the previous ones. In particular, for the LSLS and NCLS, 

the fragility curves from full models are usually shifted to right, compared to the ones 

provided by simplified models. The reason of this effect can be addressed to the defi-

nition of the structural response with FSA. In fact, in the inelastic field, the FSA method 

cannot provide a perfect estimation of the building behaviour, such as in the elastic 

field, due to the known problem of convergence of NL analyses in a full model. As 
abovementioned, the FSA results could be improved, increasing the number of stripes 

(with the usual disadvantage of increasing the computational time and effort). The anal-

ogous results, accounting for the shear mechanisms are presented from the figure F.1 



 318

to F.8 (see annex F). In these cases, the trend of the comparison is confirmed, but the 

results are better than the ones without shear mechanisms, due to the achievement of 

ultimate LSs in the neighbourhood of the yielding. In addition, in these cases, as above-

mentioned, to consider the DLS does not make sense, because the ultimate LSs are 

soon reached. Finally, after the computation of the fragility curves, it has been possible 

to estimate the assessment of buildings, through the computation of the CLs, associ-

ated to the MAF of exceeding a certain LSs. In particular, for each fragility curves, it is 

possible to estimate the MAF of exceeding its LS (λestimated here or λLS in the Chapter 2) 

and to compare this one with the target MAF (λtarget here or P0 in the Chapter 2). If the 

λestimated is greater than the λtarget, the building presents a damage state that has a low 

probability of exceedance the seismic demand, for the LS investigated and vice versa. 

In other words, the comparison in terms of λ provides an estimation of the safety level 

of the building, for the LS used. At the same time, a probabilistic procedure of assess-

ment is aimed to estimate the CL, for a given LS, of a building to exhibit a certain target 

performance. In this case, we have assessed the CL values, for each case and each 

LS, quantifying to 100% and 0% the cases in which the building is able or not of satis-

fying the performance desired. λestimated is computed according to eq. 2.41, while λtarget 
can be computed by using the following formulation: 

휆 =  
퐿푁 1 − 푃(퐿푆 )

푉
 (5.37) 

where VR is the reference period. In particular, following the EC8 criteria, the 

values of probability of exceedance for DLS, LSLS and NCLS are respectively equal to 

63%, 10% and 5%, while the VR for the typologies of buildings investigated is equal to 

75 years (provided by a NL of 50 years and an CU equal to 1.5). The results about the 

λestimated, λtarget and CLs evaluations have been reported in tables 5.11 and 5.12. The re-

sults show that the CLs, provided by the comparison of λestimated and λtarget, are the same 

for each kind of model and LS. This, from a global assessment point of view, means 

that the 3D reduced-order models (calibrated or uncalibrated) provide a good estima-
tion of the safety levels for each LS, coherent with the ones computed from the full 

models. However, the results of λestimated from the full models show that, in the major 
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part of cases, the values obtained for DLS are bigger than the ones computed from the 

simplified models, while for LSLS and NCLS the situation is upside down.  

 
Tab. 5.11 – Computation of λestimated for 3D reduced-order calibrated, uncalibrated and full mod-

els, comparison with λtarget and computation of confidence levels, for each LS, for buildings B1 – B8 

Building LS λestimated –Full λestimated – 
Calibrated 

λestimated –  
Uncalibrated 

λtarget CL (%) 

B1 

DLS 0.0637 0.0446 0.0463 0.01325 100 

LSLS 0.0018 0.0027 0.0039 0.00140 100 

NCLS 0.0008 0.002 0.0029 0.00068 100 

B2 

DLS 0.1966 0.0784 0.079 0.01325 100 

LSLS 0.0226 0.0126 0.0141 0.00140 100 

NCLS 0.0141 0.0101 0.0111 0.00068 100 

B3 

DLS 0.044 0.0224 0.0284 0.01325 100 

LSLS 0.0018 0.0022 0.0022 0.00140 100 

NCLS 0.0008 0.0017 0.0016 0.00068 100 

B4 

DLS 0.066 0.117 0.117 0.01325 100 

LSLS 0.0093 0.0104 0.011 0.00140 100 

NCLS 0.006 0.0085 0.0082 0.00068 100 

B5 

DLS 0.011 0.0043 0.0041 0.01325 0 

LSLS 0.0001 0.0008 0.0008 0.00140 0 

NCLS 0.0001 0.0005 0.0005 0.00068 0 

B6 

DLS 0.631 0.0347 0.0333 0.01325 100 

LSLS 0.0008 0.0008 0.0009 0.00140 0 

NCLS 0.0003 0.0005 0.0006 0.00068 0 

B7 

DLS 0.2132 0.0814 0.084 0.01325 100 

LSLS 0.0096 0.0139 0.0137 0.00140 100 

NCLS 0.003 0.0112 0.011 0.00068 100 

B8 

DLS 0.0717 0.1032 0.1032 0.01325 100 

LSLS 0.0076 0.0132 0.0132 0.00140 100 

NCLS 0.0029 0.0085 0.0085 0.00068 100 

 



 320

Tab. 5.11 – Computation of λestimated for 3D reduced-order calibrated, uncalibrated and full mod-

els, comparison with λtarget and computation of confidence levels, for each LS, for buildings B9 – B15 

Building LS λestimated –Full λestimated – 
Calibrated 

λestimated –  
Uncalibrated 

λtarget CL (%) 

B9 

DLS 0.235 0.0854 0.0854 0.01325 100 

LSLS 0.0161 0.0125 0.0125 0.00140 100 

NCLS 0.006 0.0079 0.0079 0.00068 100 

B10 

DLS 0.0645 0.0463 0.0489 0.01325 100 

LSLS 0.0028 0.0035 0.005 0.00140 100 

NCLS 0.0018 0.0029 0.0037 0.00068 100 

B11 

DLS 0.2356 0.1298 0.1292 0.01325 100 

LSLS 0.004 0.0063 0.0058 0.00140 100 

NCLS 0.0022 0.0052 0.0051 0.00068 100 

B12 

DLS 0.1259 0.0593 0.06 0.01325 100 

LSLS 0.0054 0.0085 0.008 0.00140 100 

NCLS 0.0032 0.0078 0.0069 0.00068 100 

B13 

DLS 0.2085 0.0957 0.0962 0.01325 100 

LSLS 0.00136 0.0009 0.0009 0.00140 0 

NCLS 0.0008 0.0007 0.0007 0.00068 100 

B14 

DLS 0.1626 0.0548 0.0547 0.01325 100 

LSLS 0.024 0.0062 0.0065 0.00140 100 

NCLS 0.0123 0.0047 0.005 0.00068 100 

B15 

DLS 0.0853 0.0832 0.084 0.01325 100 

LSLS 0.0098 0.0095 0.0087 0.00140 100 

NCLS 0.0083 0.0075 0.0069 0.00068 100 

 

This trend is totally consistent with the fragility curves in figures 5.30 and D.50-
D.56, where if the curve of one model, to a given LS, is shifted to right towards the 

same curve for the other kind of model, the λestimated is smaller. In addition, one can see 

that the values of λestimated obtained from uncalibrated 3D reduced-order models are very 

similar to the ones estimated from the calibrated models. This evidence confirm the 

efficiency of the methodology proposed. 
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6. CONCLUSIONS AND FUTURE DEVELOPMENTS 
 

This dissertation presents a study about some aspects related to the vulnera-

bility analysis of existing RC buildings. Within this framework, the attention is focused 

on the phases of the assessment process such as the definition of the numerical model 

and the subsequent seismic analysis. The main objective of the research work is to 

propose novel procedures and methodologies of modelling and analysis able to provide 

an extensive structural assessment within a full probabilistic framework guaranteeing, 

at the same time, easiness of application and effectiveness in terms of computational 

charges, so to simplify the job of researchers and practitioners. Additionally, an inves-
tigation about some common hypotheses assumed in the numerical models, assessing 

their limitations and possible improvements, has been performed.  

After an extensive review of the state of art about the critical issues of existing 

RC buildings, with the common strategies of modelling and analysis provided by sci-

entific literature, some usual hypotheses at the base of the phases to perform in the 

seismic assessment have been investigated. 

With reference to the secondary structural elements, the validity of the rigid floor 

assumption in existing RC buildings under horizontal actions has been investigated. A 

numerical simplified procedure, able to provide a method to simulate the real behaviour 

of floor system under horizontal actions has been proposed. A preliminary sensitivity 

analysis has been performed in order to establish which are the most significant pa-

rameters that influence the problem, by using micro-models made with FE solid ele-

ments. Using the results of all the analyses, the thickness of an equivalent orthotropic 
shell has been calibrated, providing a macro-model able to explore the effective in-plane 

floor deformability. In order to test the procedure, a real case study has been investi-

gated and the results of linear analyses have demonstrated that the shell element pro-

posed can be used in the numerical model regardless of any aprioristic assumption 

about the hypothesis of rigid behaviour of the floor. Subsequently, a retrofit solution 

consisting in the addition of RC walls at the edges of building has been introduced in 

the numerical model, performing a linear static analysis. In this case, the results have 
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shown the different behaviour between the numerical models made by assuming or not 

the rigid floor assumption, quantifying the differences in terms of stress states. 

Moreover, the proposed procedure has been compared with a different model-

ling approach, based on the schematization of the slab as proper equivalent struts, 

which is the most commonly adopted to represent the floor deformability into numerical 

models. The comparison of the models has shown a good convergence of results in 

terms of modal parameters, such as periods and participating masses and base shear 

distribution on the frame system and on RC walls. The main advantage to use an equiv-

alent shell instead of the popular “strut model” is the possibility of an accurate charac-

terization of the in-plan stress state of the slab system under horizontal actions, which 
is a very useful information for the structural verification of the elements constituting 

the slab. Such a verification, often neglected by practitioners, is fundamental in order 

to guarantee the consistency of the global model. 

The next step has been the analysis of the interaction among structural, sec-

ondary structural (slab) and non-structural elements (masonry panels) in the numerical 

FE model by means of NLS analysis. With this regard, two real existing RC school 

buildings have been investigated. Each building has been modelled considering first the 

rigid floor assumption and then considering a flexible floor modelled through equivalent 

struts. In order to take into account the influence of infill panels, for each building, a 

group of models including a bare frame model, an infilled model and a reinforced infilled 

model has been considered. The models respectively simulate the structural behaviour 

without infill panels, with infill panels and with a seismic retrofit solution. The results of 

the NLS analyses have shown that the differences between models with and without 
the rigid floor assumption become greater as long as the infill panels are stronger. In 

particular, the variation of the Vb for fixed value of δR has reached values greater than 

10%. Such a result can be appreciated even more by looking at the evolution of the 

plastic hinges, whose activation follow a completely different sequence, as a conse-
quence of the different stress distribution among the vertical elements. This results 

demonstrate that the actual deformability of the floor system is an important factor in 

the evaluation of the seismic capacity of RC buildings and the rigid floor assumption 
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cannot be always considered a realistic hypothesis. The deformability of the floor sys-

tem, moreover, can be strongly accentuated when a seismic retrofitting is performed, 

since practical solutions are usually aimed at reducing the horizontal displacement 

through an increment of the effective stiffness (RC shear walls, damped braced or infill 

panels connected with the surrounding frame). With this regard, another existing RC 

school building has been analysed in order to specifically appraise the contribution of 

the infill panels and the influence of a retrofit solution consisting in the addition of 2 RC 

walls on the building’s perimeter. NLS analyses have been performed and the results 

have shown that the deformability of the floor system, in this case plays a fundamental 

and unneglectable role. In conclusion, the assumption of the rigid floor hypothesis de-
serves a focus on the presence of frames-walls systems or when the infill panels can 

be defined as “strong”. 

The future developments of this part of the research will provide the calibration 

of the NL behaviour of the equivalent orthotropic shell based on experimental tests, in 

order to carry out the NLS and NLD analyses on the FE models. This can be powerful 

in the definition of the post-elastic behaviour of floor system, accounting for the pres-

ence of infill panels and possible retrofit solutions.  

Another critical issue faced in the dissertation (Chapter 4) has been the use of 

conventional and non-conventional methods of NLS analysis. With regard to conven-

tional methods, a numerical study has been performed in order to appraise the results 

of conventional NLS analysis on a group of 92 ideal existing RC buildings characterized 

by in-plan irregularity, by varying the position of CN. Based on some evaluation about 

numerical results of NLS analyses, a new simply formulation has been proposed, able 
to provide the increment or decrement of the performance point (for a LS) of the ca-

pacity curves, by using the mathematical equation of a straight line. The method can 

be used in expeditious estimates of structural behaviour for several RC buildings of 

urban aggregate (with several in-plan shapes and number of storeys), in order to pro-

vide estimation more reliable of structural response and, consequently, fragility and 

vulnerability. 
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Concerning non-conventional methods, a multimodal NLS analysis has been 

proposed. The method can be considered very useful for practical application, because 

it consists in the computation of a single load pattern, which takes into account the 

effects due to the higher modes. Then, the procedure has been applied on a case study 

represented by a building having an irregular in-plan configuration and characterized by 

a great dispersion of the values of the mechanical parameters of in-situ concrete (as 

provided by the available information). First of all, the differences between the multi-

modal and unimodal pushovers have been assessed by comparing the results with 

those obtained by 3 IDAs performed with 3 design consistent artificial accelerograms. 

The results have pointed out the presence of appreciable errors in the results provided 
by the conventional formulation, because of the torsional behaviour of building. Then, 

in order to consider the influence of mechanical parameters of in-situ materials, the 

dispersion of concrete compressive strength has been parametrically considered by 

assuming three different scenarios (10, 20 or 30 MPa), considered as plausible for the 

case study. For each model, NL analyses (unimodal and multimodal pushover and 

IDAs) have been carried out. The comparison among the results have shown that an 

incorrect interpretation of the experimental tests induces an uncertainty about the struc-

tural response that is significantly greater than that approximations connected to the 

analysis method. Furthermore, by varying the concrete strength at each floor, results 

have shown that, besides the global failure mechanism occurs for soft storey at the 1st 

floor, the differences obtained in the structural response are much more relevant by 

varying the concrete strength at the 1st floor than in the other 2 cases. A further devel-

opment of the research about this aspect will consist in the assessment of the multi-
modal procedure on additional case studies, characterized by a more severe geometric 

irregularity both in plan and in elevation.  

In Chapter 5, the attention has been focused on the proposal of a novel simpli-

fied numerical procedure for performing NL analyses of existing RC structures by ex-

ploiting user-friendly FE software with easy graphical interfaces and able to reduce the 

time and computational efforts, in a view of the application of PBEE. Based on Multi 
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Stripe Analysis, the procedure proposes the development of a set of “Few Stripe anal-

yses “(FSA), able to investigate the building behaviour both in elastic and inelastic 

fields. It has been applied on a sample of 15 low-rise existing RC school buildings 

located in the Province of Foggia, Southern Italy, for which a full knowledge of the ge-

ometrical and mechanical properties was available. Damage states at the ultimate LSs 

have been evaluated, and fragility curves defined. The results have been compared in 

detail with the ones obtained by the SPO2FRAG software. Some differences between 

the two methods have emerged, and even if they are quite variable, the trend seems to 

show a higher dispersion in SPO2FRAG fragility curves, which can be explained by 

considering that the SPO2FRAG provides a more complete investigation of the struc-
tural behaviour in the inelastic field. Furthermore, using again the two methods, the 

damage states at the ultimate LSs have been computed in a view of regional scale, by 

evaluating the regional fragility curves and their features, through the law of total vari-

ance, of the sample of buildings investigated. Despite the application is limited on a 

narrow sample of buildings, the application has shown the powerful of the methodology 

proposed, extensible to more wide classes of building typologies. In addition, a future 

development of the work will be the evaluation of the damage state of the sample build-

ings with regard to serviceability LSs, by considering the influence of infill panels or 

other non-structural elements. Even in this case, the focus will be addressed to practi-

tioners, who strongly require simplified methodologies for carrying out the vulnerability 

analysis of existing buildings when using the probabilistic approach provided by the 

PBEE. 

The final step of the research has been the proposal of a methodology for mak-
ing simplified numerical 3D models, here called “3D reduced-order model”. The aim is 

to easily perform a great number of NLD analyses and to provide an extensive proba-

bilistic characterization of the global behaviour of existing RC buildings. The proposed 

procedure is characterized by a series of rules and equations that involve the knowledge 

of the geometrical and mechanical properties of the building. The simplified model able 

to predict the global behaviour both in the elastic and inelastic field is derived through 
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a DoFs reduction. The models produced in this way are called “uncalibrated 3D re-

duced-order models”. The main novelty of this simplified numerical model, which takes 

into account the three-dimensionality of problem, is the easiness of application by prac-

titioners without the necessity of implementing a full numerical model.  

First of all, the procedure has been applied on the previously cited sample of 

15 buildings, deriving the 3D reduced-order models and performing, on each of them, 

modal analysis and pushover analysis, in order to preliminarily assess the efficiency of 

the approach. The results of NLS analyses have shown that the pushover curves are 

similar in the elastic field, while they present differences in the post-elastic branch. The 

3D reduced-order models have been then refined, by calibrating the NL parameters of 
the models for reproducing the same NL behaviour of the full models, based on the 

pushover analyses results. At this point, a detailed investigation of the NLD response 

of the 3D reduced-order has been performed (both calibrated and uncalibrated ver-

sions), through the application of IDAs (based on the use of real accelerograms). The 

results have been compared with the ones obtained by applying the FSA approach (de-

veloped in the previous part of the research work) on the full models. The damage 

states of the buildings have been computed at different LSs, providing the fragility 

curves for each model. Lastly, the safety levels of buildings have been checked, by 

computing, for each model, the confidence levels related to the MAF of exceeding each 

LS investigated. The critical discussion of the results has shown that, in each case 

analysed, the differences between the calibrated and uncalibrated version of the 3D 

reduced-order models are negligible. This observation supports the conclusion that the 

methodology proposed is efficient and robust. Furthermore, the comparisons among 
the results have shown that the structural response of the full and simplified models 

are similar, with a comparable dispersion in the elastic field and some differences in 

the inelastic field. This trend is confirmed also by the comparison of the fragility curves. 

For the Damage LSs, the results are similar for both the methodologies. For the ultimate 

LSs, instead, for some case studies the results present slight differences. The compu-

tation of the MAF of exceeding the investigated LSs has shown that the prediction of 
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the safety level given by both modelling methods is consistent, with only small some 

differences. 

In conclusion, the proposed 3D reduced-order model presents a number of ad-

vantages: the structural response can be exhaustively investigated both in the elastic 

and inelastic field; it is possible to consider an increasing level of the seismic input via 

real accelerograms, but with a low amount of time and computational efforts; a good 

estimation of the damage states and safety levels at serviceable and ultimate LSs is 

provided.  

The future developments of this part of the research work will be the incorpo-

ration of the contribution of non-structural elements, such as infills panels, in the 3D 
reduced-order models. In addition, it is worth denoting the powerful of the methodolo-

gies proposed, considering the possibility of using these tools in the context of the 

probabilistic risk assessment analysis of the existing building stock. In fact, the use of 

3D reduced order models combined with FSA, on the one hand, can overcome the 

limitations about full MDoF models, such as the time analysis and computational efforts 

and, on the other hand, can provide results more accurate of the SDoF models, without 

convergence problems, in a seismic analysis at regional scale.  
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8. Annex A: Extended results of conventional pushover application 
 

 
Fig. A.1 – M[%]s of fundamental modes in both directions (X and Y) for models with 4 storeys. 

 

Fig. A.2 – M[%]s of fundamental modes in both directions (X and Y) for models with 6 storeys. 
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Fig. A.3 – M[%]s of fundamental modes in both directions (X and Y) for models with 8 storeys. 

 

Fig. A.4 – A-dimensional pushover curves of 4-storeys models selected, assuming CM =CN. 
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Fig. A.5 – A-dimensional pushover curves of 6-storeys models selected, assuming CM =CN. 

 
Fig. A.6 – A-dimensional pushover curves of 8-storeys models selected, assuming CM =CN. 
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Fig. A.7 – Zoom view of a-dimensional pushover curves of models selected and reported in tab. 4.2, 
considering the variation of δLS for each model to 4 storeys 

 

Fig. A.8 – Zoom view of a-dimensional pushover curves of models selected and reported in tab. 4.2, 
considering the variation of δLS for each model to 6 storeys 
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Fig. A.9 – Zoom view of a-dimensional pushover curves of models selected and reported in tab. 4.2, 
considering the variation of δLS for each model to 8 storeys 

 

Fig. A.10 – Distribution of δLS,i/δLS,CM, varying β for 4-storeys models for J. 
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Fig. A.11 – Distribution of δLS,i/δLS,CM, varying β for 6-storeys models for J. 

 

Fig. A.12 – Distribution of δLS,i/δLS,CM, varying β for 8-storeys models for J. 
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Fig. A.13 – Distribution of δLS,i/ δLS,CM, varying number of storeys, for models K 

 

Fig. A.14 – Distribution of δLS,i/ δLS,CM, varying number of storeys, for models L 
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Fig. A.15 – Distribution of δLS,i/ δLS,CM, varying number of storeys, for models M 

 

Fig. A.16 – Distribution of δLS,i/ δLS,CM, varying number of storeys, for models N 
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Fig. A.17 – Distribution of δLS,i/ δLS,CM, varying number of storeys, for models O 

 

Fig. A.17 – Distribution of δLS,i/ δLS,CM, varying number of storeys, for models S 
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Fig. A.18 –Trend of δLS,i MIN/δLS,CM and δLS,i MAX/δLS,CM, varying XTOT  for models M,L and K, with 4 storeys. 
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Fig. A.19 –Trend of δLS,i MIN/δLS,CM and δLS,i MAX/δLS,CM, varying XTOT  for models M,L and K, with 6 storeys. 
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Fig. A.20 –Trend of δLS,i MIN/δLS,CM and δLS,i MAX/δLS,CM, varying XTOT  for models M,L and K, with 8 storeys. 
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Tab. A.1 – Results of methods validation; percentage differences between FE models and for-
mulation in terms of δLS, for 4 storeys buildings 

Model β δLS,i/δLS,CM Model δLS,i/δLS,CM (eq.4.8) Variation (%) 

J 

1 0,869 0,832 8,779 

0.5 0,994 0,992 0,339 

βCM 1,000 1,000 0,000 

0 1,119 1,152 9,009 

K 

1 0,814 0,823 19,646 

0.5 0,967 0,973 3,909 

βCM 1,000 1,000 0,000 

0 1,120 1,143 9,995 

L 

1 0,820 0,828 18,895 

0.5 0,971 0,988 4,693 

βCM 1,000 1,000 0,000 

0 1,126 1,148 10,556 

M 

1 0,822 0,813 16,849 

0.5 0,975 0,973 2,425 

βCM 1,000 1,000 0,000 

0 1,128 1,133 12,237 

N 

1 0,823 0,818 16,945 

0.5 0,962 0,978 5,517 

βCM 1,000 1,000 0,000 

0 1,129 1,152 10,844 

O 

1 0,827 0,816 15,970 

0.5 0,978 0,976 1,996 

βCM 1,000 1,000 0,000 

0 1,129 1,136 12,280 

S 

1 0,894 0,832 3,714 

0.5 0,958 0,992 7,852 

βCM 1,000 1,000 0,000 

0 1,071 1,152 0,489 
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Tab. A.2 – Results of methods validation; percentage differences between FE models and for-
mulation in terms of δLS, for 6 storeys buildings 

Model β δLS,i/δLS,CM Model δLS,i/δLS,CM (eq.4.8) Variation (%) 

J 

1 0,889 0,853 7,030 

0.5 0,998 0,993 0,321 

βCM 1,000 1,000 0,000 

0 1,107 1,133 8,371 

K 

1 0,863 0,845 11,617 

0.5 0,986 0,977 0,449 

βCM 1,000 1,000 0,000 

0 1,109 1,125 9,455 

L 

1 0,857 0,850 13,506 

0.5 0,952 0,990 8,674 

βCM 1,000 1,000 0,000 

0 1,116 1,130 10,378 

M 

1 0,849 0,837 13,663 

0.5 0,980 0,977 1,675 

βCM 1,000 1,000 0,000 

0 1,111 1,117 10,575 

N 

1 0,850 0,840 13,892 

0.5 0,946 0,980 9,021 

βCM 1,000 1,000 0,000 

0 1,195 1,220 17,412 

O 

1 0,830 0,839 18,107 

0.5 0,973 0,979 3,337 

βCM 1,000 1,000 0,000 

0 1,116 1,119 11,312 

S 

1 0,916 0,853 1,443 

0.5 0,975 0,993 4,295 

βCM 1,000 1,000 0,000 

0 1,077 1,133 2,454 
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Tab. A.3 – Results of methods validation; percentage differences between FE models and for-
mulation in terms of δLS, for 8 storeys buildings 

Model β δLS,i/δLS,CM Model δLS,i/δLS,CM (eq.4.8) Variation (%) 

J 

1 0,914 0,874 4,142 

0.5 0,994 0,994 0,520 

βCM 1,000 1,000 0,000 

0 1,074 1,114 3,754 

K 

1 0,896 0,867 7,140 

0.5 0,988 0,980 0,346 

βCM 1,000 1,000 0,000 

0 1,080 1,107 5,524 

L 

1 0,882 0,871 10,566 

0.5 0,926 0,991 14,448 

βCM 1,000 1,000 0,000 

0 1,075 1,111 4,140 

M 

1 0,893 0,860 7,042 

0.5 0,982 0,980 1,633 

βCM 1,000 1,000 0,000 

0 1,071 1,100 4,357 

N 

1 0,870 0,863 12,218 

0.5 0,921 0,983 14,694 

βCM 1,000 1,000 0,000 

0 1,065 1,103 2,913 

O 

1 0,903 0,862 5,262 

0.5 0,996 0,982 0,906 

βCM 1,000 1,000 0,000 

0 1,089 1,102 7,610 

S 

1 0,970 0,874 6,903 

0.5 0,997 0,994 0,002 

βCM 1,000 1,000 0,000 

0 1,036 1,114 3,936 
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9. Annex B: Data sheets of the case studies 

 

Fig. B.1 – B2 building information 
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Fig. B.2 – B3 building information 
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Fig. B.3 – B4 building information 
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Fig. B.4 – B5 building information 
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Fig. B.5 – B6 building information 
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Fig. B.6 – B7 building information 
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Fig. B.7 – B8 building information 
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Fig. B.8 – B9 building information 
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Fig. B.9 – B10 building information 
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Fig. B.10 – B11 building information 
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Fig. B.11 – B12 building information 
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Fig. B.12 – B13 building information 
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Fig. B.13 – B14 building information 
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Fig. B.14 – B15 building information 
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10. Annex C: Extended results of FSA and SPO2FRAF application  
 

 

 

 

 
Fig. C.1 – Stripe analyses’ results and related power laws for buildings B2 and B3 
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Fig. C.2 – Stripe analyses’ results and related power laws for buildings B4 and B5 
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Fig. C.3 – Stripe analyses’ results and related power laws for buildings B6 and B7 
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Fig. C.4 – Stripe analyses’ results and related power laws for buildings B8 and B9 
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Fig. C.5 – Stripe analyses’ results and related power laws for buildings B10 and B11 
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Fig. C.6 – Stripe analyses’ results and related power laws for buildings B12 and B13 
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Fig. C.7 – Stripe analyses’ results and related power laws for buildings B4 and B15 
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Fig. C.8 – Hazard surfaces (all curves) and Hazard curve (red curve) for B2 and B3 
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Fig. C.9 – Hazard surfaces (all curves) and Hazard curve (red curve) for B4 and B5 
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Fig. C.10 – Hazard surfaces (all curves) and Hazard curve (red curve) for B6 and B7 



 399

 

 
Fig. C.11 – Hazard surfaces (all curves) and Hazard curve (red curve) for B8 and B9 
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Fig. C.12 – Hazard surfaces (all curves) and Hazard curve (red curve) for B10 and B11 
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Fig. C.13 – Hazard surfaces (all curves) and Hazard curve (red curve) for B12 and B13 
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Fig. C.14 – Hazard surfaces (all curves) and Hazard curve (red curve) for B14 and B15 
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Fig. C.15 – One-by-one comparison between the fragility curves obtained from the two meth-

odologies adopted, for B2 and B3 
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Fig. C.16 – One-by-one comparison between the fragility curves obtained from the two meth-

odologies adopted, for B4 and B5 
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Fig. C.17 – One-by-one comparison between the fragility curves obtained from the two meth-

odologies adopted, for B6 and B7 
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Fig. C.18 – One-by-one comparison between the fragility curves obtained from the two meth-
odologies adopted, for B8 and B9 
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Fig. C.19 – One-by-one comparison between the fragility curves obtained from the two meth-
odologies adopted, for B10 and B11 
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Fig. C.20 – One-by-one comparison between the fragility curves obtained from the two meth-

odologies adopted, for B12 and B13 
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Fig. C.21 – One-by-one comparison between the fragility curves obtained from the two meth-
odologies adopted, for B14 and B15 
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11. Annex D: Extended results of 3D reduced-order models applica-
tion 

 

 
Fig. D.1 – 3D reduced-order models for the buildings B2 and B3 
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Fig. D.2 – 3D reduced-order models for the buildings B4 and B5 
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Fig. D.3 – 3D reduced-order models for the buildings B6 and B7 
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Fig. D.4 – 3D reduced-order models for the buildings B8 and B9 
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Fig. D.5 – 3D reduced-order models for the buildings B10 and B11 
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Fig. D.6 – 3D reduced-order models for the buildings B12 and B13 
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Fig. D.7 – 3D reduced-order models for the buildings B14 and B15 
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Fig. D.8 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y di-

rection, for building B2 
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Fig. D.9 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y di-

rection, for building B3 
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Fig. D.10 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B4 
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Fig. D.11 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B5 
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Fig. D.12 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B6 
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Fig. D.13 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B7 
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Fig. D.14 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B8 
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Fig. D.15 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B9 
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Fig. D.16 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B10 
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Fig. D.17 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B11 
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Fig. D.18 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B12 
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Fig. D.19 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B13 
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Fig. D.20 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B14 
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Fig. D.21 – Pushover curves of full, calibrated and uncalibrated 3D reduced-order models in X and Y 

direction, for building B15 
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Fig. D.22 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 
building B2 
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Fig. D.23 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B3 
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Fig. D.24 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B4 
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Fig. D.25 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B5 



 435

 
Fig. D.26 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B6 
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Fig. D.27 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B7 
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Fig. D.28 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B8 
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Fig. D.29 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B9 
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Fig. D.30 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B10 



 440

 
Fig. D.31 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B11 
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Fig. D.32 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B12 
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Fig. D.33 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B13 
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Fig. D.34 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B14 
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Fig. D.35 – IDA on 3D reduced-order uncalibrated model vs. FSA on full model, in X and Y direction, for 

building B15 
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Fig. D.36 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B2 
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Fig. D.37 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B3 
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Fig. D.38 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B4 
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Fig. D.39 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B5 
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Fig. D.40 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B6 
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Fig. D.41 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B7 
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Fig. D.42 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B8 



 452

 
 

Fig. D.43 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 
building B9 
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Fig. D.44 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B10 
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Fig. D.45 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B11 



 455

 
Fig. D.46 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B12 
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Fig. D.47 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B13 
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Fig. D.48 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B14 
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Fig. D.49 – IDA on 3D reduced-order calibrated model vs. FSA on full model, in X and Y direction, for 

building B15 
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Fig. D.50 – Comparison of fragility curves, for each model and each LS investigated for build-

ing B2 and B3 
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Fig. D.51 – Comparison of fragility curves, for each model and each LS investigated for build-

ing B4 and B5 
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Fig. D.52 – Comparison of fragility curves, for each model and each LS investigated for build-
ing B6 and B7 
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Fig. D.53 – Comparison of fragility curves, for each model and each LS investigated for build-

ing B8 and B9 
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Fig. D.54 – Comparison of fragility curves, for each model and each LS investigated for build-

ing B10 and B11 
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Fig. D.55 – Comparison of fragility curves, for each model and each LS investigated for build-
ing B12 and B13 
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Fig. D.56 – Comparison of fragility curves, for each model and each LS investigated for build-

ing B14 and B15 
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12. Annex E: Extended results of FSA and SPO2FRAG methods, ac-
counting for shear mechanisms 

 

 

Fig E.1 - Pushover curves of all buildings in the two main direction, with shear indication 
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Tab. E.1 – Values of EDP, in terms of θi estimated from pushover analyses, accounting for shear mech-

anisms  

Building 
X direction  Y direction 

LSLS  
 max θi [%] 

NCLS  
 max θi [%]  LSLS  

 max θi [%] 
NCLS  

 max θi [%] 

B1 0.25 0.440  0.210 0.430 

B2 0.299 0.547  0.350 0.557 

B3 0.26 0.320  0.240 0.310 

B4 0.46 0.570  0.510 0.697 

B5 0.594 0.684  0.620 0.754 

B6 0.548 0.647  0.590 0.672 

B7 0.564 0.641  0.593 0.657 

B8 0.578 0.621  0.591 0.639 

B9 0.581 0.609  0.478 0.521 

B10 0.417 0.550  0.472 0.543 

B11 0.513 0.573  0.501 0.545 

B12 0.524 0.545  0.526 0.550 

B13 0.512 0.593  0.550 0.631 

B14 0.210 0.313  0.298 0.372 

B15 0.630 0.790  0.570 0.690 
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Fig. E.2 – One-by-one comparison between the fragility curves obtained from the two methodologies 

adopted, for B1 and B2, accounting for the shear mechanisms 
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Fig. E.3 – One-by-one comparison between the fragility curves obtained from the two methodologies 

adopted, for B3 and B4, accounting for the shear mechanisms 
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Fig. E.4 – One-by-one comparison between the fragility curves obtained from the two methodologies 

adopted, for B5 and B6, accounting for the shear mechanisms 
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Fig. E.5 – One-by-one comparison between the fragility curves obtained from the two methodologies 

adopted, for B7 and B8, accounting for the shear mechanisms 
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Fig. E.6 – One-by-one comparison between the fragility curves obtained from the two methodologies 

adopted, for B9 and B10, accounting for the shear mechanisms 



 473

 

 
Fig. E.7 – One-by-one comparison between the fragility curves obtained from the two methodologies 

adopted, for B11 and B12, accounting for the shear mechanisms 
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Fig. E.8 – One-by-one comparison between the fragility curves obtained from the two methodologies 

adopted, for B13 and B14, accounting for the shear mechanisms 
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Fig. E.9 – One-by-one comparison between the fragility curves obtained from the two meth-

odologies adopted, for B15, accounting for the shear mechanisms 
 

Tab. E.2 – Regional fragility curves features, in terms of μreg and βreg, accounting for shear 

mechanisms 

Regional 
fragility 
curves 

SPO2FRAG  FSA 

LSLS NCLS  LSLS NCLS 

μreg 0.4543 0.5328  0.3513 0.4146 

βreg 0.3504 0.372  0.4341 0.434 

 
 
 
 
 
 
 
 



 476

 

 
Fig. E.10 - Regional fragility curves for the LSLS, from FSA and SPO2FRAG, accounting for shear 

mechanisms  
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Fig. E.11 - Regional fragility curves for the NCLS, from FSA and SPO2FRAG, accounting for shear 

mechanisms  
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13. Annex F: Extended results of 3D reduced-order models methods, 
accounting for shear mechanisms 

 

 
Fig. F.1 – Comparison of fragility curves, for each model and each LS investigated for B1 and B2, ac-

counting for shear mechanisms 
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Fig. F.2 – Comparison of fragility curves, for each model and each LS investigated for B3 and B4, ac-

counting for shear mechanisms 
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Fig. F.3 – Comparison of fragility curves, for each model and each LS investigated for B5 and B6, ac-

counting for shear mechanisms 
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Fig. F.4 – Comparison of fragility curves, for each model and each LS investigated for B7 and B8, ac-

counting for shear mechanisms 
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Fig. F.5 – Comparison of fragility curves, for each model and each LS investigated for B9 and B10, ac-

counting for shear mechanisms 



 483

 
Fig. F.6 – Comparison of fragility curves, for each model and each LS investigated for B11 and B12, 

accounting for shear mechanisms 
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Fig. F.7 – Comparison of fragility curves, for each model and each LS investigated for B13 and B14, 

accounting for shear mechanisms 
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Fig. F.8 – Comparison of fragility curves, for each model and each LS investigated for B15, accounting 
for shear mechanisms 
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